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Foundation Dralnage Performance at Gordon Dam

S. GIUDIC!
Saction Englneer, Structures Sectlon, Hydro-Elsegtric Commission, Tasmanla
R. H. W. BARNETT
Englnesr-in-Charge, Safety of Dams Unit, Hydro-Electrie Commission, Tasmania

SUMMARY
briefly described,

In this papey, the drainage and plezometric aystems of the 140 m high Gordon arch dam are
Experience in the operation of the relevant instrumentatfon, which included redrilling

and duplication of a defective plezometer and extension of the coverage, is discussed with a view to

improvements in the philosophy of the plezometric instrumentation of arch dams.
piezometers especifally to monitor the efficlency of drainage systems is demonstrated.

The value of installing
Use of a few

key piezometers for interrogative and routine telemetering is explained,
The general picture of the distribution of interstitial fluid pressures in the foundation

rock emerging from the results as the reservoir water lLevel slowly rose is presented,

Some comparisons

are made of pore pressures cbserved with the corresponding values assumed in design calculations.

1 INTRODUCTION

Gordon Pam is a 140 m high, double curvature arch
dam constxucted on the Gordon River, in the south-
west of Tasmania. Impoundment of water began in
April 1974, the reservoir taking almest four years
to reach a level close to full supply level at
which it has remained sensibly constant for more
than a year, (TFig. 4).

Provision was made during the design stage for
monitoring the leakage flow through the foundation
and for measuring of water pressures in selected
areas of the abutments. Preliminary results were
reported by Mitchell (1976), Five years of
measurements now exist, This paper raports the
findings, and discusses the behaviour of the drain-
age and plezometric system, including measures
which were adopted to ensure that excessive pres-
sure indications on one abutment were properly in-
vestigated,

2 DRATNAGE AND GROUTING SYSTEM

The dam is located in a narrow gorge of intensely
folded rocks of Precambrian age. The rock sequence
consists of fairly massively foliated quartzites
containing thin interfoliated lenses of schistose
chloritic and micaceous materials. Drill hole and
adit investigation on the site revealed that the
rock structure was generally very watertight, even
where there was tectonic jointing, Water presgure
testing in drill holes showed that water lossas
were confined to joints intersected by the drili-
ing. The flow situation in the abutments could not
therefore be considered homogeneous, and corse-
quently the drainage and grouting system had to
accord with the probability that most of the water
which seeped through the rock around the dam

would be confined to discrete joints,

Allen (1971) discusses the philosophy of drainage

and grouting curtain location, and indicates the per-
colation pressure distributions which were used in
the stability analysis. The positions of the drain
and grout curtains are shown on Fig, 1, which

also shows In diagrammatic form the distributions

of pressure used for the stability analyses,

2.1 Drain Cuxrtain

Drainage for the dam abutments was achieved by a
series of adits about 30 m apart in elevation,
oriented in the general direction implied in Fig.l.
Fig, 2 shows the layout, with a series of 75 mm
holes at &4 m spacing on the left abutment and 6 m on
the right, drilled from one adit to the next below.
in the area between the top-most adit and the

crest of the dam, holes were drilled upwards

in the same general plane as the holes below,
Similarly, in the lowest adits, holes were drilled
from the invert to levels below the dam, Around
the base of the dam, a network of about 34 holes
collared near the downstream toe was sunk to
intersect known faults and joints, Advantage was
taken of & second stage diversion cpening in the
dam, ot foundation level near the right abutment,
to drill a fan of holes underneath the dam. Water
from these was piped to the downstream side when
the opening was backfilled,

In contrast to the situation with gravity dams,
drains in steep abutments such as exist at Gordon
Dam can be made free dralning from adit to adit,
Within the plane of the adits the drill holes were
generally oriented to intersect the principal
joiats, which, as mentioned above, would be the
main water carrviers,

In a typical adit, water entering from holes above
is collected in a side drain and measured by V-notch
weir before it is dropped to the adit next below.

In the valley floor, a small concrete flume collects
the drainage from the toe holes and 2 Ve-notch weir
is again used to measure the leakage. Any strong
individual leaks jinto a drainage adit can be moni-
tored in addition to the measurement of total leak-
age,

2.2

Because of the position of the grout curtain in re-
lation to the drainage curtain, drilling for the
injection holes was done from upstream chambers at
the ends of the drainage adita. Fans of holes were
drilled giving a linked net covering the abutments
effectively half the dam's height (locally) beyond
the arch contact., In the valley floor, the grout
curtain was vertical and drilled immediately up-
stream of the dam,

Grout Curtain



3 PIEZOMETERS
3.1

For monitoring pore pressures in the abutments,

31 plezometers were initially inatalled in the left
abutment and 3 on the right. The preponderance of
installations on the left abutment reflects the
findinga of the exploratory drilling and aditing,
which revealed many more water bearing joints on the
left than on the right. The object of the piezo-
meter installation was to provide a quantitative
basis for regular review of the affectiveness of the
drainage system in controlling the pore prassures

in the abutments, Piezometer location {shown in Fig.
3) was designed to give a spread of measurement
sufficient to allow a comparison to be made be-
tween the measured and expected pressures, Carlson-
type electrical resistance piezometers (supplied by
Kyowa) wers installed im drill holes, the stages of
which were pressure-tested and lengthened until the
water loss reached a value of 0,022 1/a/MPa in the
stage. 1t was consgidered necessary to do thias be-
cause of the general water-tightness, especially on
the right abutment,

Piezometer arrangement

U=h r Drains U=0-3h
Design Gradients:
(a)Normal
u {b)Maximum
0

DISTRIBUTION OF PERCOLATION PRESSURE (LD
ALONG LINE X-X

Location of U=0 line
assumed for maximum
percolation pressure

HORIZONTAL SECTION

A. Grout Curtain,

B. Drainage Curtain.
C. Tensile Crack.

D. Natural Surface.
h. Reservoir Head.

Figure 1 Design pore pressuxes (after Allem (1971))
3.2

Seven piezometer locatlons (six on the left, one on
the right, shown ringed in Fig. 3) were chosen for
remote monitoring, via a telemetry system, which also
monitors twenty other instruments in the dam, It has
been possible to telemeter for monitoring at very
little cost, as a by-product of the remote control
system for the nearby power station,

Telemetering
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1. Dradnego curtaln, & Upatreem {oundation contact.
2. Draln hole, 6. Downstream foundation contect.
3 Drainage adit '

7. Diversion tunnel,

4, Grouting chamber, 8 Feult.

Figure 2 Drainage curtain layout

All the above Ilnstruments are continuously scanned
and updated to a digital encoding unit near the top
of the dam, This update i1s Interrogated from Hobart
automatically every thirty minutes, and transmitted
to 2 diasplay screen(in Hobart). The duty operator
can call for a primt-out at any time, day or night,

NOTE: :
Ringed locations chosen for telematering.

LEGEND:

Valley section showing adits.

Typical saction betwaen adits, as on B~B.
Piszometer locations (schematic).

Adits uesd as drainage gallaries.

Plane of drains batwaen adits.

mooOm>

Figure 3 Plezometer location



4 PERFORMANCE

4,1 Leakage Measured

Fig. 4 gilves a chronological picture of the leak-
age in variocus parts of the dam since filling of
the reservoir began.

It can be seen that leakages have generally in-
creased with lake level and stabilised at the
attainment of Full Supply Level. It is also
evident that the relative watertightness of each
major section of the foundation can be assessed
from information such as that presented in Fig. 4
and Fig. 7.

FLOWHEAD 1
& NESL_Y
|/minf- m eSS
150 1 300 ’//,/’ e
100 |L.250
50,200
|
L “ §
0100 J
1874 1875 1876 1977 1978 187
LEGEND
A. Resarvoir Level
B. Loakage, Left Abutment S.L.189
C. Loakaga, Left Abutment SL.202
D. Leaksge, Right Abutment 5L.232
E. Leakage, Right Abutment S.L.203 & 213
Figure 4 Typiczl leakage histories
4,2 Maintenance Problems

For the leakage results to have the same meaning
in ensuing years as they do in the initial years
of operation, it is necessary that a formal in-
spection procedure be utilized, which can, on a
regular basis, give definitiwve reports about the
state of maintenance of the system. We have
instituted such a programme, and we find, for
example, that even 75 mm vertical drain holes do
become blocked occasionally, that V-notch weirs
and their approaches need regular cleaning and
that holes driven below the base of the dam become
blocked. The sources of blockages were found to
be as follows:

4,2,1 For the vertical drain holes, subsequent
construction activity in the adits resulted in
some construction materials finding their way into
the holes. Also, displacement of some small rocks
associated with joints crossed during drilling may
be a contributory cause.

2-3

4,2.2 Some holes draining the base of the dam be-
came clogged with calcium carborate granules and
encrustations., This was especially true of holes
draining a known fault area which had been cement-
grouted.

4.2.3 A gelatinous organic substance (of the na-
ture of slime or yeast) formed at joints and shear
zones carrying water. Growth seems more prolific

in shear zones containing sand and vock chips,
perhaps because of the greater surface area per unit
volume of wetted rock. This made 2 thick (100 mm)
covering over some surfaces and blocked V-notch
weirs. Colour varies from red through brown to
black depending presumably on the relative iron

and manganese contents. t

4.3 Remedies for the Blockages

4.3.1  TFor the vertical drain holes, jetting with
water and rodding managed to clean them, and regu-
lar inspection makes sure that they are kept clean.
It would be possible (as a last resort) to redrill
or ream the holes from the galleries, becauge the
adit size was made sufficiently large to allow a
drilling rig to operate in them.

4.3.2 At the base of the dam, access for a drill
rig was quite easy, by way of a haulage-way down
the left abutment, but it was found that the per-
cussion drilled holes could not, because of thelr
winding nature, be redrilled. It was necessary to
drill new holes to re-establish drainage paths
which had been lost.

4.3.3 The rate of formation of the metalliferous
slimes seems te be decreasing in recent years, but
it 1s still necessary to remove them from a few
locations where they reach the collector drains
which run along the adit fleors to the V-notches.
4.4 Piezometric Measurements

0f the 34 piezometers initially installed, 32 are
still operational and 8 additional instruments {see
4.4.2 and 4.4.3) have been installed. Generally
speaking, the pore pressure picture they indicate
for the abutments and base is guite ¢lear and con~
firms that the pore pressure assumptions made in
design are on the safe side both in magnitude of
pressure and in extent of foundation under such
pressure (Fig., 7).

Several piezometers are purporting to record nega-

tive head. Assuming they have not developed faults
this means the water table has dropped below them.

Once suction is broken the piezometers can no long-
er follow the water table down,

4,4.1

Fig. 5 shows, for the left abutment, the pressures
measured by three groups of pierzometers as func-
tions o¢f time. One group is chosen near the bot—
tom of the reserveir, one ahbout a third from the
bottom, and one about a third from the top. The
labels A, B and C for each group refer to piezo-
meter locations upstream of the drain curtain, at
the drain curtain and downstream of the drain cur-
tain respectively. Instruments at locations B and
C show an essentially constant and low plezometric
head, indicating that the drainage curtain is work-
ing and that high pressure water is not present
downstream of it. Instruments A initially show a
rise of pressure with the lake rise and then a
generally constant pressure as the rate of rise of
the lake has decreased. This accords with their

Leftr abutment



position between the source of head and the drain-
age curtain, The pattern is similar to that of
data presented by Casagrande {1961).

@

£a

Vi
7 8

|
!
j

Figure 5 Typical L.A. plezometer records

4.4.2 Right abutment

For the right abutment, Fig. 6 shows a similar plot
using the one set of piezometers initially install-
ed, together with a replacement for a defective
instrument.

At the draipage curtain, the plezometric head re-
mained constant and low as the lake was rising, but
at the instrument downstream of the curtain a pres-
sure indication almost equal to that of the upstream
instrument was copnsistently presented. Since there
was no flrm reason to disregard the instrument, and
because the lack of instruments above and below

it did not allow us corroborative evidence for or
against the existence of a downstream pressure zone,
we decided to drill some more holes into the zoume in
question. We could not be sure that a discrete
joint was not carrying water past the drain curtain,
or that water from above was not being trapped

to the height implied.

During December 1976 and January 1977 eight diamond
drill holes were placed in the right abutment,
collared at the entrance to the drainage gallery at
S.L. 231.70 m, where sufficient room fox siting
the drilling rig existed. Five of the holes were
meant to augment the drainage, three being in the
drain curtain plane and two approximately 10 w
downstream of the drain curtain. Their orlenta-
tion was chosen to intersect possible water bearing
joints. The three remaining holes were positioned
for installing piezometers to give a vertical
coverage of about 35 m {between S.L. 225 m and

260 m) at a position 15 m downstream of the drain
curtain.

Only two of the five drainage holes intercepted
water sources. One of the three into the drain
curtain leaked about (.5 litre/minute, while one
of the downstream holes had a "dripping" leakage
too small to measure. Water from the first hole
is consistent with supply to the area where high
pressure was recorded.
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A. Upstream of plane of dralns.

Figure 6 Right abutment plezometer data

The original plezometer registering the high down-
stream pressure became defective during drilling
operations and this casts some doubt on the
validity of its earlier record. Three piezometers
were successfully installed and their readings
{e.g. E on Fig. 6, which specifically replaces C}
show that no high pressures have been recorded
since.

4.4.3

The piezometers installed recently (1977) at the
base of the dam are included in the general

picture of Flg. 7. They monitor the effects of

toe drains and faults in the river bed areas {(and
incidentally complement information from other
sources such as rock deformation meters and V-notch
weirs). Over their periled of observation they have
shown the same degree of stability as those plotted
in ®lg. 5.

Base of dam

4.4.4 Pipzometric gradients

Information collected from the plezometers allows
us to make some statements about the gradients of
pressure, both in a horizontal section and between
drainage adits, (see Figs, 7 and 8). A system of
equipotentials can be constructed for a suiltably
chosen surface as an aid to interpolaticn between
the plezometers.

The elevation in Fig. 7 is a projection on to a
vertical plane of a curved and sloping section
through either abutment and the base just behind
the arch contact.

The plezometers are projected, In accordance with
their positions in the flow path, on to contours
of the surface at their respective installation
levels (see plan view in Fig. 7). It can be seen
that the drainage curtain is holding the piezo-
metric head below the maximum limits assumed in
design for abutment stability analyses. These
limits are indlcated in Fig. 1 and Fig. 7. Since
there is no firm measure of the negative head near
a negative reading piezometer, the equipotentials
have been located as if such plezometers were
reading zero excess pressure.



Water represented as flowing down from above the

. . lake surface level is from local run-off hi her
ents: &
310 : ACtua]_Gradl nt up on the abutment. The adits may be considered
3007 : —(a)nght Abut. to be normal to the elevation on {-X, at the
/ (b}Left Abut. drainage curtain.
/ Design Gradients: It would appear that the drainage and piezometer
~(a)Normal systems have intersected enough discrete joints

in the otherwise impermeable rock mass to make
such a representation realistic and useful.

There was some discussion at the design stage of
an appropriate drain spacing. The observed values
of pore pressure plotted in Fig. 8 as curve B

. o (i,e. 0.041, 0.105, 0.043 MPa) are well below their
TYPICAL PIEZOMETRIC SURFACE: AT Y~Y "0,3 h" design equivalents (0,24, 0.26, 0.28 WPa).
,@ SL. This indicates that the inter-drain pressures are
‘._..(\/ m adequately controlled with the chosen 4 m spacing
' 310 .310 for the left abutment, giving a fair margin for
f : 300 the effects of occasional blockages. The influence
H —?'p'? h of the proximity to the adits is clearly shown.
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D. Drainage adits,
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PLAN (AS AT YHY) F. Schematic manometers.
A. Grout Curtain G, Piezometer lacations.
B. Drainage Curtain H. Level in metres.
C. Equipotentials (Hydro-iso-baths)
D. Selected Implied Flow Lines
E. Left Abutment Piezomsters ) .
F. Equivalentiy located R.A. Piezometers Figure 8 Pore pressures between drains

No similar piezometric check between right abut-
ment drain holes, which are at about 5 m spacing
measured perpendicular to the hole direction, is
at present available. Because of a feeling of
confidence in the right abutment stability which
developed during the latter stages of design, even
some piezometers appearing on 1974 revisjons of
the right abutment drawings were omitted.

Figure 7 Record of all 40 piezometers, 29-8-78

The pattern of the dotted lines drawn at right
angles to the equipotentials gives a general
impression of the effeect of the drainage curtain
on abutment ground water movement.
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5 CONCLUSIONS

Based on plezometer readings obtained to date, we
conclude that the drainage system at Gordon Dam
is effective, As Terzaghi has implied (Casagrande
(1961)) we can never lmow how much leakage the
grouting has preventéd, but a grout curtain should
prevent major piping.

Our experience at Gordon Dam vindicates the advice
(ibid) that as well as a regular flow check on
drainage facilities, a piezometrie check must also
be kept to ensure that a drop in flow rate is not
accompanied by dangerous rises in preassure profiles,

Our maintenance programme has revealed that if one
may have to clear or ream drain holes by drilling,
then it is advisable for them to be diamond drill

holes initially.

Piezometric measurements are important for indica-
ting the current state of interstitial pressures
in the foundations. Based on a regular flow of
data, the plots can be used for making informed
decisions about remedial action which might become
necessary from time to time,

When designing plezometer installations for an
arch dam, due regard must be given to the three-
dimensional nature of the foundations, in order
that anomalies in the readings might be assessed
in the three dimensional context, This ia the
lesson to be learned from the drilling on the
right abutment, which was done because of the
absence of piezometers above and below the
indicated high pressure location,
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We belleve that a tightly supervised inspection and
maintenance programme with regular and comprehensive
reporting is necessary for important hydraulic struc-
tures such as arch dams., Reliable records must be
kept not only for total leakage, but for individual
holes, adits, and so on, These should be included in
the long-term recoxrd in order that a comprehensive
pleture of foundation pressures and percolations
might be built up for any chosen time span,
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The Hazard of Lahars to the Tongariro Power Development,

Wew Zealand

. B. R. PATERSON
Enginearing Geologlst, Geologlcal Survey, Department of Scientiflc and Industrial Rsearch, N.Z.

SUMMARY The Tongariro hydro-electric scheme intercepts a number of rivers which drain
two active volcances and diverts them into rivers and natural lakes renowned for trout

fishing,

One of the active volcanoes, Ruapehu, is subject to unpredictable eruptions of

its crater lake, during which lahars or volcanic mudflows are generated in several of the

main valleys.

As the chemical waters from the crater lake are toxic to fish, a lahar

protection system was installed to prevent the spread of volcanic contamination into

waters normally unaffected by these eruptions.

This system also prevents volcanic debris

from silting the power scheme waterways and reservoirs.

The lahar protection system was designed to cope with eruptions of the size that occurred
in 1969, but proved to be inadequate for the 1975 eruption which was several times

greater,

Data obtained from the 1975 eruption have been utilized to upgrade the original

lahar protection system and extend it inteo areas previously thought to be free from risk.
The 1975 eruption also demonstrated the serious hazard of future eruptions to public
safety as well as to the fisheries and the power scheme.

1 INTRODUCTION

The Tongarireo hydro-electric power scheme
1s located in the centre of the North
Island of New Zealand. It involves the
interception and diversion of numerous
streams and rivers into Lake Taupo through
4 complex system of intakes, dams, canals
and tunnels.

Most of the streams intercepted rise on the
slopes of three active wvolcanoces - Ruapehu,
Ngauruhoe and Tongariro - each of which
have erupted ash and lava in historic time.
In addition Ruapehu has produced lahars or
volcanic mudflows which are generated by
the sudden release of highly acidic water
from Crater Lake (Fig. 1), either by
collapse of the crater wall (1953}, or by
eruption (1969 and 197%). The resulting
floods of water and volcanic debris which
travel down existing valleys pose a serious
threat to power scheme installations as
well as ‘to public safety,

The lahar on 2l December 1953 swept away a
railway bridge spanning the Whangaehu
River, resulting in a train disaster with
the loss of 151 lives (Healy 1954). Lahars
on 22 June 1969 and 24 April 1975 damaged
skifield installations on the upper slopes
of Ruapehu and probably would have killed a
number of people had the eruptions occurred
when the skifield was crowded (Healy et al
1978), The 1975 eruption also flooded one
of the power development tunnels where a
group of tunnellers were lucky to escape
with their lives,

Lahars are also capable of blocking power
scheme waterways, causing siltation in
reservoirs and damaging bridges. In
addition, because several natural lakes and
rivers utilized by the power scheme are

important trout fisheries, accidental
diversion of toxic lahar material could
have a serious effect on fish life and the
local tourist industry. A lzhar protection
system therefore has the dual purpose of
protecting both the fisheries and the power
scheme installations.

Ruapehu Crater Lake after a minor

Fig. 1
eruption on April 27, 1975. Note
the Whangaehu R outlet in lower
centre.

In this paper the effects of the 1975
eruption on the power scheme are described,
and data from major erupticns are utilized
to delineate areas of greatest risk and
devise an effective lahar protection
system. The risk of similar future
eruptions is assessed from previous re-
corded activity, and hydrological data is
used to determine lahar velocities and
volumes,
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2 TONGARTRO POWER SCHEME

The Tongarirc power scheme collects water
from a number of rivers which flow west and
south from the volcances and diverts it
northwards inte Lake Taupo (Fig. 2). The
water is utilized for power generation at
the Rangipo {120 MW) and Tokaanu (200 MW}
power stations, and in addition, the in-
creased outflow from Lake Taupo raises the
output from eight hydro-electric stations
along the Waikato River (McCreight 1973).

The scheme can be subdivided into four
sections as shown in Fig, 2. DBecause a
large number of catchments are involved,
environmental aspects required careful in-~
vestigation to minimise possible harmful
effects. Special provisions were in-
corporated into the design to preserve well
known trout fisheries such as the Tongariro
River and Lakes Rotoaira amd Taupo. This
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entalled protection of important spawning
streams and construction of special
structures designed to prevent fish
migration between catchments. Also the
Whangaehu River which is the natural out-
let of Ruapehu's crater lake was not in-
corporated in the power scheme because of
the harmful effects the acid water would
have on aguatic life. Because of the
extent of ‘these measures to protect the
fisheries, it is logical that additional
steps should be taken to prevent the
spread of volcanic contamination between
catchments during periodic lahar
eruptions.

During investigation of the power scheme
it was known that eruptions of lava and
ash could be expected from Ruapehu and
Ngauruhoe, but apart from minor siltation
these were not considered to be a serious
threat to the operation of the power



scheme., It was recognized that lahars from
Ruapehu were the greatest volcanic hazard
to public safety in the area, but their
threat to the power scheme was not realised
until the eruption in 1969, after con-
struction had commenced.

3 LAHARS FROM THE 197% RUAPEHU ERUPTION

The main eruption of Ruapehu Crater Lake
occurred on 24 April 1975 at 3:59 a.m.
Heavy rain prevented any observation of the
eruption. Ash deposits covered the summit
area and fell in a narrow strip extending
at least 115 km sguth-east of the volcano.
At least 1.6 x 105 m3 of Crater Lake water,
lake floor deposits and blocks of hot rock
were erupted onto the summit area,
generating large lahars in several main
valleys draining the volcano. The eruption
resulted in an 8 m drop in lake level which
repres%nt% 23% of the total lake volume of
7 x 10 from lake bathymetry. Details
of the eruption are described by Nairn et
al (1979) .

On the upper slopes damage caused by the
blast of the eruption and the impact of hot
blocks of rock was limited to destruction
of geophysical equipment and shelter huts.
Most of ‘the destruction was caused by
lahars in the Whakapapa, Mangaturuturu and
Whangaehu valleys and their main rivers
downstream (Fig. 2)y

3.1 Whakapapa Lahar

Lahars travelled down both tributaries of
the Whakapapa River which meet 2.5 km up-
stream of the Whakapapa intake structure.
In the headwaters, skifield installations
and a refreshment kiosk were damaged, and
further downstream within the Tongariro
National Park two small suspension bridges
were swept away. Near the Whakapapa
Village a road bridge spanning the
Whakapapanui River sustained slight damage
when it was overtopped by the lahar.

At the Whakapapa intake, despite the in-
stallation of lahar detectors, a large
volume of debris entered the tunnel and
was deposited throughout its length. At
the northern end of the tunnel, sediment
and contaminated water flowed into the
small Te Whaiau reservoir where it was
spilled down the headwaters of the
Wanganui River by emergency closure of the
intake gate to the Wairehu canal (Fig. 2).
This action averted the spread of con-
taminants into Lake Rotoaira and Lake
Taupo but threatened the recently
established fishery in Lakes Te Whalau and
Otamangakau.

Following the 1969 Ruapehu eruption when
serious fish losses occurred in the
VWhakapapa and Wanganul Rivers, an in-
vestigation was carried out to determine
the effects on fish life if contaminants
from future eruptions were inadvertently
diverted into Lakes Roteaira and Taupo
once the Western Diversions came into
operation. Recommendations were made to
install a lahar detector upstream of the
Whakapapa intake to automatically close
the tunnel gates before a lshar arrived,
thereby preventing the spread of con-

tamination (Paterson 1972). However
because the conductivity probes were in-
stalled on the intake structure - not up-
stream as recommended - and a number of
faults and deficiencies developed during
the operation of the lahar protection
system, a detailed study of the 1975
eruption was instigated with the view to
upgrading the existing systenm.

3.2 Mangaturuturu Lahar

The lahar in the upper Mangaturuturu valley
was highly erosive judging by the scouring
of the wvalley floor, overtopping of spurs
up to 8 m high, and the surging effects at
river bends, Scouring and deposition
altered the riverbed profile at the SHLY
and main trunk railway bridges causing
concern over the long term stability of
these structures.

3.3 Vhangaehu Lahar

The Whangaehu lahar was the largest from
the eruption and was also highly erosive
in the upper reaches of the valley.
However, because of the remoteness of the
area there was no property damage,

At the Wahianoa aqueduct the Whangaehu
River changes from a wide floodplain up-
stream to a narrow incised valley. This
constriction caused ponding of the lahar,
and flooding of the aqueduct on either side
of the river, The lahar flowed 0.6 km
westwards along the agqueduct excavation to
a stream-bed intake where it gained entry
to the aqueduct pipeline below and filled
it with debris over a length of 1.9 km.

View looking west along Wahianca
aqueduct showing level of lahar,
and flooded tunnel portal in fore-
ground,

Fig. 3



East of the river the lahar flcoded the
large agueduct trench and buried the
western portal of the Mangaio tunnel (Fig.
3). The material drained through the
tunnel and emerged from the eastern portal
where it flooded the portal establishment
and spilled inte the Mangaio Stream. The
flow Jjoined the Moawhango River upstream of
the Moawhango dam and continued downstream
where it eventually reached the Rangitikei
River.

At the aqueduct a lahar warning system had
been installed to protect workmen engaged
in extending the pipeline beneath the
Whangaehu River. The warning system was
first installed in 1973 when high Crater
lake temperatures were recorded, in-
dicating a high risk of eruption and
possibie lahars in the Whangaehu valley.
A fail-safe water level recorder was in-
stalled in the river upstream from the
aqueduct which was designed to trigger an
alarm at the construction site in the
event of a lahar.

Although there were no eruptions during
this period, the warning system was re-
tained while construction continued in the
western section of the Mangaio tunnel.
When the 1975 eruption occurred the
warning system was still in operation but
had not been extended inte the eastern
tunnel section where tunnel work was being
carried out at the time. Fortuitously the
ftunnellers were having a meal break out-
side when ‘the lahar arrived and therefore
escaped injury. Because there was no one
working at the western end of the tunnel it
is not known whether the warning system
operated as planned.

Immediately downstream of the agueduct the
lahar completely filled the narrow river
channel to approximately 6.5 m above normal
river level, and overtopped the decking of
a Bailey bridge. Approximately 5 km
further downstream the New Zealand Railway
Department had installed a flood warning
device which is located in the river-bed

11 km upstream of the Tangiwai railway
bridge. This structure was installed after
the railway disaster in 1953 and consists
of a robust concrete tower which houses a
series of paired electrodes at staged
heights (Fig. }). It is linked by a land
line to the Waiouru and Ohakune railway
stations (located on either side of the
Tapgiwai railway bridge) where audible
alarms are triggered in the event of a
lahar, and a visual display indicates the
height of the 1lshar. Approaching rail
traffic is then delayed until the railway
bridge is inspected and declared safe
{pers, comm. L.I.D. Jamieson, N.Z. Railways
Dept. ).

The alarms were triggered in the railway
stations 60 minutes after the 1975
eruption, and the visual display showed the
lahar had reached level |, on the 5 stage
scale. Later inspection revealed that the
lahar had overtopped the tower; by com-
parison the lahar from the 1969 eruption
failed to reach level 1 on the same scale,

At Tangiwai both railway and SHY9 bridges
were undamaged by the lahar, but during the
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peak flow the road bridge - a recent
concrete structure - vibrated alarmingly as
large boulders carried in suspension hit
the piers. A small wooden farm bridge
spanning the Whangaehu River 6.5 km down-
stream from Tangiwal was swept away, and
10 km further downstream another bridge was
overtopped and slightly damaged. In this
area there were reports from residents
living near the river of ground vibration
gimilar to an earthquake during the peak
low.

Pig. 4} N.Z. Railways Dept. lahar warning
tower in the Whangaehu R.

i LAHAR VELOCITIES AND VOLUMES

Automatic water level recorders registered
the arrival times and stage heights of
lahars from the 1969 and 1975 eruptions
from which velocities and volumes were com=-
puted. Because the recorder sites are
either near the base of the volcano or
further downstream, no accurate hydro-
logical data are available for the upper
reaches where the velocities were greatest.

Lahars have a distinctive hydrograph peak
which can be distinguished from those
generated by rainfall (Fig. 5). Although
1t was raining when the 1975 eruption
occurred, it was possible to differentiate
the portions of the hydrographs attributed
to rainfall and the lahars by analysis of
ralnfall data, and compariscn with hydro-
graphs of other rivers in the area un-
affggted by the eruption (Page and Paterson
1976).

The success of a lahar warning system re-
lies on an adequate knowledge of the
behaviour of lahars in different sections
of the valleys, Calculated lahar
velocities and volumes from recent Ruapehu
eruptions are given in Table I, Lahar
velocities depend on the nature and
gradient of the channel as well as the
viscosity and volume of the lahars. The
highest average velocity recorded was
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8 m/sec for the first 22.1 km section of
the Whangeehu lahar, although the actual
velocities of the three main lahars in the
first 5 km or so downstream from Crater
Lake must have been considerably greater.
The Whakapapanui lahar from the 1969
eruption was very viscous and achieved an
average velocity of only 4.6 m/sec for the
first 13,2 km (Healy et al 1978), whereas
the Whakapapaiti lahar from the same
eruption which was larger and less viscous
had an average velocity of 4.0 m/sec for
the first 27.9 km (Paterson 1972).

In the Whangaehu valley at Kariei (57.1 km
downstream of Crater Lake) a2 water level
recorder was operating during the period
30-10-62 *to 5-1-72 during which numerous
surges attributed to minor Crater Lake

4
eruptions were recorded (Table I). The
velocities of these flows were obtained by
comparing the seismological record of
Ruapehu %pers. comm. J.H. Latter, D.S.I.R.
Geophysics Div.) with the hydrological
record (pers. comm. C.E. Page, M.W.D.
Hydrological Surveys). In general the
velocities of these flows (0.9 - 3.2 m/sec)
are considerably less than the 1975 iahar
(5.6 m/sec). According to Healy (1954} the
average velocity of the 1953 isghar between
Crater Lake and Tangiwai was 5.2 m/sec com-
pared with 6.4 m/sec for the 1975 lazhar
over the same reach. -

Comparison of peak discharge levels near
the Tangiwai road and railway bridges of
the 1953 and 197% Whangaehu lahars showed )
the former to be greater (Page and Paterson
1976), However Judging by a 7.9 m drop in
lake level in 1953 (Turner 1954), a total
volume of 1.9 x 1060 m3 was released down
the Whangaehu River which is only gli%htly
larger than the volume of 1.8 x 100 m2 cal-
culated for the 1975 Whangaehu lshar. In
1953 the lake water was not released in-
stantly {(Turner 1954) which would have
effectively lowered the peak discharge com-
pared with that from an eruption. This
factor was probably more than compensated
for by debris accumulated during its
passage downstream, whereas the 1975 lahar
volume takes this factor into account.

Nairn et al (1979) recorded an & m drop in
lake level following the 1975 eruption
which ingicates an apparent volume loss of
1.6 x 10° m3, The latter is only about
half the total lahar volume of 3.3 x 106 m3
calculated from hydrological data, which
suggests that the accumulation of debris
from the river beds is a significant facton
This view is substantiated by the scouring
of the river-beds in the headwaters, and

TABLE T

LAHAR VOLUMES AND VELOCITIES FROM RUAPEHU CRATER LAKE ERUPTIONS

Water-level Distance from Date of Lahar Lahar Average
recorder Crater Lake eruption volume velocit channel
sites (km) {(m3) (m/sec slope
Whakapapa at 22. 6.69 117,000 1.0 1113
Footbridge 24.9 2. 4.7% 900, 000 L.
N111/960859
Mangaturuturu 22, 6,69 2l , 000 1.9 1:17
at Ashworth L0.2 2. 4.75 600, 000 4.9
N121/723621
Whangaehu 2L, 7.66 1,000 0.9 1:29
at Karioi 57.1 26, %.68 729,000
N131/965389 - 22. 6.69 67,000 2.%
. 5.7 L1,000 2.
16. 5.71 72,000 2.9
16. 5.71 58,000 2.8
19. 5.7 18,000 2.3
21. 5.71 9,000
3. 7.7 5,000 1.6
. 707 19, 000 2.0
2, L.75 1,800,000 5.6
2.11.77 130,000 3.2
Whangsehu at 2. 4.75 1,600,000 2.8 1166
Kauangaroa 169
N138/79087Y




deposition of vast quantities of material
in the lower reaches.

The apparent lake losg fgom the 1969
eruption was 0.5 x 10° m?, and the total
lahar volume calcuylated from hydrographs
was only 0.2 x 105 m3, The apparent re-
versal of volumes could be due to the high
proportion of solid material erupted, and
the thick coating of snow and ice on the
summit area prior to the eruption (Healy et
al 1978). Much of the solid material re-
mained on the upper slopes, and melt water
partly replenished the lake loss, both of
which contribute to the discrepancy in
volume calculations,

5 HAZARD OF FUTURE RUAPEHU ERUPTIONS

The volcanic activity of Ruapehu has been
documented by Gregg %1960) for the period
from the first eruption witnessed by
Europeans in 1861 until 1959, and by Healy
et al (1978) from 1959 to 1969. Iruptions
since 1969 have been recorded by Nalrnm :
et al (1979).

Since 1861 numerous phreatlc eruptions of
Crater Lake have been recorded including
at least 12 events that produced lahars in
the Whangaehu valley, Only the three most
explosive eruptions (1895, 1969 and 1975)
ejected water and debris a sufficient dis-
tance from the crater to form lahars in the
northwest catchments as well as in the
Whangaehu valley. The 1895 eruption
appears to have been the most violent
event, but because the lake level was not
checked until 26 days after the eruption
{Gregg 1960) a direct comparison of lake
loss with the 1975 eruption cannot be made,
According to Allen (in Gregg 1960), during
the 1895 eruption "the Wanganui River was
discoloured down to the sea,'" the
Whangaehu River" was for several days a
river of mud" and the Mangatoetoenui
Stream became "a mere sludge channel."

The total amount of material ejected onto
the summit area is dependent on the mag-
nitude and mechanism of the eruption
although the distribution of the ejecta,
and hence the size of lahars 1n any par-
ticular valley is strongly influenced by
wind velocity and direction during the
eruption. The snow conditions on the
upper slopes will also effect the mobility
and volume of the lahars; hence if the
1975 eruption had occurred during winter,
more water would have passed down the
Whakapapa valleys and damage may have been
more severe.

Although volcanic activity of Ruapehu is
continuously monitored from the Chatezu
seismological station and by regular in-
spections of Crater Lake, it is unlikely
that eruptions will be able to be pre-
dicted in the foreseeable future. The
greatest danger to lives is concentrated
mainly on the upper slopes of Ruapehu,
particularly during the skiing season,
although some danger also exisis on the
lower slopes along the paths of lahars.

The hazard of lzhars is well known in
countries with active veolcanoes, partic-
ularly in the circum-Pacific region. They
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are responsible for the greatest des-
truction of property of any other single
volcanic process, and have caused the loss
of thousands of lives during the past few
centuries. A single eruption of Kelud
volcano in Java in 1919 for example, caused
massive destruction inecluding the loss of
5500 lives when mudflows swept down the
voleano following an explosive eruption be~
neath the crater lake (Bolt et al 1975).

Neall (1976a) reviewed the literature on
lahars and included a classification based
on their origins as well as a description
of the most important lahars of each type
that have occurred in historic times.
Ruapehu was cited as a source of two types
of lehar i.e. (a) an eruption through a
crater lake, e.g. 1969 (b) collapse of a
crater lake (non-eruptive), e.g. 1953. 1In
a separate paper Neall {1976b) also dis-
cussed the hazard of lahars and referred to
lahar protection measures adopted on
several volcanoes including Ruapehu; the
threat of lahars to the Tongariro power
scheme was not mentioned however,

6 POSSIBLE EFFECTS OF FUTURE LAHARS ON.
THE POWER SCHEME

Future major eruptions of Crater Lake are
almost certain to produce lahars in the
Whangaehu, Mangaturuturu and Whakapapa
valleys. During the 1975 eruption major
lahars were restricted to these valleys
although there was evidence of a flood
flow 1.2 m above normal river level in the
Wahianoa River (Nairn et al 1979). Small
mudflows were reported in the headwaters of
the Wahianoa, Mangaehuehu Rivers (Fig. 2},
and water samples from these streams had a
lower pH than normal indicating chemical
contamination from the eruption. The
Walhohonu Stream appeared to have been
slightly contaminated, probably from ash
fall as indicated by the acidity of a
water sample collected the day of the
eruption.

For several years after the 1975 eruption
the Wahianoa Stream became slightly acidic
during periods of summer thaw, when con-
taminants from the eruption were released
from the ice into the headwaters (Paterson
1976a), A detailed investigation of the
long term contamination was carried out by
Carr (1978), who concluded that although
the recorded pH levels were unlikely to be
a danger to fish life, the surveillance of
water quality should continue particularly
after commissioning of the agueduct,

Judging from Allen's description of the
1895 eruption and the contamination re-
sulting from the 1975 eruption, the
Mangatoetoenui Stream must be considered at
risk from future major eruptiomns. There
are no records of major lahars in the
Wahianoa River although in the case of the
1895 eruption this may be due to lack of
information. The headwaters of the
Wahianoa River are closer to Crater Lake
than the Mangatoetoenui headwaters. Hence,
although a ridge approximately 50 m higher
than the Summit Plateau separates the
Crater Lake from the Wahianoa headwaters,
the risk of lahars in both rivers i1s con-
sidered to be similar.



Since the 1975 eruption, construction of
the Wehianoca agueduct and Mangaio tunnel
has been completed sco that the only access
for lahars te the Moawhango reservoir is
through the agueduct stream-bed intakes
or the Mangaio tunnel access shaft. The
latter has been built to a height abowve
the level of the 1975 Whangaehu lahar, and
embankments have been constructed on the
west bank of the Whangaehu River to pre-
vent lahars from flowing westwards along
the aqueduct excavation. Therefore unless
future lahars in the Whangaehu River are
much larger than occurred in 197%, the
only access for volcanic contaminants to
the Moawhango reservoir is through the in-
take structure on the Wahianoa River.

The large volume of sulphurous water (pH =
1.2} forming Ruapehu's Crater Lake is the
main threat to the power scheme and public
safety. If the lake could be permanently
drained the danger of future lahars would
be elimirnated. In & similar geological
setting this was partially achieved in
Java where drainage tunnels were driven
through the crater wall of an active
volcano and most of the lake water
evacuated {Bolt et al 1975), A feasib-
i1ity study of this method was suggested
by Neall (1976b) and Paterson (1976b), but
no action has been takan.

An early warning system to protect skiers
on the upper slopes of Ruapehu has also
been proposed (Hewson and Latter 1976).
This system consists of a series of sen-
sors designed to trigger alarms on the
skifield immediately after an eruption.
Although the prime purpose of this scheme
is to save lives on the upper slopes of
Ruapehu, 1f it is approved it could also
act as an early warning system for the
power scheme and communicetion routes.
This would supplement rather than replace
a power scheme lahar warning system, but
it would provide extra time to execute
emergency systems,

7 IMPROVEMENTS TO THE POWER SCHEME
LAHAR WARNING SYSTEM

7.1 Western Diversions

The problems encountered in Western
Diversions from the 1975 Whakapapa lahar
would have been less serious had the
Whakapapa tumnel gate been closed before
the lahar arrived. The lahar would then
have continued on its natural path down
the Whakapapa River. To achieve this,
paired conductivity probes are being
shifted from the previous site at the
Whakapapa intake and installed in the
Whakapapaiti and Whakapapanui Rivers

a8t the SHL7 bridges 8 km and 6 km upstream
of the intake structure (pers, comm.

W. Strauss, Ministry of Energy, Elect-
ricity Div.) Provided the system
functions as planned,this will give a min-
imum warning of 2% minutes {based on a
lahar velocity of | m/sec) in which to
close the gates before +the arrival of a
lahar.

Radio signals from one of each pair of
probes are designed to activate an alarm
in the Tokasnu power station, and the
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other to initiate emergency closure of the
Whakapapa turnel gate. The gate is de-
signed to close completely from the parked
position in a time of one and one-third
minutes, and it will be capable of remote
control from the Tokaanu controel room as
well as automatically by the probe, and
manually at the intake structure

(W. Strauss pers. comm.).

7.2 Moawhango Diversion and Rangipo
Project

Prior to the 1975 eruption it was not con-
sidered necessary to have a Ishar pro-
tection system for the Moawhango Diversion
except to protect workmen during con-
struction. Because of the risk of future
lahars in the Wahianoa valley it is now
proposed to install a lahar protection
system, consisting of early warning de-
vices which will operate an alarm in the
Tokaanu power station and initiate auto~
matic cleosure of a gate on the Wahisnoa
aqueduct. This should prevent contam-
inants from reaching the Moawhango reser-
voir,

The sites proposed for the detectors are in
the headwaters of the Whangaehu Riven and
at the Wahianca intake. Because of the
harsh climatic conditions, remoteness of
the sites, and the variable pH of the water
{particularly the Whangaehu River) it is
proposed to use level sensing devices
rather than conductivity probes. As there
are no fish in the Whangaehu River the main
threat is from lahars in the Wahjanoa
River. Hence it is not necessary to mon-
itor small lahars in the Whangaehu River
because minor eruptions would not affect
the Wahlanoa catchment.

A level sensing device on the Wahianoa
River would not be capable of monitoring
the long term contamination of the type
that occurred after the 1975 eruption
(Paterson 1976a and Carr 1978). If this
level of contamination is unacceptable on
the grounds that it could be harmful to
fish life, a2 conductivity monitoring
system will be necessary for the Wahianoa
River either as a replacement or in
addition to a level sensing device.

The Mangatoetoenui Stream could be affected
by lahars during the operational 1ife of
the power scheme as proved by the 18395 and
te a less extent the 1975 eruptions. ' The
Waihohonu Stream is unlikely to be affected
by lahars but could be temporarily con-
taminated by volcanic ash. Both streams
are tributaries of the Tongarire River and
once construction is completed they will be
diverted through the Rangipo power scheme.
As the water from these streams must:
travel either down the Tongariro River ar
be diverted through the Rangipo power
station, it may be advisable to allow it
toe continue down the river because of
possible harmful effects to power station
equipment. In this case it would also be
necessary to close the Poutu tunnel gates
to prevent contaminated water from being
diverted into Lake Rotoaira.

Te date no system has been devised nor
procedures established to perform these



steps automatically. However, if an
emergency procedure is formulated and
accepted by the parties concerned,
adequate protection of the Lske Rotoaira
fishery could be accomplished by closing
the Poutu tunnel gates by remote control
as soon as the lahar alarm is activated in
the Tokaanu power station. The resumption
of diversion would then be delayed until a
field inspection had ascertained the ex-
tent of the eruption.

8 CONCLUSIONS

Lahars formed by the eruption of Ruapehu's
Crater Lake are the greatest volcanic risk
to public safety and to the Tongariro
power scheme, These large floods of
highly acidic water and volcanic debris
travel down existing valleys, and because
of their high density and velocity are
capable of damaging power installations
and communlcation networks located along
their paths. A popular skifield is
located on the upper slopes of Ruapehu in
the path of lahars which could result in
serious loss of life if a major eruption
oceurred when the slopes were crowded.
Also because of their chemical con-
tamination lehars are a serious threat to
fish life,

Since 1861 numerous phreatic eruptions of
Crater Leke have been recorded, at least
12 of which generated lahars. To date
methods of volcanic surveillance have
failed to predict the two largest, most-
recent eruptions and are unlikely to be
successful in the foreseeadle future.

During the 1975 eruption at least 23% of
the total volume of Crater Lake was
erupted, and it is possible that future
eruptions could eject more than twice this
volume; individual lahars could show an
even greater increase in volume depending
on wind conditions during the eruption.

Because the power scheme involves
diversion of rivers prone to volcanic con-
tamination, a lahar protection system is
required which should operate effectively
for all eruptions. Such a system has the
dual purpose of restricting the spread of
volcanic contaminants to important
fisheries and protecting installations
from damage and siltation.

Unless the seriocus threat of Ruapehu's
lahars to public safety and property can
be eliminated by draining Crater Lake, a
co~ordinated effort should be made to de-
vise a lahar protection system which will
satisfy the requirements of all parties
concerned,
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SUMMARY

Large excavatlions for the inlet and draw-off channels of Sugarloaf Reservoir were open cut in a
siltstone and sandstone sequence containing bedding plane seams with very low shear strengths.

The con~

struction of permanently stable faces in rock containing these seams dictated the design of the cut slopes

to suit the geoclogical structure at each site,

Careful geological monitoring enabled the design to be

kept under continual review during all construction stages.

i INTRODUCTION

The Sugarloaf Reservoir Project, located 35 km
north-east of Melbourne, Victoria, includes an
off-river storage reservoir filled by pumping from
an adjacent river and from an existing aqueduct.
After comprehensive treatment the water will be
distributed in the Melbourne Metropolitan district.

The Project is sited in folded Silurian-age
sedimentary rocks, The nearest major fault is the
Yarra Fault located 3 km east of the Proiect.

There is no evidence of fault movement in the area
since Pleistocene time and the reglon ils selsmically
quiet.

Twe large excavations have been constructed within
the reservolr basin for discharge of water into the
reservolr from an inlet tunnel and draw-off tec an
cutlet tunnel. This paper describes how different
designs were developed to suit the geology at each
excavation site and how close monitoring during the
early construction stages allowed the design of the
draw-off channel to be meodified,.

The inlet channel was excavated between February
and June, 1977, and the draw-off channel was excav-
ated between May and November, 1978.

2 PROJECT DESCRIPTION

The Project layout is shown on Figures 1 and 2,
Water will be abstracted from both the Maroondah
Aqueduct and the Yarra River at Yering Gorge and
pumped along a 1230 m long, 2.6 m diameter tunnel
through the inlet channel into the reservoir.

The water will be impounded by an 85 m high, 1000 m
long main dam and two saddle dams to form a
reservoir having a live storage of 95 000 ML, cover-
ing 455 Ha. The main dam and the 28 m high, 520 m
long saddle dam No. 1 are concrete-decked zoned rock

Reservair inlet Structure tnlet Channel

Yering Gorge Pumpin
Stn Einiel | e
FS5L.1780

Oraw~off Structure

fill structures. Saddle dam No. 2, which is 6 m
high and 170 m long, is an earth and rock fiil
structure.

Water will be drawn from the reservoir through the
draw-off channel and a 400 m long, 2.6 m diameter
tunnel under the left abutment of the main dam.

It will then be pumped up to a treatment plant,
treated and stored in a 200 ML capacity clear-water
reservoir before being discharged through al2.lm
diameter gravity main to Melbourne. :

3 GEOLOGICAL SETTING
The Project area geology is illustrated in Figure 2.

Broad, flat-topped ridges up to 90 m high are
separated by creeks with side-slopes ranging
between 10°and 300,

The rock types comprise siltstone interlaminated
with and grading into fine grained sandstone.
Distinct beds of medium grained sandstone ranging
from 100 up to 1000 mm thickness alsoc occur.
These rocks are locally intruded by igneous dykes.

The main regicnal structure is a broad syncline
which plunges gently north (Fig. 2). The rock mass
also contains many minor folds elther as local anti-
clines and synclines with axes roughly parallel to
the main synclinal axis or as monoclinal folds,
many of which have axes oblique to the main axis.

The principal defects in the rock mass are joints
parallel to bedding with other joints mostly group-
ed in two orthogonal sets normal to bedding.
Sheared and crushed seams formed by Devonian and
Tertiary-age folding and faulting typlecally occur
almost parallel to the bedding, although some are
parallel to the other joint sets. These crushed
seans are generally less than 20 mm thick and in
fresh rock contain mixtures of rock fragments,

Main Dam Water Treatment Pant

Clear Water Reservoir

Inlet Tunrel
Yarrc River
EL 80 Maroondoh Aqueduct

Figure 1
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silt and clay, and have soil properties (GP, GM and The rock mass has been subjected to the effects of
GC). weathering and ercsion almost continuously since the
end of the Devonian Period. As a consequence fresh
rock is exposed only in the more deeply incised

%5 %, EW 00m creeks and weathered zones of up to 70 m depth occur
0 X §E gg Y gE Z elsewhere, Above the fresh rock there is usuaily a
T 3 az %0 gradaticnal increase in the effect of weathering
i and, on the highest ridges, the joints and weathered
= R . 10 rock substance are frequently limonite cemented.
b LT
o) NOTE. vertieal ot enuiperond ° Near~surface clay and gravelly infill seams
/‘I—“l } : occur where steeply dipping joints in the rock mass
' RN / { [ have opened due to mechanical weathering and down-
,.-1ﬂt" kN ( 0 slope movement. In the weathered rock extremely
" :/ : . —t,// // weathered seams occur along the bedding and other

joints forming 10 to 30 mm thick seams of silty clay
(CL). Some of these seams disappear within a few
metres of the surface but many of them, particularly
the extremely weathered seams along the bedding,
persist and with depth grade into the crushed seams
which are nearly parallel to the bedding (Fig. 3).

3.1 Strength of Extremely Weathered Seams

Laboratory direct shear tests were carried out on

15 to 20 mm thick samples of extremely weathered
seam material taken fyxom bedding planes at depths

ef 2 m to 10 m. The shallower samples were taken
where the presence of open joints and infill seams
indicated that downslope movement had taken place.
Attempts were made to orlentate the samples with
respect to the direction of inferred past downslope
movement. Some were gheared through the seam mater-—
1al and others along the soil-rock contact.

The range of peak and residual shear strengths
cbtained are shown in Figure 4. Oneof the tests
showed no peak strength, f.e.the sample was already
at residual stremgth, indicating that the sample had

) X7 Lynchne whiwnng phings bl > Sheske ane dip of becding KPo
1} Interted Arare of Lodding e} ~ = Hoo 0 e
1Y hon 8 Caterdam Ll Range of
e2ing Gotge Pump Steho o Range
2 Inlei Tunnel 9 Drawott Chennel w slrength
3 Inlet Chonnel 10 Drowoft Tunnel 'J. _ ;gll%-i:ed
L Soddle Dom N9} 11 Reservoir Pump Stohon - -
5 Saddle Dom N°2 12 Waler Treatment Flonl &
6 Hoin Dam 13 Cleot Water Reservoir i:" Aeaiduol
7 Quarry ,

0 500 000 XPo
NORMAL STRESS

Figure 2 Project layout and geology Tigure 4 Shear strength of bedding plane seams

oo Infll Cloy Seams

anﬁgsdcmenled
13 -
jan x Exiremely Wecthered Secms

Highly Wegthered - /-—(}pen Jont

~-Gravel Infil
A
Upper surfece of
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Figure 3 Soil and rock mass profile
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been correctly orilfentated and sheared parallel to a
pre-existing shear plane.

3.2  Groundwater

The rock mass permeabilities measured in' the invest-
igation borehecles were mostly in the low to very

low ranges of less than 10 lugeons (<10 °m/sec.).

The groundwater table lies close to the bed of
Sugarloaf Creek and the gradients beneath the higher

ground are generally flat. Both the inlet and the
draw-cff channels are above the natural water table.

4 INLET CHANNEL

A control gate styucture is inclined against and
supported by the end wall of the inlet channel.
This wall I3 35 m high and 10 m wide at the channel
invert (Fig. 5).

Site investigations, consisting of a bulldozer
trench around the walls of the channel and a hore-
hole in the deepest part of the channel, confirmed
the site geology of interbedded siitstone and sand-
stone dipping 23° to 30° to the west. These rocks
graded from highly weathered at the surface to
slightly weathered in the deepest part of the
channel and contained extremely weathered seams up
to 50 mm thick along the bedding direction, Most
joints were steeply dipping between 50° and 90°,

The channel was aligned with the end wall normal to
the strike of bedding and an asymmetric shape was
adopted (Fig. 5).

—-7T

“m Berme
»-4(\ Haem Hrdlers,

Na-tkelig  tege s

0w

Figure 5 Inlet channel design details

4.1  End Wall

The end wall was cut at a slope of 4 : IV(63°9) so
that it would be stable with respect to the extreme=-
ly weathered bedding plane seams and would not
undercut the majority of the steeply dipping joints.

In addition the design allowed for the wall ro be
reinforced by 32 mm diameter mild steel deformed bars
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3 m long, installed on & 2.5 m grid and incl.ined
at a downward slope of 15% inteo the Tock masis and
grouted over theilr length.

The wall was first pre-split and then bulk e:xcavat-—
ion was carried out by ripping and dozing in 3 m
vertical lifts. As each level was exposed t he face
was washed and geologically mapped to identi fy any
seams or jolnts dipping out of the face whic h could
require additional support or modification o § the
designed cut slope. Apart from some minor d: lscon=-
tinuous seams and jolnts, which required the addit-
ion of local support, no such major defects viere
identified.

As the face was mapped the reinforcing bars « ere
installed, Steel mesh was then pinned to the face
and a 100 s minimum thickness of a wet-mix s hot-
crete applied before the next 1ift was excava ted.
The shoterete is intended to protect the weat hered
rock from fretting during the life of the res ervoir.
Drainage holes 2 m deep were drilled through ithe
shoterete to prevent hydrostatic forces froq ¢ in—
lodging the shotcrete.

4.2 Dipslope Wall

The eastern wall of the channel was excavated
parallel to the bedding planes (Fig. 5, Sectiwi a1 TT).
This was more econcmical than cutting a steepes : face
which would have required support to prevent s. 'lding
along the extremely weathered bedding plane se: ms.
The design incorporated two 5 m wide berms and the
face was geologically mapped as bulk excavation
proceeded te ensure that the dip of the beds ex posed
was within the designed batter glopes of 2H ;: 1 V and
2¥H @ IV.

Except for a 25 m long meshed and shotcreted zo
the lowest batter, adjacent to the inlet struct
the dipslope wall was left unprotected.

ire,

4.3 Western Wall

For the western wall an overall slope of 45°,
flatter than the majority of joints, was formed
cutting 10 m high batters inclined at %H : ,
separated by 5 m wide berms (Fig. 5, Section TT)

by

The batters were pre~split and excavated with the
end wall in 3 m vertical lifts. A 25 m long zone
adjacent to the end wall was reinforced, meshed

and shotcreted as for the end wall, but the rema.p d“

er of the wall was left unprotected and unsupportec
Geological mapping did not identify any areas
requiring additional support.

5 DRAW-OFF CHANNEL

A control gate and trash rack structure 1ncorporat—,‘
ing shutters to permit water to be drawn off at any
level is inclined against and supported by the and
wall of the draw-off channel.

In the inltial deskgn the channel was to be located
near the left abutment of the main dam in a gully to
reduce the volume of excavation. However, this
meant that one side wall would undercut a dipslope *
requiring either an excavation cut along the bedding,
as in the inlet channel, or an extensive permanent
support system. Neither option was economical so
the possibility was examined of re-locating the
channel along the axis of a nearby anticline which
could result in a stable bedding orientation on both
sides of the cutting.

After further investigation of the geometry of the
anticline by bulldozer tremching and twe boreholes,

e an



a 400 m long symmetrically shaped channel with a

65 m high end wall cut at %H : IV and side walls

cut acrpss bedding was adopted (Fig. 6). This
arrangement gave a stable side wall situation with
respect to the bedding planes. The joint pattern
determined from the trenches showed that the princ-
ipal joint sets were dipping at angles greater than
609 or, in the case of two sets (H and G, Fig. 6),
in the ‘range of 40° to 60°. Accordingly, the side
wall slopes were deaigned at 45% overall. 10 m high,
H : IV, batters separated by 3 m wide berms were
originally selected but, after consideration of the
height’ of cuts, 10 m high vertical batters separated
by 10 m wide berms were adopted as a safety feature.
Provision was made for fully grouted rock anchor
support in case local areas of batter instability
wera encountered.

As the end wall undercut the gently plunging beds
(Fig. 6, Section WW), additional measures were pro-
posed to improve the ptability of the face. The
width of the channel was reduced withia 75 m of the
end wall by steepening the overall slope of the side
wall from 45° to 57° in oxder to gain the maximum
possible strength from arching effects and to reduce
the size of any potential block or wedge faillures.
Presplitting followed by excavation in 3 m vertical
1ifts, patterned reinforcement with fully grouted

5 m 'long bars, and then meshing and shotereting for
protection were also proposed. In addition the
reinforeing bars, mesh and shoterete were extended
to cover the steepened sections of the side walls.
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Figure 6 Design principle, draw-off channel
5.1 New Geologilcal Data

During the construction of the main dam the Contract-
or exerclsed an option to widen and develcop the
northern end of the channel as a rockfill quarry.
This action, together with the early completion of
the draw-coff tunnel to within 15 m of the channel
portal, provided an opportunity to upgrade the geo-
logical model established during the investigation
phase.
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Geological mapping of the new exposures confirmed
the overall gecmetry of the anticline and joint
sets but revealed the moderately dipping joints of
Set H (Fig. 6) to be more abundant and the steeper
joint sets to be more continuous than envisaged.
During quarry blasting it was also noted that slabs
of rock were lifted. This new information was
therefore used to re~assess the stabllity of the
channel walls.

5.2 Side Wall Re-assessment

Two potentlal slip mechanisms were identified in
the side walls of the channel. In the western wall
blocks bounded by Sets H and D joints could fail
and, in the eastern wall, blocks bounded by Sets G
and D joints could £ail (Fig. 7, Plan).

The potential size of the blocks depends on the
overall side wall slope. Where the slope is 45°% _.
only partial berm failure would be likely (Fig. 7,
Section XX), but where the overall slope is 570
complete slots could be formed for the full height
of the channel (Fig. 7, Section YY).

Even though failures were possible in the steeper
side wall sections adjacent to the end wall, it was
decided not to flatten the overall slope in this
area because :

. The probability of a fallure occurring near
the end wall was estimated te be only 10%.

. I1f necessary the potentially unstable blocks
could be supported with rock anchors.

Flattening the overall slope would increase
the channel wldth thus reducing the end wall
strength gained from arching effects and
increasing the size of any potential block
or wedge fallure in the end wall.

5.3 End Wall Re-assessment

Two potential slip mechanisms were recognised in

the end wall., They were (Fig. 7, Plan & Sectlon
ZZ) .

A thin, steep slab which could siide down
along a Set G joint dipping 50°, pulling

away from a Set E vertical joint and striking
laterally against a Set D vertical joint.
This is shown as the GD wedge.

A serles of blocks resting on bedding planes,
triangular in plan. The triangular shape
gasumes foilure back to jeints of the two
persistent near-vertical Sets C and E (ox D).
The size of the uppermost (wedge-shaped)

block (1) 1s controlled by the outcrop of a
bedding plane extending from the cutting face
back to point P on the level surface. The other
blocks {2) to (5) are trilangular prisms and
thelr slzes are limited by the levels at which
their basal surfaces daylight in the cutting
face.

5.4 Support Measures Adeopted

5.4.1 Side walls

Syatematic temporary or permanent support was Judged
to be umnecessary for side walls with an overall
slope of 459. However, the batters were geological-
Ly mapped as excavation proceeded. Any potentially
unstable areas identified were either supported with
fully grouted anchor bars or removed.
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Within 40 m of the end wall the batters were pre-
split in 10 m 1lifts but excavated in 3 m lifts.

The walls were reinforced with 5 m long, fully grout-
ed rock anchors installed at a downward slope of 10°
on a patterned 2.5 m grid. Two metre long drainage
holes were then drilled on & 2.5 m grid staggered
between the rock anchors before the faces were mesh-
ed and protected with al00 mm minimum thicknress of
wet-mixed shotcrete. The drainage holes were prot-
ected by plastic tubes which were removed after the
shotcrete had been applied.

5.4.2 End wall

A vertical row of 10 m long, fully grouted xock
anchors were first imstalled at 1.5 m spacings I m
behind the end wall to prevent lifting and loesening
of the rock mass. The face was then pre-split in

10 m 1ifts prior to any burden blasting within 50 m
of the face., The last 10 m next to the face was
shot with zero burden and excavated in 3 m 1lifts.
Next, the face was reinforced with 38 mm high ten-
sile cold worked barg 14 m long, installed at a
downward slope of 15° on a 2.5 m horizontal by 3 m
vertical grid and grouted over their length. Finally,
2 m long drainage holes, mesh and shotcrete were
applied as for the adjacent side walls.

Both the end wall and the adjacent side walls were
geologically mapped as they were excavated to check
the geological model, and for any defects that might
not be supported by the pattern of rock anchors.

In the event no additional reinforcement was
required in the end wall slthough some additional 5m
anchors were required to support locally unstable
areas in the side walls.

6 CONCLUSTIONS

6.1

Large excavations can be successfully designed and
constructed in interbedded sequences withunfavour-—
able shear strength parameters provided :

. The geological model is carefully deterwmined.

» An appropriate location and design recognising

the limiting features of the geological model
1s adopted.

. All geological information obtained from
construction monltoring is used to keep the
geological model up to date so that the design
can be kept under continual review.

6.2

The careful approach to excavation dictated by the
use of vertical batters jn large excavations 1s worth
the effort. HNo rockfalls occurred during the const—
ruction period and a neat excavation with very little
overbreak was obtained,
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Gopeton Dam Spiliway —

Geologlcal Investigations and Performance

D. J. THOMSON
Senlor Engineering Gecloglst, Water Rasources Commission, N.S.W,
R. C. WOODWARD
Engineering Geologlst, Water Rasources Commission, N.S.W.

SUMMARY

The geological investigations undertaken In commection with the design and construction of

Copeton Dam spillway are described, together with the factors influencing the spillway location and type of

structure finally constructed.

Following two minor discharges through the spillway extensive scour occurred

in the discharge area, vhich necessitated additional geological and engineering investigations including
stress measurements and resulted in remedial and additfonal construction work being performed at a .total

cost of $1,3M.
gtresses of up to 20 MPa In the rock over this area.
thought to be unique.

1 INTRODUCTION

Copeton Dam is a 113 metre high earth and rockfill
structure on the Guydir River near Inverell in
northern New South Walea. The gpillway is in a
gaddle through the right hand ridge some 500 metres
from the dam, Fig. 1. Rockfill for the dam was
obtained from a separate quarry located about cne
kilometre from the dam on the downstream left hand
ridge syatem. Construction of the dam was commenced
in 1968 and completed in 1976 using a three stage
construction programme. (Douglas, 1979).

The splllway consists
ogee crest supporting

of a 156 metre wide concrete
nine radial gates, each 13.01
metres high and 14.63 metres wide. The chute down-
stream of the control structure is lined for ‘the
first 55 metres and then passes through a 1 on 50
excavation to meet the natural surface. The design
cutflow capaclty of the spillway 1s 14 800 m/s.

The drop from the design flood level to the river
bed downstream of the spillway 1s 130 metres with an
average overall gradient of 1 om 4.

2 INVESTIGATIONS

Copeton Dam is located in an area of coarse grained
porphyritic granite of Permian age which has been
intruded by one main mass of fine grained granite
and a number of smaller such bodies. Later intru-
sion by a series of dykes of basaltic composition of
probable Tertiary age has occurred along a number of
-well defined orilentations to produce a series of
lineaments easily observable in aerial photographs,
Flg. 1. The spillway 1s located in a saddle about
500 metres from the dam along the right hand ridge
in predominantly coarse grained granite intersected
by the Dingo lineament which crosses the saddle.

The granite in the saddle is more deeply weathered
than is generally the case in this area and these
poorer foundatlon conditions for the structure were
realised early in the investigations.

The spillway area was Investigated by geological
mapping, magnetic and electromagnetic geophysical
surveys, trenching and diamond drilling of twenty
five holes totalling 1297 metres in length together
with borehole TV inspection of certain holes. Two
of these holes were drilled downstream of the
atructure to test the rock conditions of the dis-
charge area. These showed generally sound granite

The fundamental cause of the problem was found to be the occurrence of high horfzontal

The mechanism of spillway scour here encountered is

with moderately spaced joints and were not inspected
using the borehole TV apparatus. The spillway
design finally adopted is shown In Fig., 2, the con-
crete units and the gates being constructed under
two geparate contracts.

The location
the expected

of spillway adopted was determined by
cost saving differential of a separate
spillway and quarry over a spillway cum quarry,

which tended to favour a minimum excavation spill-
way which was achieved at the location of the saddle.
The quarry was located In the main mass of fine
grained granite which had minimal overburden.
type of spillway was largely determined by the
decision to use stage constructlon by the addition
of gates. Due to the topography, alternative spill-
way locations considered required a gpillway cum
quarry arrangement or were not suitable for the
addition of gates. The only viable alternative, a
spillway cum quarry was at site B in the ridge to
the right of the adopted spillway.

The

The spililway as designed was similar to the recently
constructed new Wyangala Dam spillway, also situated
on granitic roeck, except that due to the topographic
differences of the two sites, the head drop and
gradient along the discharge path were considerably
greater at the Copeton splllway. The spillway of
the original Wyangala Dam (now replaced by a new

dam with a new spillway) had one feature in common
with the Copeton spillway in that it discharged inteo
a natural gully and also experienced conslderable
scour (Thomson, 1967).

Some scour potential at the downstream end of the
chute was realised and this was one factor favouring
the use of nine gates rather than a lesser number.
Flow velocities at the end of the chute for the
maximum desilgn discharge exceeded 15 m/s.

The spillway discharge area downstream of the execa-
vation was generally covered by a significant depth
of soll which greatly restricted geological mapping
cf this area. As the two exploratory holes drilled
in the excavation cut area of the discharge channel
had shown generally good guality granite, no effect
was envisaged which would scour the downstream mat-
erial to the extent necessary to significantly

affect the granite in the excavation cut. ‘Thus the
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atability of the spillway structure seemed assured.
As no problem was anticipated, the normal spillway
flows would be allowed to remove the soil and loose
rock from this area.

The dnveatigations of the lineaments in the spill-
way area revealed that the Dingo lineament consisted
of a series of basaltic dykes and vertlcal weathered
shear zones curving across the saddle area. To
eliminate any possible scour of this lineament, the
chute concrete and right hand training wall was
extended to cover this feature. The Hardinge line-
ament was found to consist of ome wide dolerite

dyke together with essociated faulting. The small
gully into which the spillway discharged was not
considered a major geological feature of this area
in comparison with the adjacent lineaments.

3 CONSTRUCTION

Conetruction of the tunnel and the initial spillway
excavation was carried out by day labour prior to
the dam contract being let. The first Indication
of high streasses belng present in the rock was not-
iced in the tunnel éxcavation where popping of the
roof and floor of the tunnel occurred soon after
driving commenced and continued for most of the
length of the tunnel, It was considered at this
stage to measure the streases involved as an aid to
solving this problem. This was never carried out
firstly, as the construction problems were solved
by altering the roof shape to a peak and bolting
and meshing the roof region where the dangerous
popping slabs occurred and secondly, the equipment
to measure such stresses was not on hand ner readily
avallable. As it was not considered that such
stresses would in any way affect az relatively shal-
low surface excavation, and as popping fallure was
not cbserved in any of the subsequent surface exca-
vations of the low and high level diversion cuts,
spillway cut or the quarry excavation, no further
consideration was given to the measurement of these
stresses.

&
2 xa

Although disced core in the investigation diamond
drilling did occur for short sections in a few of the
holes in the dam site area, it was not recognised

at this time as being an indicator of active stress.
After the occurrence of popping in the tunnel,
further diamond cored holes were drilled into the
roof of the tunnel which revealed highly disced cores
whereas the earlier investigation holes in this area
showed little or no such effects.

Buring the complete excavation of the splllway,
detailed geological mapping of the excavated surface
was carried out but this work did not disclose any
new significant information beyond that already
discovered during the investigation period.

The civil contract wae completed in December 1973
and the splillway gate contract in March 1976.

4 PERFORMANCE

In January and February 1976 the first discharges
from the Copeton spillway (maximum outflow 460 m®/s)
scoured a narrow (10 m wide) but unusuvally deep
channel along the existing gully downstream of the
conerete chute. (Carter, 1979), The scour produced
by this comparatively small discharge showed several
unusual and apparently related features including
the occurrence of rockbursts in the flcor of the
scour channel and the great depth to which the
dovnstream half of the channel had penetrated sound,
unweathered granite. (Maximum depth below original
natural surface 30 m, maximum penetration into
unweathered granite 20 m).

The 1976 floods were passed through various combin-
ations of the six right hand spillway gates while the
three left hand gates were not opened, In addition
to the main scour channel the floods alsc produced
some minor undermining of backfill concrete at the
dovnstream end of the spillway chute due to the
removal of granite blocks bounded by weathered,
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erodible joints. The spillway structure itseif sus-
tained no damage during the 1976 floods.

For a long period fcllowing the cessatlon of the
flood discharge the rock iIn the main scour channel
showed significant deterioration due both to contin-
ued rock popping failure in the floor of the channel
and also to the opening up on exposure of very exten-
sive vertical, laumontite coated joints in the rock
forming the walls of the scour channel.

The main scour channel appeared to owe its formation
to a previously unrecorded mechanism of stress
related acour (the removal of slaba af rock which
had falled by upwavrd buckling under high, horirontal
in-situ stress). This scour mechanism had two
unusual characteristics which indicated the need

for some form of remedial works to ensure the future
safe operation of the spillway.

Firstly the mechanism wesponsible for the formation
of the main scour channel gave no indication of
being self limliting. In a future major flood the
deep scour channel could continue to migrate up-
stream towards the spillway structure and eventually
be in a position to undermine the concrete chute.
Secondly the removal of rock would continue for the
duration of the flood. The unweathered granite in
the floor of the scour channel had a high scour re-
sistance before fracturing due to stress failure,
but once failure occurrxed the rock siabs could be
removed by even the smallest flow. The quantity of
rock scoured by this mechanism during a flood event
would thus depend more on the duration of the fleod
rather than on the peak discharge. This can be
contraated with the normal (not atraess related)
scour of resistant rock where the fiow Is capable
of scouring rock for only a relatively shert perilod
at the peak of the flood. The guantity of rock
removed under this normal scour mechanism depends
mainly on the peak diacharge and usually does not
depend to any significant extent on the total dur-
ation of the discharge from the spillway.

The Copeton spillway fs expected to cperate on
average once In three years with some diacharges of
up to six months duration. The combination of stress
related scour with a major flood could thus present
the possibility of serious damage to the splllway
structure. The occurrence of this type of rock
failure under streas in a splllway presents a
situation quite different and much more serious than
similar rock failure in a locatilon not subject to
the removal of failed rock by water flow, Tt is the
removal of the falled rock which permits Further
continuing rock failure to occur without limit.
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Geological investigations carried out following the
1976 floods consisted of the following:

. Surface stress measurements in the main ‘scour
channel and the adjacent spillway excavation.
(Bowling and Woodward, 1979},

. Detailed geological mapping of the spilfway
excavation and the discharge area downstream
of the excavation. (Fig. 3).

, Diamond core drilling in and adjacent to the
main scour channel, '

The apillway dischargoe aren downstream of tha con-
crete chute divided naturally into right andileft
hand areas separated by the central scour channel
area.

Left Hand Area:

The left hand side of the spillway cut floor was
still covered with construction rubble since the
three left hand gates were not opened during the
floods. The geological structure and hence the
scour resistance of this area could not therefore be
accurately assessed at this time.

It was not until after the testing of the secondary
splllway following completion of the remedial works
that it was possible to examine this area in detail.
The rock floor on the left hand side of the apillway
cut was then seen to be generally unweathered, mass-
ive granite with only a few, narrow zones of laumon-
tite coated Joints. Downetream of the excavation
these Jjoints become more frequent und these Jolnted
zones eventually merge Into the major zone of
laumontlte coated joints in the downstream half of
the main scour channel.

Main Scour Channel Area:

The maln scour channel commenced at the centre of
the spillway riear the end of the concrete chute and
progressed downstream, becoming deeper as it did so,
along an "en echelon” series of laumontite coated
joints and faults, These joints strike slightly
oblique to the channel and form its near-vertical
side walls, The floor of the scour channel was
located almost entirely in unweathered granite and
consisted of stress relief fractures dipping down-
stream at 10° - 30° which were either pre-existing
joints or fractures newly formed during the flood.
The downstream half of the scour channel fellowed one
major zone of laumontite coated joints and it was
here that It attained its greatest depth with two
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scour holes uvp to 30 m deep bhelow the original natu-
ral surface. There was every indication that future
floods would cause these deep scour holes to migrate
upstream towards the splllway chute.

Right Hand Avea:

The right hand half of the spillway cut floor had
suffered a certain amount of relatively minor scour
controlled by weathered, erodible joints (not relat-
ed to failure under stress). Generally however the
granite on this side of the spillway cut was only
sparsely jointed and appeared to have a high scour
resistance. In particular the laumontite coated
joints and faults so common in the main scour
channel were almost entirely absent from this side
of the spillway cut. Immediately downstream of the
right hand half of the spillway cut a flat-lying
sill-like body of £fine grained granite outcroped.
Diamond cote drilling showed this fine grained gran-
ite to have a maximum thickness of about 10 m and to
contain weathered, erodible joints as well as being
generally more intensely jointed than the coarse
grained gramite within the cut Immediately upstream.

5 REMEDIAL WORKS

The scheme of remedial works adopted consisted of
constructing a training wall from the pler separat-
ing gates 5 and 6 so that the four right hand gates
could be operated as a service spillway discharging
up to 2800 m*/s and the five left hand pates
(including gates 4 and 5 which discharge directly
into the scour channel) would then be operated only
as an emergency secondary spillway (Fig. 3). The
service spillway concept was feasible because of the
very massive, sparsely jointed rock present on the
right hand side of the spillway excavation. There
was thus no possibility of a second scour channel
developing which could migrate upstream intc the
service spillway area and undermine the right hand
side of the splllway chute.

In addition to the construction of the training wall
the following work was also carried out:

Concrete lining anchored to the rock of the

upstream half of the scour channel floor to

prevent scour on the rare occasions when it

would be necessary to release water from the
secondary spillway.

Concrete lining of the right hand wall of the
splilway cut, downstream of the chute to pro-
tect numerous weathered and ercdible joints
exposed In the wall of the cut.

Extensive concrete lining of areas within the
service spillway immediately downstream of the
chute where weathered, erodible joints were
exposed in the floor.

The training wall was constructed on massive gran—
ite to the right of the maln scour channel and ter-
minated about level with the downstream end of the
right hand spillway cut wall thus stopping short

of the fine grained granite sill just beyond the
end of the spillway cut.

Under design flood conditions both sides of the
training wall would be subject to water flow and to
obtain a totally secure foundation for the wall it
was necessary to site it well clear of the right
hand wall of the main scour channel. This necessi—
tated an alignment somewhat skewed to the right
rather than one parallel to the spillway flow.

The construction of these remedial works commenced
early in 1977 and was completed in January 1978,
Since that time the remedial works have been tested
up to the following maximum discharges by conttolled
releases: .

Service Spillway 1460 m* /s

Secondary Spillway 160 m* fs

The flow duration at these maximum discharges was
very short (1-2 hours). The general conclusions
reached as a result of these tests are that the
Sexvice Spillway will be capable of safely discharg-
ing its designed capacity of 2800 m®/s. Dis¢harges
from the Secomdary Spillway are likely to cause
further major scour downstream of the spillway with—
out however endangering the safety of the spillway
control structure., The probability of further

scour and the possible requirement for further
remedial work in this area is considered acceptable
in view of the anticipated infrequent operation of
the Secondary Spillway.

6 REVIEW OF ORIGINAL SPILLWAY DESIGN

The geological investigations carried out following
the 1976 floods indicated that the factors respon~
sible for the unusual scour were:

(1) the rock underlying the discharge gully was
more jointed than the surrounding granite
both by vertical, laumontite coated joints
and faults and by near horizontal, presexist—
ing stress relief joints. The natural,
stress concentrating effect of the original
gully profile probably meant that these pre—
existing stress relief joints parallel to
the topography were more intensely developed
beneath the gully than elsewhere. 1In the
near surface rock {2bout the upper 10 m)
these joints wevre generally weathered and some
were filled with erodible material,

(i1) the granite In the Copeton spillway area is
carrying a virgin, horizontal, compressive
stress in the range 15 - 20 MPa. Scour of
the jointed rock In the gully produced a
notch~ilike channel resulting in a concent-
ration of this virgin stress which was then
sufficiently high to cause the granite to fail
by upward buckling (the rockbursts observed
in the floor of the scour chammel). The
failure of the granite under high, horizontal
compressive stress is believed to be the major
factor responsible for the great depth to
which the scour was able to penetrate the
sound unweathered granite.

The failure of near surface rock under high stresses
is unusual but several instances are recorded from
various surface excavations around the worlid. How-
ever the occurrence of this phenomenon in a dam
splllway leading to a major scour problem does not
appear to have been previously reported.

The Copeton spillway, as originally constructed was
closely based on the successful new Wyangala Dam
spillway design. Both these spillways consist of a
gated crest structure capable of handling the Pro-
bable Maximum Flood (of similar magnitude in both
cases) with a short concrete chute which leads to

an unlined channel excavated in granitic rock. Once
the discharge leaves the spillway cut it flows over
the natural surface to return to the river, no
energy dissipation being provided in either case.
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TABLE 1

COMPARISON OF COPETON AND WYANGALA SPILLWAYS

capacity (kW/m)

Fenture Copeton Wyangala

(A) Width (m) 156.06 138,38

Lined Length (m) 70.14 61.19

Head drop {m} from

design flood level to: 26,13 22.77

= end of chute

~ river bed 130 77
(B) Maximum discharge to

date (u’/s) 460 1 870

Maximum Desdign

Capacity (m/s) 14 BOG 14 700
*  Theoretical power of

discharge per unit

width at river bed

level: 3 700 9 800

~ Maximum to date

(kW /m)
- Maximum discharge 120 000 80 000

(C) Topography of discharge
area

Spillway discharges directly
into a gully which runs from
the spillway cut down to the
river. Overall slope of
discharge path from concrete
chute 14 degrees. (1 on 4)

Spillway discharges over a
broadly convex ridge which
disperses flow. Overzll
slope of discharge path

from concrete chute 4 degrees.
{1 on 13}

Geology of discharge
path

Zones of vertical laumontite
coated joints approximately
parallel to flow., Concent-
rated flow in gully scoured
a notch-like channel by
eroslon along these zones.

Significant geological
structures normal to flow.
One major shear zone dental
concreted during construction.

In-situ stress
conditlons

In-situ, horlzontal compres-—
give stress = 15-20 MPa.
Stress concentration due to
initial scour notch caused
rock failure by upward
buckling,

In-situ stress too low to
cause rock faillure.

(D) Scour performance

Peep scour In unweathered
granite underlying
discharge gully,

No significant scour of
mweathered rock,

Theoretical value assuming no dispersion or concentration of flow downstream

of the spillway cut and also no energy loss between reservolr and river bed
below the spillway. Due to concentration of the flow in the downstream half
of the main scour channel at Copeton, the actual maximum value to date could
have been as high as 30,000 to 40,000 kW/m (assuming 1/2 - 3/4 total flow in channel).

This type of spillway design accepts the fact that a
large amount of so0il mmd weathered, near surface
rock will be scoured from the natural surface
downatream of the splllway cut and dumped in the
river bed below the spillway. The basic assumption

is however that this scour will be self-limiting,
with non-erodible, scour resistant rock at a com-—
paratively small depth Below the natural surface
and that once the smcour reaches this depth a more
or less stable situation will develop before there
is any risk of damage to the epillway structure,
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At Wyangala Dam this assumption has proved correct
while at Copeton Dam this has not been the case, at
least im the central pgully area mow occupiled by the
main scour channel. This does net mean however that
the quality of the rock downstream of the Copeton
spillway was significantly inferiler to that assumed
during the design of the spillway. The unweathered
granite outside the zones of laumontite coated
joints can only be described as excellent quality
rock (joint spacings generally in excess of 3 m;
R.Q.D. generally 90-100 per cent). Even within

the zones of laemontite coated joints where joilnt
spacings are generslly in the range 0.1 m to ovar

1 m the majority of the rock would still be describ-
ed as of good quality (R.Q.D. 75-90 per cent).

The design assumption of good quality rock fn the
Copeton spillway was therafore quite correct and it
is necessary to look elsewhere for the cause of the
unsatisfactory scour performance during the 1976
floods, The great similarity of the Wyangala and
Copeton splllways from the geologlcal, design and
operational aspects suggested that the detailed
comparison shown in Table I would be instructive.

The majer factors whose combined effect was respon-—
sible for the Copeton scour and which were absent at
the Wyangala spillway can be summarised as follows:

1. Spillway diacharge flowed directly into an
existing gully. The topography and geology
of the gully area permitted the development
of the Initial, notch-like scour channel.

2. EBEigh in-situ, horizontal compressive stress
in the near surface rock in the spillway area.

Having regard to the generally very good quality of
the granite in the spillway area the absence of
either one of the above factors would very probably
have prevented the development of the major scour
that did occur during the 1976 floods, the magnitude
of which was accentuated by the high head, steep
slope and concentration of flow in the discharge
gully,

It is Interesting to speculate whether a different
location and/or design of spillway at Copeton Dam
could have avolded the major, stress—related scour
problem. Since alternative sites were never invest-—
igated In detall it 1s Impossible to be certain but
nevertheless it does appear to be a plausible specu-
lation that a spillway of the same design at site B
(about 150 m to the right of the existing spillway)
may not have experienced the problems that did

occur in the 1976 floods. The reasons for this
belief are as follows:

A splllway at site B would have discharged eventu-~
ally into the Dingo Lineament Gully and major scour
would have occurred there but this gully would not
have run directly upstream into the spiliway cut
and thus seour in the gully itself could not have
posed a threat to the spilllway structure. There is
alsc a posslbility that the in-situ stresses may
not have been as high west of the Dingo Lineament
as at the existing splllway site. Bowling and
Woodward suggested a possible relationship between
the stress fleld at Copeton Dam and the wvarious
faults (lineaments) in the area and there was some
evidence that the stresses In the existing spill-
way area might be somewhat higher than elsewhere

in the Copeton Dam area.

With regard to the possibility of providing a con-—
crete chute over most of the discharge path it must
be remembered that water flew over an irregular rock
surface is aerated to a much greater extent than
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flow in a concrete lined chute. Had a long concrete
lined chute Been constructed at Copeton the lack of
aeration during major flood discharges would have
resulted in very high energy flows being directed
onto the rock dovmstream of the chute with the
possibility of major scour and also cavitation
damage te the chute concrete.

The important role played by high in-situ rock
stresses in the development of the Copeton scour
indicates the desirability of establishing séme
guidelines as to what level of in-situ stress is
likely to give rise to this type of problem.

According to Cook (1976) slabbing or buckling
faflure occurs when the stress actually being
carrled by the rock approaches a third to a half
the uniaxial compressive stremgth. The actual
stress in the rock depends on the virgin stress
level and on the stress concentration factor; if
any, which applies tc the partlcular location in
question.

Photoelastic model tests carried out by the Hydro-
Electric Commission, Tasmania to interpret the
results of the surface stress measurements in the
Copeton spillway indicated that the maximum stress
concentration facter likely to be encountered in
the floor of a notch-like scour channel is a@out
three,

From a knowledge of the virgin in-sity stress and
the compressive strength of the rock it would then
be possible to assess the probability of rock fail-
ure in the floor of any scour channel which might
develop downstream of a partially lined spillway.

7 CONCLUSTIONS

In view of the apparentiy unique nature of the

stress related scour mechanism experienced in the
Copeton spillway, it is not surprising that it was
not anticipated during the design of the spillway.

The good quality of the granite in the Copeton

area generally and the spilllway site in particular
did justify the type of spiilway design adopted
(partfal lining with no energy dissipation). How~
ever, the Copeton splllway site had a high scour
potential due principally to the high head aphd steep
slope of the discharge path,even without the added
factors of high in-situ rock stresses and unfavoura—
bly orientated geological structures.

Although at Copeton the high rock stresses were a
major and probably a necessary casual factor in the
scour which occurred, it can be said that generally
it would be undesirable to site a high head spillway
such that it will direct high energy discharges
into an existing gully which continues directly
into the spillway cut. 1In general a gully must

be expected to be underlain by rock which is at
least to some extent, less scour resistant than
rock elsewhere where natural erosion processes have
not created a topograpkic depression.

A spillway location which may be quite acceptable
for gpillways with low heads or infrequent dperation
may not be suitable for frequently operating high
head spiliways.

In the light of the Copeton experience it would be
prudent to assess In-situ rock stress levelq at any
petential site for an unlined or partially lined
spilllway. Although sites where stresses are high
enough to cause rock fallure must be rare, neverthe-
less If such failure were to occur it could create

a very serious situation for the safety of the



splllway structure, In particular the possibility
must be investigated of initial normal scour along
an erodible geological feature creating a notch
which then may concentrate the virgin stress by a
factor of up to three. The Copeton scour clearly
demonstrated that a major problem can develop even
though the virgin stress itself is not high enough
to cause rock fallure,
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Zonal Concept for Spatlal Distribution of Fractures in Rock
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Post Graduate Student, University of Melbourne and CSIRO Dlvislon of Applled Geomechanics

SUMMARY

Evaluation of the spatial distribution of fractures within the dolomitic shales at the’Mount
Isa Mine suggests that fractures tend to occur in zones.

Computer modelling of fracture distributions

indicates that the field mapping technique of single line sampling fails to provide sufficient data to

fully characterize the rock mass.

A simple data collection and model formulation concept is described that
will enable the local variability within any rock mass to be assessed.

The method permits the statistical

evaluation of masses in terms of fracture intensities of each set that is likely to be associated with

underground openings of any given shape and size.

This information can then be extended to evaluate the

variability in the mechanical properties of the rock surrounding underground openings,

1 INTRODUCTION

To a large extent, the physical and mechanical
properties of rock masses are functions of the
attitude, geometry and spatial distribution of
faults, joints and other geological discontinuities
within the mass.

Spatial distribution refers to the position of
fracture plane centres within a given volume of
rock. A literature survey indicates that very
little information appears to have been published
on this topic.

A number of writers have recognized the tendency
for sets of fractures to occur in zones, However,
most geotechnical analyses continue to be based on
assumptions that the spatial distributien is rand-
om, It appears to be commonly presumed that the
observed fracture clusters are purely a result of
a4 random process,

Data collected at the Mount Isa Mine suggests that
the observed spatial distribution of fractures at
the mine cannot be explained in terms of the rand-
om model. The study indicates that it may be nec-
essary to invoke a zonal model to satisfactorily
account for the observed relationships within some
rock masses.

2 GEOLOGICAL CONSIDERATIONS
2,1 Data Collection

Structural data requirements for engineering purp-
oses and the necessary sampling procedures have
been described in detail by a number of authors
and will not be reiterated here. The most recent
review of recommended techniques was released by
the International Society for Rock Mechanics dux-
ing 1978, ’

A commonly recommended field mapping procedure is
the line sampling method, where all fractures
crossing a continuous straight sample line are in-
cluded in the data. The principal advantage of
this technique is that it tends to yield unbiased
results. Furthermore, it emables a direct compar-
ison to be made between in situ mapping and orien-
tated drill core data.
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Between 1970 and 1974 most detailed structural data
at Mount Isa Mine were collected by means of exten~
sive line sampling of underground openings and log-
ging of orientated drill cores, i.e. Baczyaski
(1974), Bridges {1975]).

2.2 Orientation and Continuity of Fractures

Although orientation and continuity describe two
very important properties of fracture planes, a de-
tailed knowledge of these parameters is not requir-
ed for purposes of the present discussion. It is
sufficient to mention that field work at the mine
suggests that the distribution of fracture trace
lengths (as encountered along line samples) may be
represented by a lognormal probability density
function. However, evidence for this model is
outside the scope of this paper.

2.3 Fracture Spacing

Investigations suggest that the spacing between
adjacent fractures of each set (along line samples)}
may alsc be best described by means of a lognormal
probability density function. A typical cumulative
frequency plot on logarithmic probability paper is
illustrated in Figure 1, The plot summarizes the
spacing model for two of the fracture sets defined
at the mine. The illusirated results are based on
diamend drill core data and therefore the sample
includes all fractures with continuities down to a
lower limit of about 0.02m.

In general terms, the distributions highlight the
observation that spacing between adjacent fractures
is markedliy skewed towards the smaller spacings in
a manner such that the logarithm of the spacing
variable is normally distributed. This suggests
that fractures of a particular set are not evenly
distributed within the rock mass, but tend to ocecur
in clusters.

3 "RANDOM" SPATIAL MODEL
3.1 Assumptions Underlying Model Testing

The validity of the random model can be most read-
ily tested with the aid of a simple computer prog-
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Vigure 1. Cumulative Frequency Distribution for
In Situ Spacing of Fractures,

ram based on the "Monte Carlo' method {Hammersley
and Handscomb, 1964). ‘The necessary input data
for a fracture set to be simulated consists of:

{i) Average orientation of the fracture traces
which is assigned to each member of the
set,

(it} Model for fracture trace continuity,

(iii) Mean spacing between fractures along line
samples, and

(iv) A suitable model for the number of fract-
ures or the total fracture trace length
to be generated within the defined area.

The first threc parameters may be determined from
ficld data, whereas the fourth requires some
consideration.

Assuming that the dimensions of the area selected
for fracture trace generation are very large irm
comparison to the mean spacing between fractures,
then on the average it would be expected that the
spacing between fractures encounterod along each
and every hypothetical sample line transecting
this area in a direction normal to the trace of
the planes would approach the mean spacing for the
set, On this premise, the total trace length of
zll fractures within the generation area may be
simply derived by the formula:

D
Total frace length = gﬂ x D
p
m
where, Db, = Average dimension of the area
in direction normal to fract-
ure traces {parallel to line
samples),

D = Average dimension of the area
parallel to fracture traces,
and

S = Mean spacing between fract-
ures along line samples.

This estimate of the anticipated total trace
length may be used to furnish the necessary fourtl
parameter.
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The basic computer procedure adopted for generation
of fracture traces within a defined area consisted
of the following three iterative steps:

(i) Random generation of mid-peint coordinates
for fracture trace,

(1) Statistical generation of trace length in
accordance with a fracture continuity
model, and

(iii) Determination of x- and y-coordinates for
extremities of the fracture tracc through
the designated mid-point.

The iterative procedure is concluded when the cum-
ulative trace length of the generated fractures
equals or just exceeds the permissible total length,
The coordinate data may then be output to a plottern
Furthermore, the fracture traces can be computer
tested for intersection with selected sample lines
and the spacing model may be derived.

3.2 Results of Model Testing

Figure 2 presents a typical fracture trace pattern
generated on the basis of the random model. The
most striking feature of this plot is the relative-

1y homogencous density of fracturcs over the entire
areda.

i|lr l.l a. ﬁ'*n" \ Illtll | ' r|i; l.i'l wl |ijll"
idillh l)n |?ll‘ :‘E’lllilll II. ﬁ || i'lj‘l ﬂ, II;I

|| u.m
» L » n “

Figure 2. Typical Fracture Pattern Generated on
Basis of a 'Random" Spatial Distribution
Model for Fracture Plane Centres.
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The resulting cumulative frequency plot for the
spacing between adjacent fractures is presented on
logarithmic probability paper in Figure 3. It is
apparent from this plet that the random spatial
model fails to reproduce the lognormal spacing mod-
el observed at the mine.

4 ZONAL" SPATIAL MODEL
4.1 Data Collection

In order to test the validity of this model, a
mapping programme of continuous area traverses was
undertaken at several locations in the mine. A
simple and rapid procedure was adopted for mapping
of underground openings,

After selected areas were photographed, a set of
suitably enlarged, overlapping photographs werc
used as base maps to mark on the traces of all
visible fractures in the walls of the openings. On
completion of underground mapping, the data were
transferred to non-distorted maps and fracture
traces were assigned to sets on basis of their or-
ientation. A scparate transparent overlay was com-
piled for each set,

4.2 Data Analysis and Model Development

Each transparent overlay was sub-divided into unit
areas, in the manner illustrated in Figure 4. For
purposes of the analysis, '"unit areas'' were defined
as an area equivalent to 1.0m? in the direction
normal to the average strike of the fracture set.
This permitted the dimensions of unit areas to be
adjusted according to the angular relationship be-
tween the strike of the set and the strike of
underground openings, such that the "normalized”
unit area remained the same or constant.

Figure 4. "Unit Area” Concept.

The total trace length of each set of fractures was
determined within each unit area. The prime purp-
ose of these analyses was to derive a model for the
variability in the intensity of fracturing between
unit areas (Figure 5}, including determination of
conditional probability density functions for the
extent of fracture intensity "zones" in directions
parallel (Figure 6) and normal to the average trace
of a set.

To enable the 2-d model to be extrapolated into the
third dimension, it was necessary to assume that
each fracture plane continued for a unit distance
into the third dimension, e.g., & 2-d unit area
with an intensity of 8.0 linear metres of fracture
traces was converted in the 3-d model to 8.0m? per
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cubic metre unit domain. In short, this model
asstmes that for each fracture set, each unit vol-
ume of the rock mass is homogencous for a metre
in the direetion parallel to the average strike
of the set.



1t is apparent that such assumptions would be very
difficult to justify in situations where a relative-
1y large dimension had been selected for unit areas
or volumes. The smaller the dimensions, the more
likely it is that the assumptions are valid. The
dimensions of unit areas selected for the Mount Isa
Mine study are approximately 2.5 times the mean
spacing between fracture planes of the most commen
set and about 0.7 times their mean trace length.

4.3 Model Testing
4.3.1 Objectives of Tests

The prime purpose of the tests was to verify that
the "zonal' model would yield the same mean fract-
urc intensities per unit volume, as well as the
lognormal spacing along line samples.

4.3.2 Testing Technique

The validity of the model was tested by comparing
the above two parameters as generated by the comp-
uter modelling process with the prototype. A comp-
uter program developed by the author was used in
the analysis. The basic principles underlying the
program are indicated below.

(1) Selection of the desired dimensions for the
test block and sub-division into unit vol-
umes,

(ii) Assignment of fracture intensities to unit

volumes in accordance with the statistical
model determined for the set,

(iii)} Generation and location of fracture planes
within the test block until all designated
local intensities within the test block are
satisfied, and

(iv) Calculation of mean fracture set intensity

per unit volume of the test block and
generation of fracture plane patterns on
selected planes "cut" through the block.
Determination of spacing model for adjacent
fracture traces along line traversces,

4.3.3 Results

On the basis of several hundred test blocks, cach

comprised of approximately 3500 unit volumes, that
were generated for each fracture set, a reasonable
correlation was achieved between the generated and
in situ fracture intemsity, as well as the spacing
model for adjacent fractures along line samples.

The results for the fracture sets delineated in the
dolomitic shales at the mine are summarized in
Table I, which indicates the in situ and generated
mean intensities per unit volume of the average
test bleck.

Table 1

Mean Intensity of Fractures per Unit Volume of Block

Fracture Set In situ Simulated
1 2.17 2,15
2 2.17 2.15
3 1.12 1.12
4 0.24 0,27
5 g.12 0.14
6 0.28 0.31
7 0.05 0.06
8 0.23 0.27
g 0.15 0.18

10 0.12 0.14
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The typical fracture pattern generated with one set
is illustrated in Figure 7 and the corresponding
line sample spacing results are presented in

Figure 8.
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Figure 7. Typical Fracture Pattern Generated on
Basis of a "Zonal" Spatial Distribution
Model for Fracturc Plane Centres.
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Figure 8. Cumulative Frequency Distribution for
Spacing of Fractures Generated on Basis
of a "Zonal' Spatial Model.

Figure 9 illustrates a typical pattern generated
with the first six sets listed in Table I above.
Rock mass variability and the contrast between low
and high fracture intensity sub-domains are high-
lighted by this figure,

5  PRACTICAL APPLICATION OF ZONAL CONULPT

The results indicate that fracture distributions
generated on basis of the 'zonal! concept are not
only in accord with field evidence, but also they
highlight to a greater extent the true variability
within rock masses.

Provided that suitable sample areas exist, then the
described principles of data collection can be
applied to any rock mass, irrespective of the spat-
ial distribution of fractures within them. More-
over, the additional data necessary for the devel-
opment of a "zonal' model is not excessive, and the
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Figure 9. Typical Fracture Pattern Generated on
Basis of a "Zonal" Spatial Distribution
Model for Six Sets of Fracture Plane
Centres.

investigation programme can be completed within a
relatively short period of time. It should also be
possible to derive similar models on the basis of
orientated drill core data from two or more bore-
holes drilled patallel and within very close prox-
imity to each other,

Once the field data have been analysed, the deriv-
ed model may be utilized im its "rough" form, or
alternatively it may be approximated by means of
some standard statistical distribution such as

the Gaussian or Poisson probability functions.
However, care should be exercised to ensure that
standard distributions are not always assumed even
where these exhibit a poor degree of correlation
with the "rough" distribution. An adequate sample
size is necessary in all cases,

After formulation of the statistical model, it is
then a routine matter to evaluate the variability
in the average fracture intensity between rock mass
blocks with any specified dimensions.

This information then yields a better understanding
of the ground conditions that are likely to be
encountered in the mass. For example, given the
block dimensions, an iterative 'Monte Carlo" method
can be used te sample the population in oxder to
evaluate the variability in modulus (provided that
the normal and shear stiffness of fractures and
intact rock are known}, or to assess the likely
range of various rock mass classification ratings
(from which such parameters as stand-up time, sup-
port requirements, modulus, and others may be
deduced).
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6  CONCLUSIONS

The evidence presented suggests that the observed
spatial distribution of fractures in at lea'st one
rock mass is not random, However, a zonal distrib-
ution appears to account for the lognormal model
derived for spacing between adjacent fractures of
the same set which transect straight line samples.

The spatial distribution of high intensity zones is
assumed to be random for a defined volume of rock
mass. On the other hand, the 2.d extent of zones
in directions parallel and normal to the average
orientation of fractures within them may be predic-
ted statistically,

The zonal model approach offers & rapid and simple
field method for the statistical evaluation of the
rock mass in terms of fracture intensities of each
set which is likely to be associated with under-
ground openings of a defined shape and size. The
model also provides a basis for the assessment of a
number of rock mass parameters, including strength,
modulus, stand-up time and others in terms of pub-
lished rock mass classification systems.

In view of the fact that data collected purely on
the basis of single line samples did not furnishall
the necessary information for the 2-d or 3-d under-
standing of the spatial distribution of fracturesin
rock, the explicit use of this sampling ‘technique
should be reassessed. Consideration should be given
to use of continuous area samples to supplement line
sample data.

7  ACKNOWLEDGEMENTS

The study was undertaken as part of a post graduate
project which is financially sponsored by Mount Isa
Mines Limited. The writer also gratefully acknow-
ledges the generous assistance provided by the CSIRO
Division of Applied Geomechanics., The supervisory:
capacity of Mr. W.E. Bamford and Dr. J.R. Barrett
during the course of this work are greatly apprec-
jated. The text was reviewed by Mr. D.R. Miller

of CSIRQ.

8  REFERENCES

BACZYNSKI, N.R.P. (1974). Structure and Hanging
Wall Stability in Lead Orebodies at the Mount isa
Mine. Thesis (M.5c.), James Cook University of
North Queensland.

BRIDGES, M.C. (1975). Presentation of Fracture
Pata for Rock Mechanics. Proc¢. Second Aust. N.Z.
Conf. on Geomechanics, Brisbane, July 21-25,
pp.144-148.

I.S.R.M. (1978). Suggested Methods for the Quant-
itative Description of Discontinuities in Rock
Masses, Int. J. Rock Mech. Min. Sci. § Geomech.
Abstr., Vol.15, No.G, pp.319-368.

HAMMERSLEY, J.M. and HANDSCOMB, D.C. (1964). Monte
Carlc Methods, Methuen § Co. Ltd., London,
178p.






A Rational Approach to the Polnt Load Test

J. R. L. READ
Superintending Gecloglst, Melbourne & Mstropolltan Board of Works
P. N. THORNTON
Senlor Geolegist, Melbourne & Metropolitan Board of Works
W. M. REGAN

Senior Geologlst, Coffey & Partners Pty Ltd,' Malbourne (formerly Project Geologist, MMBW)

SMMARY Conversion factors correlating point load strength with uniaxial compressive strength are subject

to errors.

In addition, test results may be affected by sample anisotropy.

Examples are given to show

that provided these limitations are recognised the test can be successfully used to measure the strength of

rock samples and classify rock.
1 INTRODUCTICH

The point load test has been proposed as a quick,
simple and accurate test to measure the strength of
rock samples.

As originally described by Broch and Franklin (1972)
and recently re—affirmed by Franklin (1977}, the
indirect tensile strength as measured by the point
load test was postulated to be closely correlated
with uniaxial compressive strength. A conversion of

ucs = 24 x Is(50)
where UCS = Uniaxilal Compressive Strength
and Is(50) = Point Load Strength Index for

50 mm Diameter Core

was proposed and was incorporated in the methods for
determining the point load stremgth index suggested
by the ISRM Committee on Laboratory Tests (1973).

It is our experience that the suggested conversion
factor of 24 cannot be universaily applied. Also,
test results may be affected by sample anisotropy
requiring modifications to the specified sample
length to diameter ratio.

Although these aspects represent changes from the
concept proposed by Broch and Franklin, once apprec—
lated they need not limit the usefulness of the test,
Examples of the variability of the conversion factor
and examples of meaningful applications of the test
in investigation and construction are described,

2 CONVERSION FACTORS

As more and more data from various sources becomes
available, it is increasingly apparent that a value
of 24 cannot be used as a universal conversion
factor. TFor example, after studying 13 different
rock types, Pells (1975) concluded that :

For certain rock materials the UCS value that
is predicted using the point load test and a
canversion factor of 24 is sufficiently accur-
ate for many engineering design and classific-—
ation purposes (error less than 20%).

. There are certain rock materials, not identif-
iable visually, for which the point load test
predicts UCS values that are significantly in
error {error greater than 20%).

Because of these conclusions Pells recommended that
whenever point load test results are used to predict
unifaxial or triaxial roeck material strengths, at
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least some conventional UCS test should be performed.

Work on rocks found in the Melbourne area support
these conclusions and recommendation.

Two groups of results are presented comparing Is(50)
and UCS results for sedimentary rocks and basalts
exposed in and around Melbourne.

2.1  Sedimentary Rocks

Three types were tested: sandstone, siltstone and
laminated siltstone. A minilmum of 14 Is(50) and B
UGS tests were carried out on each category tested,

TABLE T

DEFINITIONS OF WEATHERING AND ALTERATION

WEATHERING
Extremely (EW) Texture of the original rock
still evident but rock substance
exhibits soil properties, i.e.,
can be remoulded and classified
according to the Unified Soils
Classification,

Distinctly (DW) Weathering is distinct in that
there is either a colour change
and/or amarked change in physical
properties from fresh rock sub-
stance. The porosity may be
greater or lesser tham the orig-
inal rock substance due tc leach—
ing or deposition of minerals.
Slightly (SW) Rock substance partially stained
or disceloured but strength prop-
erties essentially those of fresh
rock substance.

Fresh (Fr) Rock substance apparently
unaffectad.

ALTERATION OF BASALT

The rock substance shows a greem-black or light blue
colouration due to the formation of montmorilicnite
group minerals and vesicles become f£illed with clay
minerals. There is usually some loss of strength
compared with weathered rock.

The Is(50) results are based only on diametral
tests. Cores which failed along bedding, cleavage
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Figure 1

or other obvious defects were discounted. The samp-
les tested were subdivided on the basis of the
project, rock type and degree of weathering as def-
ined in Table I, The mean and standard deviation of
the Is(50) and UCS results were then caleculated and
the comparison is plotted on Figure 1. WNot every
rock type and degree of weathering occurred at each
project.

The line of best fit approximates a conversion fact-
or of about 20 with a correlation co-efficient of
0.97. However, the results show a high degree of
scatter, conversion factors ranging between 10 and
45, Within this range different lines of hest fitc
can be recognised., For example, the line of best
fit for distinctly weathered siltstone at Project
Site 1, represented by Result Pl, is about 17 and
that for fresh siltstone at Project Site 2, repres-
ented by Result F2, 1s about 22.

2.2 Basalt

Basalt sampled from an area west of Melbourne was
subdivided on the basis of degree of weathering and
alteration as defined in Table 1. The results of
65 UCS and 304 Is{50) tests are summarised on
Figure 2: the average number of UCS tests for each
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Test results, sedimentary rocks

of the categorles on Figure 2 was 7 and of Is(50)
tests was 34.

From Figure 2 it is difficult to allocate a simple
line of best fit passing through the origin although
1f there is one, it 1s obviously closer to 12 than
24, However, lines of best £it of 7.5, 11 and 16
can be allocated., On the basis of these lines the
followlng general relationships can be recognised :

. Irrespective of the degree of weathering, the
more veslcular the basalt the lower the
conversion factox.

. If the basalt Is altered the conversion
factor increases to the next highest conversion
factor.

In both of these cases the degree of alteration does

not infliuence the relationship for the less vesicul-

ar basalt.

2.3 Errors

The ISRM suggested method states :

"Rocks to be classified are first divided into
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Figure 2 Test results, basalt

units, each of which is considered on the Howaver, the actual range of UCS results determined
basis of preliminary inspection to have by testing was from 93 to 143 MPa. Therefore, the
uniform strength. derived values have underestimated the UCS by 33% in

cne case and overestimated it by 1% in the other.
One sample of rock containing sufficient

material for the required number of test
specimens is then selected from each unit."

During normal core logging the sample suggested by

& N
the ISRM will usually be much smaller than those \
represented on Figures 1 or 2, The errors involved 7%
in using a comversion factor on such small samples le N, . : T .
~, .
\\ . N
~

should be appreciated. For instance, Figure 3 shows ¢ N

the results obtained for dense, slightly weathered \ DN \
altered basalt. Using a conversion factor of 16 and \\\ .
the mgan result of the 56 Is{(50) tests for Group I 38 o
(Fig. 2) the derived UCS value is 103 MPa, 12% under N ~
the actual mean UCS wvalue of 118 MPa. 2% <

Is (50} MPa
[

Also, if a smaller sample is considered the Ls{(50) “ao3 w3 e
value used may not be the mean but would tend to be Y oo . o
within the range of 3.9 to 9 MPa, as shown on = 0 ucs MS:

Figure 3. Using the conversion factor of 16 provid-

es derived UCS values ranging from 62 to 144 MPa.

S

Figure 3 Example of conversion errors
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The range of errors obviously vary from rock type
to rock type. The example quoted is by no means
unique and, in fact, there are many rock types in
which the errors involved in conversion from Is(50)
to UCS on a small sample (but acceptable within the
guidelines suggested by the ISRM)} are much larger.

2.4 Implications

The implication of the data presented above generate
two conclusions @

Lrrors in derived UCS values vary from rocl
type to rock type and can be significant.

Because of the wide range of results that

can be obtained, it is necessary to establish
an appropriate conversion factor for partic-
ular rock types from particular areas by
testing, especially if the derived UCS values
are to be used in further calculations.

Together, these two conclusions suggest that it
would in fact be preferable to base rock strength
on either Is(50) or UCS results and not to relate
the two tests, One is an indirect tensile test,
and the other a compressive test. Whilst general
comparisons may be made geological factors such as
differences in composition and texture exist which
make particular rock types behave differently in
the two types of tests.

3 ANISOTROPY

As described above, only failure through the rock
substance were used for the diametral Is(50) results
presented above. This was necessary as it has been
found that test results may be grossly affected by
sample anisotropy. With bedded rocks, for example,
failure may occur along bedding planes rather than
through the rock substance, Pells {(1975) found that
it was impracticable to use diametral Is(50) results
to derive UCS values for a highly anisotropic sand-
stone., We have had the same experience and have
also found that when bedding 1s inclined at more
than about 20° to the axis of a sample, it is
difficult to perform a satisfactory test using the
ratio specified for axial tests.

At one project site the dip of an interbedded
sequence of siltstone and sandstone ranged from 10°
te 70° but was mostly about 30°. Totally inconsist-
ent diametral test results were obtained and the
diametral test was discontinued. However, it was
found that when axial tests were attempted at the
specified length to diameter ratio of 1.1 the samp-
les either rotated between the platens or broke off
at the edges. After some experimentation, it was
found that consistent results could be obtained
when a ratio of 0.65 was used. This value was
therefore adopted as the site standard.

4 APPLICATTONS

Criticisms of the point load test, based on
experiences similar to those described above, have
been veoiced and doubts as to the usefulness of the
test have been expressed.

We believe that many of the opinions are unnecess-—
arily harsh. As with many other methods of invest-
igation, geophysics for example, it is more amatter
of being aware of the limitations of the test and
ensuring that it is used only when and as approp-
riate,

Thiree inter-related examples invelving the proving
of rock durability, rippability assessment and
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rockfill control measuves are presented to demonst-
rate how the point load test can be meaningfully
and successfully applied. The examples are all
from the preoject mentioned above, where a site
standard of 0.65 was developed and adopted for axial
tests on a sequence of interbedded and folded silt-
stone and sandstone. It involved the use of Is(50)
results rather than derived UCS values.

4.1  Durability Testing

The polnt load test was one of several tests used

to demonstrate the long term durability of fresh or
slightly weathered siltstone which was regarded as
a potential source of rockfill. The tests were
carried out on samples taken from 90 year old spoil
dumps as well as on samples taken from the potential
quarry and exposed for 2 weeks after recovery from
cored horeholes. The results from the spoil dumps
averaged 5.1 MPa for slightly weathered siltstone
which was slightly stronger than the average 4.6MPa
obtained for the 2 weeks old slightly weathered
siltstone. In conjunction with the other tests,
vhich included aggregate crushing tests and long
term observational weathering tests, this result was
taken as good proof of the long term durability of
the fresh or slightly weathered siltstone when it
was kept in a stable moisture environment away from
the effects of sun, rain and frost.

4.2  Rippability

For any particular tractor and ripper arrangement
used, the rippability of a rock mass will depend on
the rock substance styength and the nature of the
rock mass defects, including their strength, spacing,
orientation and continuity.

Up to a certain substance strength the rock at the
site usually broke readily through the substance
regardless of the nature of the rock mass defects.
Above this strength it was usually increasingly
difficult to break the rock through the substance
and ripping proceeded only if the rock mass was
intersected by a sultable pattern of defects along
which it could break up.

Ripping trials and production ripping with
Caterpillar D7, DB, D9 and Komatsu D333A tractors
were monitored and showed that the largest tractor
could rip a distinctly weathered siltstone/sandstone
rock mass with an average rock substance Is{50) of
up to 2.5 MPa with little difficulcy.

Above 2.5 MPa there was increasing substance resist-
ance and rippability depended iucreasingly on the
pattern and nature of the defects. Ripper penetrat-
ion decreased from 500 mm at 3 MPa te 300 mm at

4.4 MPa, with fracture initiating along the defects
and further breakdown occurring under the tracks.
Over 4 MPa there was a reduction in the maximum
particle size from 1000 to 300 mm. There was also
a marked effect on the fines content with 50% minus
20 mm at 3 MPa reducing to 15% minus 20 mm at 4.4
MPa.

As a result of these observations it was possible to
correlate the degree of weathering, Is(50) and ripp-
ability for the rock mass throughout the project
site. As described below, this correlation was then
used as the basis of a rock classification system
used to control rockfill quality on the project.

4.3 Rockfill Quality Control
The degree of weathering and the Is(50) of the wock

substance were combined with seismic velocity,
rippability and visual appearance of the rock mass,



TABLE IT

ROCK MASS CLASSIFICATION

K 5 EX .TED
REATHERTNG SUBSTANCE |, SEISMIC RggUAgiYs MA$§§§ALS
GRADE STRENGTH VELOCITY APPEARANCE
OF 15(50), MPa o/ sec RIPPABLE SUITABLE
SUBSTANCE ? * BY FOR -
5 DW to EW 1.5 1000 D7 Browvm, orange-brown| Unsuitable for
reddish-brown random f£ill or
rockfill
4 oW 1.5 to 2.5 1oco D9 bominantly hrown
to with up to 50%
2200 light grey or
' grey-browvn laminae Random
Fill,
3 DV to SW 2.5 to 4.0 2200 D9 with Dominantly dark to | - 204 fines
after
to favourable | light grey with up i
3060 defect to 50% grey-brown compaction
pattern laminae ¢
2 SW 4 to 6 > 3000 Not Dark to light grey
rippable with up to 10% Rockfill,
grey-brown laminae
< 10%Z fines
after
1 Fr 6 > 3000 Not Dark to light grey compaction
rippable

and the results of field embankment compaction trials
to produce the rock classification shown on Table 2,

Quarry control measures were related to the end
product in the embankment combined with a visual
assessment and a point load test of the rock in each
bench in the quarry. The Is(50Q) values ipdicated
in Table II were used in the imitial stages but, as
more data became available, they were modified to
fit a statistically derived minimym standard. This
required that not less than 50% of each sample had
an Is(50) of greater than 4 MPa and not more than
25% had an Is(50) less than 3 MPa, To check this
at least 10 lumps of rock were sampled from a bench
firing. Ten samples were cored normal to the bedd-
ing in each lump, trimmed to the site standard of
0.65 and then tested axially giving at least 100
results for statistical comparison with the required
minimum standard.

Once the necessary procedures had been standardised,
one person could carry out the complete test within
a day.

5 CONCLUSIONS
The following conclusions are made :

- The point load test Is a relatively quick,
simple and inexpensive method of determining
rock strength and classifying rocks.

If a relationship between Is(50) and UCS is
to be used 1t should be obtained by testing.

. The errors involved in deriving UCS values
from 1s(50) values may be significant.
Certain of these errors are numerical.
However, one test is an indirect tensile
test and the other is a compressive test,
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and it may not be valid to make other
than general comparisons.

« Anisotropy may seriously affect point load
test results and may necessitate the adopt—
ion of a non=-standard test specification.

+ Despite the limitations imposed by the
conclusions above, it is possible to
successfully and meaningfully apply the
polnt load test provided these limitations
are realised and the test 1s not misapplied.
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Physical Modelling of Sequential Slope Fallure
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SUMMARY A precis of the design considerations and testing resuits associated with the physical model study

of the kinematics of a slope failure is given.
by a thin weak cohesive stratum.

1 INTRODUCTION

The majority of analyses and numerical models
azsociated with the investigation of slope stability
are based on the concept that soil, or rock, behaves
as a continuum. Although this approach is
satisfactory for some soils, it has been shown that
the response of granular materials may be more
aptly described by discontinuum mechanics {e.q.
Trollope, 1968). Because of the nature of granular
materials, the stahility analyses used for the
design of slopes may not be relevant due to the
invalidation of the assumptions inherent in the
analyses. Furthermore, the importance of the slip
mechanism and the physical constraints promoting

its formation are generally disregarded in the

slope stability calculations.

The study reported here was concerned with the
definition of the kinematics of failure fox a
granular slope underlain by a thin weak stratum.
Although the range of application for the results

is relatively small, the situatien is found in many
surface mining operations. The development of a
physical model for the study revealed several
design characterstics and means for the
interpretaticon of results whichk should be considered
in all plane strain modelling.

2 FIELD EXAMPLES

The mechanism which resulted from the failure of a
granular slope underlain by a weak layer was
primarily of the two-wedge type. Figure 1 shows
the general form of a failed slope, which is more
distinet in cases where the transition between the
slope and the weak layer is well defined; and the
layex is thin in comparison with the height of the
slope. Mining waste dumps have provided many
excellent examples of the two-wedge mechanism with
some being reported by Blight (1969) and Boyd et al.
{1978), and it may be demonstrated that a two-wedge
mechanism may have been present in the initial
stages of the Aberfan disaster {vide Bishop et al,
1969), The formation of the two-wedge mechanism
has been observed in embankments and natural
slopes; however, the clearly defined nature of the
landslips associated with mining waste dumps led

to the concentration of research in that particular
area.

With reference to Figure 1, some of the important
features of the two-wedge slip in field cases are:
i) a relatively thin weak base layer;
ii} uniform movement along the base slip plane;
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The case investigated was a simple granular slope underlain

Scarp behind crest

Mid-height berm H
S
Toe Intact
toe block
N\ B
ra i -~ prad
'[_. X -i Weak base layer

Figure 1 General slope failure profile

iii} intact condition of the toe block, and
sometimes a rill of foundation material
pushed up by the toe block;

iv} the appearance of a mid-height berm or a
gentle S-shape of the slope face; and
v) foxmation of a alip scarp just behind the

crest of the slope.

Thus, a successful physical model of the field
situation would reflect the characteristics of the
slope both before and after a slump., Many mining
dump failures were of considerable lateral extent
and could be properly considered as plane strain
phenomena.

3 PHYSICAL MCDEL FORMULATION
3.1 Purpese of Medel

The research was based on the events which led to
the formation of a two-wedge failure mechanism,
rather than the response of a particular prototype.
Tharefore, the use of similitude was not critical,
although some broad characteristics (outlined
above) needed to be included in the response of the
model. James {1971) discussed three classes of
physical model from which the second class was
chosen for this study. This approach required the



detailed measurement and analysis of a small scale
model as if it were a prototype, after which the
analysis. established to be most suitable for the
situation was applied to a full scale prototype and
the responses compared.

Because of the important role played by the two-
wedge mechanism in the failure of the slope, the
definition of the kinematics of that mechanism was
the chief factor in the choice of model and
subsequent design of the experimental apparatus.
The use of a physical medel in preference to a
numerical model stemmed from the extreme difficulty
in reproducing real material response and large
scale movements; however, twe models, one a block
jointed finite element program {cf. Burman, 1971)
and the other a dynamic relaxation program (cf.
cundall, 1971), were used for a qualitative
comparison with field and physical medel responses.

3.2 Details of Model

The model was at laboratory scale {in the oxder of
1 m long) and consisted of two dissimilar materials.
The granular slope was constructed of a well graded,
cohesionless, dry silica sand in a loose state with
the face of the slope at the sand's angle of repose.
Thig slope rested on a horizontal uniform layer of
bentonite siurry, mixed to a moisture content of

9006%. The dimensions of a typical model slope
were:

Base length 1100 rmm

width 745 mm

Height 430 mm

Angle of repose 34

Sand density 1500 & 20 kg m °
bentonite thickness 5 - 30 mm,

Further information on material characteristics is
given in a later section.

3.3 The Modelling Apparatus

It is not feasible to construct apparatus which
does not have any effect on the materials used;
however, there are certain design characteristics
which may be incorporated in the design of the
apparatus which will significantly zeduce any
adverse response. Deflections within the apparatus
were limited to less than 1% of those expected to
induce an "active" state in the sand under maximum
loads (cf. Arthur and Roscoe, 1965); and the width
to height ratio was 1.9, which would promote plane
strain conditions (cf. Bransby and Smith, 1975).
The effect of sidewall friction was minimised by
the use of plate glass thoroughly cleaned with
acetone hefore each test.

The bentonite was not strong enough to support the
full thrust of the slope; therefore, a mechanical
device along the sand-bentenite interface supported
the slope and was retracted for the initiation of
failure. This device tended to hasten the first
few millimetres of movement, but an experiment
which did not employ the base strengthening device
showed that it did not affect the sequence of
development or the characteristics of the failure
mechanism. Figure 2 shows a schematic diagram of
the strengthening device which was fixed beneath
the floor of the sample enclosure.

4 MATERTAL CHARACTERISTICS
4.1 todes of Testing

The description of the stress~deformation
characteristics of loose sand is dependent on the
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Figure 2 Strengthening device

type of test used, Thus, it was necessary to use
plane strain tests at low confining pressures (less
than 10 kPa) to record the response of sand as it
might be observed in the model. Although the
difference in strength (internal friction angle)
between plane stxain and triaxial tests on loose
sand is very small, the deformational response in
the test is significantly different, with the plane
strain sample showing a much faster rise to peak
strength and an increase in volume under axial
compression (cf. Lee, 1970). Because of the
possibility of some error in the data from the
plane strain tests, a series of direct shear tests
was carried out and the results were found to agree
with the former tests. The bentonite was used in a
state beyond its liquid limit ("600%) and behaved
as a non-Newtonian filuid. The bentonite had a
yield stress and was thixotropic; however, limited
testing facilities permitted only an order of
magnitude estimate of the yield stress to be made.

4.2 Interpretation of Tests Results

The sand's stress—deformation response in plane
strain was compared with several continuum and
particulate theories such as the Mohr-Coulomb
criterion, Rowe's stress-dilatancy theory (Rowe,
1962), Parkin's particulate model (Parkin, 1965),
and the Granta Gravel critical state model
(Schofieid and Wroth, 1968); however, none of these
approaches proved satisfactery. The author found
that the Freudenthal {extended von Mises) failure
criterion fitted the observed stress response, but
there were insufficient reliable test results
available to extend this part of the reseaxch.

The study of the kinematics of failure led to the
derivation of a deformational failure criterion
which corresponded well with the octahedral stress
characteristics measured during the plane strain
tests. Figqure 3 shows a generalised representation
of this criterion which is summarised as:
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Figure 3 Deformational failure criterion
i) initial compression up to 1 mm movement;

ii} onset of failure when the rate of volume
change becomes zero, followed by growth of
the shear zone at constant dilatancy up to an
axial deformation of 5 mm;

iii) cessatien of growth of the shear zone with
furthex slip taking place within the zone at
practically zero dilation.

An estimation of the strength of the sand was made
using a Mohr~Coulomb diagram in which the failure
was defined along the observed slip plane rather
than along the ang%e of maximum obliquity, and
vielded 35  and 33 for peak and residual values
.respectively.

An extrusion rheometer was used to estimate the
yield strength of the bentonite slurry and a value
of .7 kPa was measured; however, the reliahility of
the value was low and should only be considered as
an order of magnitude indicator. fThere was no
measurement of the increase of the yield strength
due to thixotropy, but the elapsed time between the
placement of bentonite and the initiation of
failure was kept at approximately 1% hours in each
of the experiments.

5 MCDELLING RESULTS
5.1 Testing Programme

The major wvariable in the model was the thickness
of the base layer, indicated in Section 3.2. A
total of thirteen tests were carried out with at
least two tests at each base thickness to ensure
the repeatability of the results., Eight of the
tests were recorded with a 16 mm Bolex movie camera
and the resulting films were examined in detail for
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the qualitative description of the failuxe
sequence. The remaining tests were recorded using
a 35 mm single lens reflex camera with frames taken
at varying time intervals and one of these sets was
used for a guantitative examination of the model
response. The measurements were made through a
digitised Zeiss Stecometer with the data being
punched cnto paper tape and typed for a hard copy.

5.2 Sequence of Failure

Both qualitative and quantitative evidence was
examined for the determinaticn of the sequence of
formation of the two-wedge failure mechanism.
Pigure 4 shows an idealised form of this sequence
in four parts:

i) the simultaneous development of two slip
planes - cne through the weak layer and the
second through the granular slope cutting the
free surface just behind the crest; between
the two planes is a broad shear zone dividing
the front of the slope into toe and crest
regions; i

ii) movement of the two regions along their
respective slip planes with the distortion in
the shear zone tilting the lower half of the
crest region away from the toe;

iii} formation of a third slip plane within.the
shear zone between the first two planes with
no further shear distertion in that zone; and

iv) movement along the three slip planes with
negligible volume change within the toe and
crest regions.

The method of data collection and recording did not
allow any further distinction in the initial stages
of the failure sequence; however, it is the
author's opinion that the first two slip planes
form concurrently.

By observation of coloured sand lines in the model,
the displacement at which the slip plane through
the siope was first recognised was measured. The
average of six values was 9 % 2% mm and the
predicted displacement was 6.2 mm, using the
author's deformational failure criterion {wvide
Section 4.2). BAn alternative prediction for the
formaticon of the slip plane based on a failure
strain gave the necessary displacement as 25 mm,
which was more than twice the observed value.

5.3 Deformation of the Weak Layer

The characteristics of the slip planes in the
granular slope were the main feature of the
modelling results; however, the deformation
patterns in the hentonite gave information which
supported the definition of the sequence of
failure. The slip plane through the bentonite
formed close to the bottom of the layer with an
abrupt termination at the point of intersection of
the three s5lip planes which formed the mechanism,
The weak layer beneath the immediate toe of the
slope buckled in compression during the formaticn
of the mechanism and did not push cut a “passive"
wedge, as might be expected. The horizontal
displacement of the weak layer above the slip plane
was constant along its length.

5.4 Characteristics of Mechanism

i
The characteristics of the slip mechanism in plane
strain were not directly obtained from the
photographs at the side wall due to the frictional
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Figure 4 Failure $Seguence

effects; however, after corrections were applied,
the values for the parameters defined in Figure 1
were:

a = 752 + 102
g = 562 % 5
% = 1.15 % .1

variation of the thickness of the weak layer

(5-30 mm} did not alter the sequence of formation
or the characteristics of the mechanism. The total
displacement of the toe region varied non-linearly
with the thickness of the layer and the
relationship was: ’

]

s 40 (el - 2} (1}

k]

where s total displacement (mm},
£l logs £,
t layer thickness (mm).

] FURTHER USE OF RESULTS

The next stage in the modelling process was to
attempt to descrilbe the observed results by a
stability analysis or a numerical model. The
scope of this paper does not allow further
discussion on this matter, which may be pursued in
Dunbavan {1979).

2-44

The basis of this modelling arrangement may produce
more meaningful quantitative raesults with the use
of large furmat cameras and different exposure
techniques. It may be possible to place
ingtruments within the model; however, great care
would be regquired to ensure that the presence of
the instruments did not influence the sequence of
development of the mechanism.

3 CONCLUSTONS

The use of an idealised small scale physical model
showed that a two-wedge mechanism, which had some
similarity with field situations, developed in a
discrete sequence of events. There was no evidence
to support the relevance of progressive failure (by
stress distribution) to the formation of the
mechanism. ZLarge scale movement of the toe region
was dependent on the formation of the third slip
plane; however, the visual recognition of & slip
plane is related to the deformational response of
the particular material in the slope. The :
deformation required to form particular slip planes
does not alter the concept of the kinematics of
failure being a discrete sequence of events.

The development and investigation of the model
revealed that frictional edge effects may not be
discounted; however, careful attention to the
relationship between the displacements at the
centre and the side walls of the model allowed
these effects to be corrected. The response of the
model was interpreted with the knowledge of the
stress-deformation characteristic of the material,
which had been established in plane strain tests at
stress levels similar to those in the model. A
review of some literature on plane strain and
triaxial testing of loose sand showed that the
atress-deformation response used in conjunction
with a small scale model reguires attention in the
use of relevant constraints.
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SUMMARY Threshold conditions required to Induce landsliding on Otago Peninsula and in Wellington City are
identified by employing water balance calculations and antecedent rainfall indices to define the soil

water status preceding each daily rainfall.

1 INTRODUCTION

While mass movement is one of the most important
erosive processes on much of New Zealand's hill
country, very little quantitative data is available;
this is particularly true for the time of occurr-
ence of mass movements because of the obvious diff-
iculties of observing an extreme event which is
discontinuous in both time and space. This paper,
then, draws on information of variable quality com-
piled over a period of 12 years for three areas:
Otago Peninsula, Wellington City and the Wairarapa.

As Selby (1979) has noted, 'nearly all examples of
regional landsliding in recent years have occurred
during individual storms or as a result of pro-
longed wet periods'. It is therefore reasonable
to assume as a starting point that there is a rain-
fall threshold above which landslides will occur,
and below which the input of rainfall to slopes is
insufficient to trigger mass movements.

An examination of daily rainfall records shows
that, instead of the presence of a distinet thresh-
old, there is a wide range of rainfall values asso-
ciated with landslide events. During 1974, land-
slides were reported to the Wellingtom City Corpor-
ation or in local newspapers on 20 individual days
with rainfalls ranging from 3 to 88 mm. If the
20 December 1976 storm is included, Wellington City,
since 1974, has experienced landslides on days with
recorded rainfalls ranging from 3 to 236 mm.
Similarly, landslide-triggering rainfalls on Otago
Peninsulz during 1977 and 1978 ranged from 6 to 57
. The & mm value was exceeded on no less than
79 days which were apparently free from siipping.
it is therefore clear that no distinet threshold
can he defined solely in terms of total rainfall on
the day of landslide occurrence.

2 ANTECEDENT RAINFALL

The inability of daily rainfall amounts to define a
consistent triggering threshold has been attributed
in general terms to the variability of pre-existing
soil moisture conditions. As direct measurements
of soil moisture have only rarely been made immed-
iately prior to a landslide event (e.g. Crozier,
1968} some other means of estimating antecedent
conditions is generally required.

0f the four conwentional methods of estimating
antecedent moisture conditions: baseflow iIn
rivers, well levels, climatic water balance and
antecadent rainfall, the first twe can be discount-
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These thresholds are used to compare terrain sensitivity
and to assess the probability of landslide occurrence.

ed hecause of insufficient regional data and their
inability to reflect conditlons in the uppermost
metre of so0il where most landsliding occurs. The
climatic water balance and antecedent rainfall
methods overcome both these problems, the latter
having the advantage of being simple to calculate.
i
During dry conditions the amount of rainfall in a
period preceding an event will give a general indi-
cation of soil meilsture storage and during wet
conditions will indicate in additicn the amount of
gravitational water in the soil system. If ante-
cedent rainfall is sufficient to produce overland
flow,a rare situnation in temperate environments,
antecedent rainfall values will over-estimate the
amount of moisture in the soil. Inaccuracies will
alsc cccur as a result of variation in evapotrans-
piration rates throughout the year.

For these reasons and because of the unknown varia-
bility in soil and site properties throughout the
areas studied, the amount of antecedent rainfall
can be considered only as an index to antecedent
s0il moisture.

A measure cof antecedent rainfall is used in Figure
1 in an attempt to define landslide triggering
rainfall cenditions for the Otago Peninsula during
1977 and 1978.  Antecedent rainfall was determined
for a 10 day period immediately prior to an event
using the method outlined by Kohler and Linsley
(1951).

2 n
Pa_ = KP) + KB, + ..ot KB (1)
where Pa is the antecedent daily rainfall
for day 0,
and Pn is precipitation on the n'th day

before day G. i

The value of 0.84 used for K is close to that used
in hydrological studies in North America (Bruce

and Clark, 1966) and has been chosen for its
ability to delineate a thresheld between landslide
and non-landslide producing conditions. The K
factor is decayed by an exponential functicn sc
that past rainfall exerts progressively less
influence on the index as time elapses. Values
derived from the equation should only be coasidered
as an index as their power to depict actual soil
molsture levels is unknowm. The decay rate employ-
ed therefore represents only an approximation of
outflow from the soil as a result of drainage and



DALY RAINFALL {mm]}

evaporation ptecesses assumed to be operating at a
constant rate throughout the year. The index
does however,allow for greater absolute outflows
with higher soil moisture levels, in recognition of
the lower soil tensions and greater hydrostatic
heads that prevail under such conditions.

Y OTAGO PENINSULA
(1T 1977 - 78
704 » DAY WITH GLIPS

O PRCDABLE CONTINUANCE
OF SLIPPING

¥ DAY WITH SLIPS IK AN
EARLIR YEAR

= DAY WiTHOYT SLIPS

40

ARTECEDENT DAILY RAINFALL INDEX {(mm)

Figure 1 Landsliding eplsodes related to rainfall

Two principal envelope lines can be drawn on Figure
1 separating conditions with different probabili-
ties of landsliding. As expected, the envelopes
indicate that progressively smaller amouats of rain-
fall are able to trigger landslides as the ante-
cedent rainfall index increases. The upper line
is a well defined threshold indicating conditions
which when exceeded invariably produced landslides
during 1977 and 1978. The lower line represented
the conditions above which there was some probabil-
ity of slipping.

3 SOIL MOISTURE BALANCE

Antecedent conditions are more clearly defined in
terms of soil moisture storage levels which depend,
in addition to rainfall inputs, on loss of water to
the atmosphere through evapotranspiration and the
abillity of the regolith to hold water. These
factors are incorporated in a soil moisture balance
model adapted by the New Zealand Meteoroclogical
Service from the theory of Penman (1948). Esti-
mates of potential evapotranspiration are derived
from mean temperature, vapour pressure, windspeed
and sunshine hours, all of which are measured at
official climatological stations. Available soil
moisture capacity is defined as the amount of water
that can be held in the top 76 ecm of the regolith
between tensions representing field capacity (the
maximum molsture that can be held against gravity)
and permanent wilting point (the level below which
plant roots cannot extract water).

The model is used by the Meteorclogical Service to
monitor soil moisture levels for pastoral and arable
productivity, the 76 cm s0il depth being am esti-
mate of grass and crop rooting zones. This depth
is, however, also appropriate for the shallow deb-
ris falls, slides, or flows which are the most
common types of slope failure in New Zealand.

While the soil moisture capacity of the top 76 cm
varies consliderably with soil type, a single value
of 120 mm, an approximate mean of the values quoted
by Gradwell (1974) for yellow brown and yellow grey
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earths in central and southern New Zealand, is
adopted in this study. Deficit soil moisture
storage (DS) is recorded in the water balance pro-
pramme on every fifth day but its wvalue on any one
day can be readily derived by the equation:

ns, = DS - (P, - PE ) @

where DS0 is deficit stotage on day O,
DS, 1s deficlt storage for the day
before day O,

PD is precipitation on day 0O,

PEo is the potentlal evapotransplration
for day O

The computer printout, giving soil meisture
deficits at 5-day intervals, can be used together
with daily rainfall values to plot graphs such as
Figure 2. Zero on the soil meisture storage scale
signifies field capacity, and a deficit of 120 mm
implies that the regolith has dried out to wilting
peint; 4t is assumed that no further drying out
takes place. When a rainfall event occurs of
pufficlent magnitude to recharge scll moisture
storage to field capacity, any additional precipi-
tation 1ls termed 'excess' and is shown as a
vertical line on the graph. Excess water gener-
ates positive pore water pressures which may
trigger landsliding. 'Excess' rainfall is equi-
valent to 'runoff' in the Meteorological Service
model and is printed cut by the standard programme
for each month. Daily 'excess' rainfall (EP) can
be casily derived from the programme by the follow-
ing equation:

EP, = (P~PE ) - DS, (3)

where EPo is excess rainfall on day O,

PO is rainfall on day O,

PEo is potential evapotranspiration on
day 0,

DS1 is deficit storage on the day before

day O

The graph for Kelburn, 1974 (Figure 2), shows that
the summer and autumn months of that year were dry
with soil moisture deficit reaching 120 mm for a
brief period in January and February. From mid-
April to the end of October soil molsture storage
was almost at, or above, field capacity. The year
1974 is the worst om record in terms of number of
landslides experienced in Wellington City, with
most of the estimated 2000 cccurring on 29 May,

2 July and 8 October; the three days in which
rainfall 'excess' reached 60 mm.

The model was applied to historic landsliding in
Wellington City (Eyles, 1979) using newspaper
reports to identify events. A reasonably consist-
ent relationship was discovered, with daily rain-
falls 50-55 mm or more in excess of soil field
capacity triggering landsliding sufficiently
serious to be reported by the news media. However,
during 1974 several hundred mass movements in
Wellington City occurred on days other than the
three with high excess rainfalls. The model
clearly, therefore, allows recognition of only the
most serious events.

4 ANTRECEDENT EXCESS RAINFALL

An assumption in the soil moisture balance model as
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Figure Z Soil molsture balance graph representing Wellington City, 1974

used above is that 'excess' rainfall drains through
the top 76 cm of the regolith very rapidly, with no
carry over of water above field capacity into the
next day. While this may be valid for the steep—
est slopes and coarsest-textured greywacke regolith,
it is not a realistic representation of the typical
Wellington soil, much less of soils derived from
finer-grained sedimentary rocks, typical of much of
Hew Zealand's hill country.

Excess rainfall remaining in the soill in the form
of gravitational water s llkely to reduce slope
resistance by diminishing soil cohesion or by de-
veloping positive porewater pressures. In many
situations drainage will be sufficiently slow for
gravitational water to exert an influence lasting
over a number of days. In recognition of this
factor, an antecedent excess rainfall index has
been used in Figures 3 and 4 in an attempt to
define more accurately landslide triggering con-—
ditions.

The antecedent excess rainfall index (EPa) is
calculated by the equation:

: = KT 2,
EPa, = KEP) + K'EP, ..

EPaois the index for day 0,

n
. + X EPn e (&)
where

E?n is excess rainfall on the n'th day
before day 0

For the same reasons used to establish the ante-
cedent dally rainfall index, an exponential decay
function employing a K factor of 0.84 over a 10 day
period has been chosen for this index.

The antecedent excess daily rainfal) index thus
provides some measure of the overall soil water
status when 'soil moisture 1s in excess of field
capacity. At other times, the most appropriate
measure of the soil water status is soil meoisture
storage, defined as deficit storage by the water
btalance model. Deficit storage and antecedent
excess rainfall form a continuum representing the
status of soil water existing immediately prior to
any rainfall event. The soil water status
defined in this way has been plotted on the
abscissa in Figures 3 and 4 for the Otage Peninsula
and Wellington City study areas.

In both lotalities, this approach has permitted the
delineation of a single envelope which represents

a distinct threshold separating landsliding
conditions from non-landsliding conditions. The
threshold lines for the two localities are nearly
parallel and indicate a clear regional difference
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in susceptibility to landslide triggering conditfions.
For example, if both regions had rveached a soil
water status of 'antecedent excess rainfall' equall-
ing 20 mm, the daily rainfall required to produce
landslides in Wellington City would be 23 mm

greater than the triggering rainfall on the Otago
Peninsula.

The measures used in Figures 3 and 4 to define the
water statug of the soll have successfully explained
landsiide producing conditions for all but one event.
This occurred in Wellington Gity 1in response Lo a

10 mm rainfall when antecedent excess rainfall had
amounted to only 27 mm. Apart from local site
factors, a possible explanation for this event might
lie in the occurrence of an unusually high short-~
term rainfall intensity during the day concerned.
This would facilitate a rapid build up of gravitat—
ional water which although only momentarily stored
may be sufficlent to induce instability. The
development of temporary stores of gravitational
water (perched water tables) can be enhanced not
only by high rainfall intensities but also by the
presence of relatively low permeability strata
located within the regolith. The landslide event
which occurred in response to a 91 mm daily rainfall
(Figure 3) possibly reflects the presence of a low
permeability stratum being located close to the

soil surface and the consequent development of a
perched water table during the rainstorm. This
would account for the triggering of movement cven
though the dally rainfall appearcd to be [nsuffl-
clent to bring soil moisture storage to full
capacity. This illustrates that a socil molsture
capacity of 120 mm is only an average figure based
on assumed soil depth, and cannot be expected to
adequately represent the variety of local conditions
which exist throughout any region.

5 APPLICATIONS

The definition of threshold conditions for land-
sliding in different regions (Figure 5) can be used
to rank the sensitivity of variocus terrain types to
climatically induced slope instability. The 100%
probability lines in Figure 5 indicate that the
sensitivity of region B is greater than A which in
turn is greater than C.

Sensitivity ranking alome, however, will only be a
measure of relative susceptibility to landsliding
under homogeneous climatic conditions. The

ranking of regions on the basils of landslide suscep-
tibility for land use planning purposes, therefore,
generally requires an analysis of the regional
climatic conditions. If the slip-triggering
conditions represented by the threshold line can be
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assigned return periods on the basis of magnitude/

—100% frequency analysis, then the susceptibility of each
wve 0% reglion can be ranked in terms of the probability of
A OTAGO PENINSULA 1917-768 landslide triggering conditions being achieved

B wWaiRARAPA 101 within a finite time pericd. This represents an

€ WELLINGTON CITY 1974 empirical approach to slope stability assessment

which 1s not only less expensive than many other
methods but most importantly recognizes the range of
ciimatie induced stresses experienced in the fleld.

The other major application of this work Is the
provision of a procedure to quantitatively assess

ey, the likelihood of landsliding at any point in time.
i, Assuming that regional landslide triggering
"-.,_""'-..,, thresholds have been establlshed, the only caleu-
P " pin p - T P lation required is the updatling of the anteeedent
AMTECEDENT OAILY RAINEALL INDEX (mm) daily rainfall Index or the antecaedent exeens
Figure 5 Probability of landsliding in three rainfall on a dally baeia.  From {1}, for example,
regions it is evident that:



Pa_ = K(Pa  + Pl) (5)

Where Pa_ is the antecedent daily rainfall
index for day O,

Pa, is the antecedent precipitation
for the day before,

and P1 is precipitation for the day before
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Using the more readily calculated antecedent daily
rainfall index as an example, the historical data
can be presented in the form of a probability
threshold diagram (Figure 6). Referring the
updated index to the diagram, it can be seen that
when a value of 54 mm is reached there is a 25%
chance that the next rainfall will produce land-
sliding, at 64 mm a 50% chance, at 79 mm a 75%
chance and at 95 mm a 100% chance. Although the
index can be monitored in this way to reveal the
onset of a critical soil water status, it is
obvious that there is always a chance that a rain-
fall event of sufficient magnitude could trigger
landsliding even when the index is less than 50 mm.

Information on current synoptic weather situation
may complement the forewarning procedures outlimed,
as frontal and orecgraphic induced rainfall is
generally unable to produce landsliding on Otago
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Peninsula when the index is less than 20 mm.
However, depressicns, particularly tropical
cyclones, may provide sufficient rainfall to cause
slipping even when the soil moisture storage is in
deficit,
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ABSTRACT
fer concern.

Current rates of soil loss, particularly from hill country pasture, are seen to be a major cause
Five types of situation are described in which the application of geomechanics concepts and

technigues can contribute towards reducing rates of loss of soil. These five types relate to engineering
geological problems, slaking problems, strength problems, dispersion problems and infiltration problems.

1 INTRODUCTION

The disciplines represented in our geomechanics
societies (sofl mechanics, engineering geology and
rock mechanics) have evolved, for the most part, in
response 1o needs encountered in civil engineering.
In such endeavours man adds a structure to or sub-
tracts a volume of rock or soil from an area which
usually has well defined Timits. By contrast, soil
conservators deal with Tand stability problems
which extend over very wide areas of land and are
not normally associated with any form of civil
engineering endeavour.

While the membership 1ists of geomechanics societies
are dominated by civil engineers and geologists,
those of s0i] conservation societies are dominated
by agricuitural scientists.

In the long term good soil conservation is more
essential for the survival of a civilisation than
is good civil engineering. Evidence that this has
been true in the past can be seen all arcund the
Mediterranean where ruins of grand buildings and
impressive civil engineering works (such as irri-
gation aqueducts) can be seen surrounded by unpro-
ductive land, much of it desert. These areas which
once supported large and advanced civilisations
have, since they Tost their topsoil more than a
thousand years ago, been able to support only small
and 3ften nomadic populations (Carter and Dale,
1974).

New Zeatand's topsoil is being carried down to the
sea today just as surely as was that of Mesopotamia
two thousand years ago. The Manawatu rjver {which
flows close to the Aokautere Science Centre) is not
considered to be an unusually 'dirty' river and yet
during a one year return period 'high fiow' it
carries almost half a million tonnes of sediment to
the sea in one day (Manawatu Catchment Board, pers.
comm.). This can be visualised as ten tonne truck-
Toads of dry soil passing the river mouth every two
seconds throughout the 24 hour period. {If the
public were to see the operation as truckloads of
dry soil instead of just as dirty water,the issue
would immediately be the major concern of all
envircnmental ists).

Scientists and engineers working in soil mechanics,

engineering geology and rock meckanics can contri-

bute towards finding ways of reducing the rate of

loss of topsoil by:

1 Developing better understandings of the
various processes which bring soil into the
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rivers, :
2 - Developing methods of sTowing down these
processes, -~ . .

‘3 - Identifying which situations afe within man's

abitities to influence and which are beyond
his control,
4 Developing better methods of quantifying
instabitity near sediment source areas so
that accurate infermatien can be cbtained on
the effectiveness, or otherwise, of soil con-
servation works.

In this brief review, five types of situation are
described in which understandings developed in
geomechanics disciplines are contributing to these
challenges.

2 ENGINEERING GEOLOGICAL PROSLEMS

Engineering geologists are contributing to soil
conservation in New Zealand by placing valuable
geological perspectives on instabitity problems in
many regions. Most of the value of this contri-
bution at present is in the form of information on
the age of mass movements. While in some cases it
may be possible for man to stave off the natural
processes of erosion, such "geological® ergsion
usually presents problems which are far too great
to be arrested by artificial means.

Trending NNE to NE along the east coasts of the
North Island and the northern South Istand
(Kaikoura) is a belt of rocks of predominantly
Tertiary age which have been folded, faulted and
uplifted by earth processes responsible for the
appearance of the main mountain ranges in New
Zealand. As in virtually ail of New Zealand,
uplift is continuing at the average rate of several
millimetres per year, and here in the East Coast
fold belt great masses of country have been brought
into diseguilibrium. The results are massive block
and wedge glide faitures along gently dipping
bedding planes which are in the process of tilting
by differential uptift.

A study, under contract to the National Water and
Soil Conservation Organisation {NWASCO), has brought
to Tight in a striking fashion the nature and
extent of such instabilities in southern Hawkes Bay
(Pettinga, 1980). Here, massive block glides ocecur
in a Middle to Upper Miocene turbidite sequence
{Fig. 1). One such glide occurs on a bedding piane
Tubricated by tectonically introduced montmorillon-
itic ¢lays. Mass movement is facilitated by the
presence of joints which form the headwall escarp-



ments and side shear planes.
funded by NWASCG) in a less structurally complex
area in the Rangitikei River valley has shown that

Figure 1

A similar study (also

Block glide of sandstone over mudstone, Jubricated
by montmorillonitic ciays, in middie Tertiary seq-
ugnce, southern Hawkes Bay. (Photo: N.A. Trustrum)

measure rates of earthflow movement
photographs, using trees as markers.
records obtained to date have shown

Inclinometer

block gliding of marine siltstone, again on mont-
morillonitic clay, commenced 11,000 ~ 20,000 years
ago (and is occurring now) in response to doming of
Upper Tertiary sediments by an upthrusting block of
basement graywacke {Thompson, 1979).

Relatively superficial creeping earthflows, soil
sTips and debris flows can in many cases be pre-
vented or stabilized, but geological mapping of the
large failures shows them to be of such dimensicns
as to be probably unaffected by even the extreme
5011 conservation measure of reforestation. Furthep
this type of activity may in many cases be traced
back more than a million years (e.g. Pettinga,
1980). While there has been considerable oscil-
lation in both vegetative cover and groundwater
conditions associated with the Pleistocene succes-
sion of Glacial and Interglacial periods, it seems
certain that these deep seated movements are large
scale tectonically controlled features.

With these understandings gained, scil conservation
works can be designed more effectively and expedi-
ture focussed much more accurately than would have
been possible without the geological studies.

3 SLAKING PROBLEMS

The relative importance of natural geclogical
processes and the activities of man is sometimes
obscure. This is true of earthfiows which form a
ciass of mass movement intermediate between soil
creep and soil sTip. In New Zealand usage, the
term earthflow is generaliy reserved for creeping
mass movements involving a well defined basal shear
plane. Studies conducted at Aokautere Science
Centre have shown that it is often practicable to
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internal distortions.

Bentonitic mudstones of the East Coast fold belt,
already weakened in many cases by extensive
tectonization (shearing at depth), are particularly
susceptible to the agents of mechanical weathering.
The most severe of these is cyclic change in water
content occurring near the surface. Most of the
earthflow erosion in these mudstones is shallow,

the planar failure surfaces being generally no more

than a few metres deep.

Simpie laboratory tests demonstrate that these
bentonitic mudstones undergo substantial weakening
when subjected to cyclic drying and wetting.

Before these rocks are brought near the surface
their condition is saturated. Shrinkage caused by
subsequent drying sets up tensile and shear
stresses which in places exceed the local strengths,
Cracks form and the rocks integrity is destroyed.
{On very steep slopes this process causes slabs of
"shrunken" rock to fall off. Geologists call this
exfoliation). The breakup of the rock on subse-
quent rewetting has been termed slaking and can be
quite spectacular. High pore air pressures

deveiop within the material as it is rewetted,

and these literally burst the material apart. This
process reduces the cohesion of the material. At
the low total stress levels which prevail at depths
cf only a few metres the frictional resistance to
shear failure is small so that the main factor
governing failures is the magnitude of the cohesion
Flows develop as this cchesion is reduced by
slaking.

The problem soil conservators face lies in
determining the influence of land management (e.q.
vegetation cover) on the rate of approach to



Figure 2

failure of large areas of such swelling bentonitic
mudstones. Field evidence would suggest that much
earthflow erosion of this sort has been initiated
or accelerated by removal of natural bush cover and
subsequent conversion of the land to pasture. Just
as infinitesimal imperfections in an aircraft
structure can lead to failure so it has been not-
iced that surface features such as sheep tracks can
form the sites of tension cracks which subseguently
form the scarps of earthflows (Fig. 2) .

Approaches to this problem involve artificial
weathering of mudstone samples to determine re-
lationships between shear strength and moisture
content history. This area of research holds con-
siderable promise as conclusions will indicate safe
5011 moisture fluctuations within Rillsides and
enable soil conservation measures to be designed
accordingly.

4 STRENGTH PROBLEMS

One of the more important challenges facing soil
conservators is the Toss by soil slip of topsoil
from hill country pastures {Fig. 3). In some parts
of New Zealand this is so serious, and the exposed
rocks so ‘unfarmable' that pastoral farming may
soon become uneconomic there.
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Sheep tracks car be the equivalent in pasture of
the structural imperfections causing failure in
engineering structures. (Photo: [D.E.K. Miller)

The concept that soil strength can be considered as
having two components, cohesion and internal
friction, is now widely taught - in earth sciences,
geography, and forestry courses as well as in soil
mechanics and geology. The limitations of this
concept are not so widely taucht, and there is
Tittle appreciation that even 'so0il strength' is a
concept, not a real property of a soil for which
there will be one correct value,

Engineers with experience on construction sites of
sampling so carefully and testing so carefully

that the resuits of their tests can be used with
confidence in slope stability computations will
need no persuading that in the rural scene such an
approach is not sensible. The range of values of
c' and ¢' obtainable from samples taken at different
depths, or a few tens of metres apart, when coupled
with the uncertainties and errors accumulated in
the sampling operation and the testing programme,
is usually greater thar that needed to span the gap
between "very safe” and "bound to fail". On top of
these sources of uncertainty is that associated
with the choice of the type of strength test to be
conducted and the choice of computational method.

Although in the rural situation ascribing numbers
to c' and ¢' is uniikely to be helpful, the concept



Figure 3 widespread.soil slip erosion in the Wairba;district.

(Photo:

that the strength of the soil at failure may be re-
garded as having two components (cohesion and fric-
tion) is nevertheless a useful one, as is also an
understanding of the effective stress principle.

The role of negative pore water pressures in main-
taining slope stability is one which is not always
given the attention it deserves. In rural hill
country, the seasonal rates of development and de-
¢line of these negative pressures are probably the
key factors determining stabitity. The negative
pore water pressures associated with the concave
water/air interfaces which form in the pores of un-
saturated soils, give rise to very large increases
in intergranular (effective) stresses, with assoc-
jated large increases in (frictiopal) strength.
However, even when negative as well as positive
pore pressures are considered, conventional stabil-
ity analyses using ¢' and ¢' are of little relevance
in soil conservation. This is not only because the
scatter in values obtainable is so large, but more
importantly because these concepts describe oniy
the "at failure" situation.

What is needed, therefore, in those rural situations
where lack of strength is the cause of so0il loss,
is a better understanding of the "pre failure" con-
ditions - in particular, a better knowledge of the
development of failure conditions within the soil
mass. The proper question in the rural scene is
not "what are the strengths of the soils?" but "How,
and at what rates, do the strengths of the soils
change?" These changes must include seasonal
increases as well as decreases. Aithough a first
stage in attempting to answer this second question
could be represented by studies of the rates of
changes of soil water pressures and suctions (as
related to weather conditions, particularly rain-
fall) a useful understanding will probably not be
gained unless the behaviour of the soil skeleton is
considered as well. To model the pre-failure
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behaviour of soils, the school of soil mechanics
developed at Cambridge University, known as
Critical State soil mechanics, can be used
(Schofield and Wroth, 1968). Early developments of
this model were limited to normally consolidated
and lightly overconsolidated soils (Roscoe and
Burland, 1968}. Pender (1978} extended this by
developing a mathematical model which describes
quantitatively the behaviour of overconsolidated
soils, both Tightly overconsolidated or "wet" soils,
and heavily overconsolidated or "dry" soils.

Whereas, in civil engineering endeavours, soils are
Toaded by the addition of a structure, or the
addition or subtraction (as in a cutting) of a mass
of s0il, in the rural pastureland scene the soil is
loaded and unloaded by the weather and by plants -
specifically by the imposition of soil water
suctions. The drying cut of the soil (which may be
assisted by plants} leads to more sharply concave
water/air interfaces linking sail particles. High
negative pore water pressures develop tending to
pull the particles closer together. These 'com-
pressive’ effective stresses tend to increase the
dry density (and thereby the strength) of the soil.
Conversely, in wet weather these water/air inter-
faces become less sharply concave and the compres-
sive effective stresses are reduced. If the soil
becomes saturated, positive pore water pressures
develop and effective stresses are further reduced.
It is an unfortunate accident of terminology that
dry weather tends to move the soil into a state
which is "wet" in the Cambridge sense, while wet
weather tends to make the soil “"dry", (Fig. 4).

Pender developed expressicns for the recoverable
and irrecoverable (elastic and plastic) components
of volumetric strain, and an expression for shear
strain - which is assumed to be all irrecoverable,
i.e. elastic shear strain is assumed to be zero.
These expressions apply to both the "wet" and the
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Figure 4 Soils tend to become "dry" of

critical in wet weather and
"wet" of critical in dry
weather.

"dry" sides of the "critical state”. The constants
required to calibrate these expressions may be
obtained from simple Taboratory tests. Values for
the variables however must be obtained from the
field, because it is not practicable to reproduce
the loading conditions, i.e. the weather (rain,
wind, humidity and sunshine) in the laboratory, and
it 1s the fieid rather than the laboratory behav-
iour which is of interest.

It is fortunate that reliable field data loggers
are becoming more vreadily available at prices which
will allow the duplication of measurement essential
to this type of work. These may be used to record
the daily and seasonal patterns of soil moisture
stress, temperature and density. They may also
record rainfall and sap flow rates in trees, The
critical state theory promises to provide much of

the framework needed for the interpretation of these

field data.

Although the rate factor may be represented by
groundwater flow rates, it is 1ikely that the data
will require extension of the critical state model
to include the strain rate characteristics of the
5011 skeleton.

This work promises to provide soil conservators
with improved understandings of the devel-

opment of failure conditions within the soil mass,
and how this development is affected by plants.
This would then provide a more rational basis for

choice and spacing of plants and the design of other

soil conservation works {underdrains, graded banks,
management practices etc) to suit particular
¢limates and soils.

5 DISPERSION PROBLEMS

One of the more serious forms of erosion on

New Zealand's hill country pasture is tunnel gully
erosion., This occurs very commonly on loassial
soils which are basically silts with a smal] clay
fraction providing a limited amount of cohesion.

When initially deposited during Glacial times the
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joess consisted predominantly of fresh silt-sized
particles derived usually from greywacke or schist.
Since deposition however, weathering of the feld-
pars and other minerals in the Toess has increased
the content of both clay minerals and other part-
icles of clay size. With the progressive warming
and humidifying of the climate which

followed the glacial period, the development of

an appreciable clay fraction and the recent clear-
ing of bush, these soils have developed a tendency
to undergo cracking in response to desiccation.
Rainwater can flow down the slope along the bases
of these cracks which, if the soil is dispersive,
tend to erode and link up to form tunnels. These
tunnels grow in diameter until the ground above
falls into them forming gullies. The critical soil
property determining the rate at which this happens
is the soil’'s dispersivity.

Clay particles have a net negative charge which is
compensated for by an excess of cations (generally
Ca?t, Mg?*+, Nat, K*) in the soil water. There is a
natural cation concentration gradient adjacent to
the clay particles; as the distance from the clay
particles increases the solution becomes more
neutral. Adsorbed onto the clay particles is a
"Stern layer" of hydrated cations. The thickness
of this layer depends on the adsorbed cation
species. Because there is still a negative charge
on the clay pariicle despite the Stern layer, hy-
drated metal ions concentrate near the Stern layer
in a diffuse outer layer. Movement of water
through the soil water pores does not involve the
adsorbed Stern layer or part of the diffuse outer
layer. The thickness of the "double Tayer" thus
affects the permeability of the s0il because much
of the soil water is not free to move and channel
diameter is effectively reduced.

A typical i17itic clay may have a water content of
50%. Most of this water will be "free" (not
strongly bound to the mineral skeleton}. However
in many montmorillonitic clays, for example,
extraction of the porewater may be very difficult.
Certain clay minerals can immobilise a relatively
large amount of water - the most common of these
are halloysite and montmorilicnite (e.g. Lambe and
Whitman, 1979).

The thickness of the double layer of hydrated
cations affects not ohly permeability but also soil
structure and erodibility. Clay particles experi-
ence mutual repulsions and attractions - the repul-
sive forces arise from the negative charges on alil
clay particles while the attractive forces are

Van der Waals forces which exist between all
adjacent pieces of matter. The attractive Van der
Waals forces are very shert ranged however {decrea-
sing in intensity with the eighth power of
distance) and if the thickness of two double layers
is greater than the range of these forces then the
clay has a tendency to disperse: particles undergoe
a repulsion {Childs, 1969).

In the early 1960's many failures of small clay

dams in Australia were shown to have been caused

by dispersive clays (Aitchison, et o7, 1965). A
1970-71 study sponsored by the U.S. soil Conserva-
tion Service showed that similar failure of clay
dams in the United States had beern caused by piping
of dispersive clay {Sherard, et al, 1972}. :

Dispersive soils are highly erodible. They erode
by a process in which clay particles go into sus~
pension individually. This may occur rapidly even
in still water {Sherard, et «i. 1976b). Erosion of
a non-dispersive soil is quite different, requiring



considerable velocity in the moving water to
jmpart a critical shear stress to the soil surface
(e.g. Wooding and Schafer, 1978).

sSherard and co-workers devised a simple "pinhole
test" for identifying directly soils subject to
erosion by dispersive piping (Sherard, et al,
1976a). In this test, distilled water flows
through a hole 1.0mm in diameter in & sample of
soil 25mm tong. For dispersive clays the water
becomes muddy and the hole rapidly erodes. For
non-dispersive clays the water emerges clear and
there is no erosion. Porewater dissolved salts,
particularly the proportion of sodium relative to
the other cations, is the wain factor determining
whether a clay is dispersive. Soils with high
etectroiyte content with high sodium are generally
dispersive, while soils with a low content of dis-
solved salts in the soil water are non-dispersive
in the pinhole test, even when the Na* content is
high. Sherard, et «.{1976b) recommended that the
pinhole test results always be used in association
with tests of soil water salts.

The pinhole test, besides being useful for checking
the dispersion characteristics of soils, may be
used to check the effectiveness of different
methods of inkibiting dispersion. Sherard, et ai.
{1976b) found that treatment of dispersive clays
with small amounts of siaked 1ime converted the
material without exception to a non-dispersive
state. This can be attributed to the divalent
Ca?t ions replacing Nat ions in the double layer,
reducing its thickness and hence promoting the
effectiveness of the attractive Van der Waals
forces. -

Recent research funded by the National Water and
Soil Conservation Organisation and reported else-
where in this conference (Evans and Bell) has
shown that the addition of small amounts of either
phosphoric acid or lime to some New Zealand
Toessial soils reduces their tendency to undergo
dispersive piping very substantially. This tech-
nigue is unfortunately only practicable in the
civil engineering situation - particularly back-
filiing around buried pipelines and treating
roadside "water tables".

The treatment of tunnel gully-prone pastures with
phosphoric acid or 1ime is not a practicable or
economic proposition : .the more traditional soil
conservation techniques of grazing control and/for
tree planting are still being studied and used.
However the Sherard pinhole test is of use in this
work; it allows the susceptibility of soil to
dispersion to be assessed and conservation measures
to be planned accordingly.

6 INFILTRATION RATE PROBLEMS

Changes in land use (typically from forest or
scrub to pasture) usually lead to changes in the
infiltration characteristics of soils (e.g.
Pereira, 1973). In New Zealand this is most pro-
nounced {and of serious concern) in the volcanic
pumice soils of the central North Island.

in places where the land is stil] undeveloped
(mostly covered in forest or scrub) there is little
evidence of serious recent erosion. This con-
trasts with the situation in many areas which have
been converted to pasture. Here, gullying occurs
intermittently but often very suddenly and severe-
ly. Gullies up to tens of metres wide and several
metres deep have been known to form in a matter of
a few hours during heavy rain.
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The obvious immediate interpretation of this
gullying - that the grass-covered valley floors are
Tess resistant to the scouring forces of overland
flow than they were when covered with scrub/forest
is not supported by close cbservation or by experi-
ment. Close inspection of valleys within scrub
covered catchments shows, in many cases, that no
surface water flows in them, even during violent
storms. Furthermore, experiments reported by

Selby (1972) indicate that grass generally imparts
better scour resistance to these soils then does
scrub.

The alternative explanation, that conversion from
forest or scrub to pasture has greatly increased
the surface water flow in the valleys, is supported
by direct measurements with infiltrometers, hydro-
logical observation of stream flows and all of the
circumstances of the gullying described here.
Jackson {1973) reported a reduction of infiltration
rate {as measured using ring infiltrometers) by a
factor of 20 when the pasture was very heavily
stocked.

Hydrological measurements of stream flows ii. unde-
veloped {native forest) pumice catchments {A. Dons,
pers. comm.) support the view that, in the unde-
veloped state surface runoff is negligible even
during major storms. The flow records for such
streams show 1ittle evidence of rainstorms:
evidently they are fed almost entirely by seepage
of groundwater stored in the pumice soils. The
streamflows in neighbouring developed catchments
?re comgarative1y sensitive to rainfall patterns
Fig. 5).
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Changes in infiltration rate
of pumice soils with changes
in land use can dramatically
affect runoff rates. Data

from two NWASCC experimental
catchments.

Figure 5

Experiments conducted by NWASCO at Moutere, Nelson
(Luckman and Duncan, 1978) and comparisons between
the hydrologic impact of different tree species
{Swank and Miner, 1968) indicate that differences
in rainfall interception capacity between developed
and undeveloped catchments is sufficient to account
for only part of the increase in runoff following
development. Infiltrometer measurements have Shown
that infiltration rates of undevelioped pumice soils
may be many times greater than maximum precipita-
tion rates {Jackson, 1973} so it is through soil



infiitration rates that we must approach the prob-
Tem.

The spectacular reduction in infiltration rates
consequent upon conversion from forest/scrub to
pasture may be caused by:

i The formation of a more tightly packed (Tess
permeable) surface layer, as a result of
trampling by animals, or a& a result of rain-
drop impact. Even Tow scrub or long grass would
protect the soil from the impact of fast-
falling raindrops. Overstocking would
increase both of these effects,

ii  The development of water repellency. A
probable cause of water repellency in New
Zealand pumice soils is fire. Savage (1975}
found that fire-induced water repellency is
deeper and more intense than any natural
water repellency.

In studies of this problem the aim is to gain an
understanding of the basic causes and then to
quantify the various effects so that control mea-
sures may be designed. These measures will prob-
ably include the setting of upper 1imits on stock
numbers, and establishing rules for stock and land
management. These would be set to maintain infil-
tration rates at levels where the probabitity of
gully formation during storms was acceptably low.

Because uniform stocking pressures are difficult to
achieve, soils are artificially compacted in an
‘experimental situation to densities which have been
reiated te a range of stocking pressures. Areas
compacted to different densities are then subjected
to simulated rainfall, and infiltration and runoff
rates can then be recorded.

Studies of this type call for the design of rain-
fall simulators. Because it is still not known
what property of rainfall gives the best measure of
its damaging effect, recently designed simulators
represent attempts to model simultaneously the three
guantities most 1ikely to be relevant: intensity,
velocity and dropsize. The design of compacting
equipment, rainfall simulators and infiltrometers -
as well as the interpretation of test results, all
have very real geomechanics dimensions.

7 CONCLUSION

In this paper, brief indications have been given
of some of the ways in which geomechanics concepts
can be applied with advantage to soil conservation
problems. There are of course many others. No men-
tion has been made, for example, of the need for
methodology for designing surface drainage and un-
derdrainage schemes, for a stability analysis pro-
cedure applicable to the rural environment (and
necessarily probabilistic), for understanding of
the mechanisms of soil and rock creep, and for more
s0il testing which is conducted either Zn situ or
under conditions which more nearly reproduce the
in gitu conditions.

It has been the intention here to alert scientists
and engineers working in various geomechanics
disciplines to a field of study whose importance is
too often underestimated. It is 10 be hoped that
our present civilisation can learn the lessons
written in the history of past civilisations, and
direct its energies and expertise to the more fund-
amental problems which conern us.
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1. INTRODUCT LON

A recurring problem for Geotechnical engineers
is the assessment of the stability of natural
ground, either in its undisturbed state or after
earth works such as cuts or fills have been
constructed. Such assessments are generally
far more difficult than the determination of the
stability of "engineered" materials; for
example, an earth f1ll dam, or an embankment
constructed on a well chosen foundation. The
material properties of such engineering works are
usually well known., In addition, considerable
effort is usually expended to ensure the f£ill
material is placed in the desired manner, In
contrast the material properties of a naturai
slope are exceedingly difficult to determine.
Firstly a geological model of the site must be
developed; then the in situ material para-
weters of the representative layers have to be
determined.

In many cases the cost invelved in such thorough
investigations would be prohibitive, even if they
could be done with confidence.

In the case of a well constructed dam or
embankment, in which the strength properties of
the soil are known, stability control is
usually effected by measuring the pore pressures
in the fill material and subsequently calculating
the numexrical value of the factor of safety.
However, pore pressures, whilst having a major
influence on the numerical value of the factor
of safety, are very difficult to predict. In
addition, unless the soll strength parameters
are reliably known, total reliance on the
measurement of pore pressures alone is of little
use as they will not necessarily give a measure
of incipient failure, The readings from three
piezometers under an initially stable £111 which
was intemtionally loaded to failure are shown
in figure 1 (Lambe 1974), As the £111 height
increases the pore pressure increases almost
linearly. From this figure alone there is no
indicacion of approaching failure.

In circumstances where the soil properties are not
accurately known, either because they are too
difficult to assess or cannot be accurately
evaluated, the measurement of scll movements are
the most positive method of control. hn In the
case of the [actor of pafety based on inpufflclent
data, such displacement measurements will not give
a numerical measure of the stability of a slope,
however, the displacements will indicate whether

a slope is stable or not, at least over the
pericd of time during which the measurements are
taken.
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What is perhaps not commonly recognised is that
before visible signs of distress are noticed, (such
as tension cracking), substantial movements could
have occurred in the slope or embankment. Such
movements prior to fallure can be used to ’
moniter the behaviour of natural materials.
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FIGURE 1 - Pore Pressure/Fill Height for an
Embankment constructed to Failure
{Lambe 1974) .
2. STABILITY OF UNDISTURBED NATURAL SLOPES

Hot all natural siopes are in an incipient state of
failure. However, given the right changes in
climatic conditions, such as prolonged periods of
rain, the stability of many matural slopes

becomes marginal. If a slope has moved substan—
tially in the past, asuch old movements will *
usually be ascertalned from a clome lnspectlon of
the ground or be visible on aertal photography.

If the slides are more recent it may be poasible to
observe & change in the land form by comparing

the oldest available aerial photograph with the
most recent. In New Zealand, the oldest aerial
photographs are usually c. 1940. 0ld oblique
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photographs from library records, or even old
waps, may be useful for this purpose.

Many cases are not, however, immediately apparent.
Judgement may suggest to a geotechnical engineer
that a slope has moved, however, when it moved
and whether it is still moviog are difficult
questions to answer. It is in these instances
of probably marginal stablility, where accurate
measurements of slope movements can be
particularly valuable.

Often survey measurements taken on surface markers
can be particularly useful. The results of

such measurements taken by Messrs., Wood & Ptns.
across a suspected unstable slope in the Auckland
area are shown in figure 2. It is clear that
significant movement has occurrved over the period
in which the measurements have been taken.

280600080

Surface Movement/Time for a Cut in
Katural Ground

Considerable care is required for the accurate
determination of such surface movements, unless
of course large movements have occurred. A
further difficulty associated with surface
measurements 1s the protection of markers from
vandalism and plant and/or stock damage.

In addition, if any effective remedial action is
to be undertaken, the depth of the movement must
also be determined.

Probably the first person to take particular note
of the advantages of monitoring ground movements
was 5.D. Wilson, who developed the slope
indicator in the mid 1950's (Wilson and Hancock,
1965). His imstruments, or variations on them,
are in current use all over the world.,  They
are particularly useful in that they give a
measure of both the ground surface movement

and the deflection profile with depth, to an
accuracy of a millimetre or so. From the
deflection profile so obtained, the depth at
which significant movement is occurring can be
determined. Such instruments can detect move~—
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ments at great depths, although 50 m 1s probably
the usual maximum limit, TIn New Zealand these
instruments are reasonably expensive and are not
all that readily available, In commenting on
N.Z. Ministry of Works experience with these
Instruments, Olsen (1976) observed that:

"The system 1s complex, sophisticated and
extremely time consuming to install, operate and
maintain ... It is only suitable where a real
need has been established”.

Probably because of these considerations, slope
indicators are not used as freely as perhaps
would be desirable.

For civil engineering works involving land sub-
division for residential or commercial purposes,
it is important to establish whether active
ground movement is oceurring, and whether such
movement is sufficiently close to the surface
to enable simple remedial measures to be under-
taken. If it can be established that movement
has occurred then this is usually sufficlent
evidence to require that either some remedial
works are necessary or the site is unsuitable
for bullding. If the movement is below about

5 m in depth, then the costs involved in
attempting to improve the situation on the slip
surface, (lowering the water table for example),
are probably prohibitive and the site best not
developed.

A gimple device for assessing shallow ground
movements has been developed by Goldsmith and
Hughes (1977). This device is a very simple
slope indicator designed to measure movement
to a very limited depth of 6 m, Within this
range of depth the displacements can be
recorded with an accuracy of up to £ 1 om;
however, the total amount of movement able to
be recorded is restricted to about 30 mm.

The authors have used this indicator for the
assessment of land stabllity on a number of sites
involving land subdivision.

The instrument is shown schematically in figure
3. The instrument liner is simply a length of
EVC tube which is set into the ground. The end
of the tube is sealed with a concrete plug. A
rectangulay aluminium bar (L0 mn x 20 mm) is
lowered down the tube and located in a pivot

in a brass block in the centre of the concrete
end plug. The bar 1s held in place by the pivot
at the base and a slide which can be lowered on
a wire down the bar. The slide keeps the bar a
fixed distance away from the walls of the plastic
tube. An initial borehole profile is cbtained
immedlately after installation of the device.

If the ground subsequently moves, the top of the
bar will move relative to the top of the tube
(figure 3p). If the relative movement of the
top of the bar with respect to the top of the hole
is measured with a steel rule or a dial gauge
with the slider in successive positions down the
bar, then the displacement profile of the
borehole liner can be determined. Figure 4
shows the results of a series of observations

on a proposed subdivision near Kamo in Whangarei.
The soil underlying the site is Onexrahi Chaos.
From a visual examination of the site it was
suspected that ground movement had occurred.
There was however nc evidence of substantial
movements over the past 50 years either from
aerial photographs or from local residents.

The observations presented im Iigure 4 were

taken across the start of the winter, Movements
extending almost the full depth of the indicator

»
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are clearly shown, These movements do not

appear to be confined to any particular zone.

In this particular case it is difficult to envisage
how this site could be stabilised without major
geometric changes. A result of this nature is
usually sufficient for the owner of the land to
recensider the intended development.

3. STABILITY OF EMBANKMENTS ON NATURAL SOILS

The material properties of the soil in an embank-
ment are probably well known compared to those
of the foundation material which may be difficult
to assess. In such cases the movements in an
embankment, founded on soft natural moila, are
probably the key to monitoring their satisfactory
performance.

Probably the simplest performance measurement is
the lateral spread of the base of the £ill.

Such measurements are particularly sensitive
indicators of an impending failure. The
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success of this approach is that these lateral
movements can often be large and are therefore

easy to monito; {up to a metre oxr more even on

quite stable fills, Hughes 1969). 0f particular
significance however is that the rate of movement
increases as fallure is approached.

As a fill is being constructed, the foundation
settles and spreads laterally as the load is
increased. If the fill height and lateral spread
are plotted against time they will have the

form shown in figure 5. In this figure the spread
increases as the height is increased. If the

rate of spreading increases, such as beyond

point €, then the f£i11 could be in danger. If the
engineer controlling the £1i11 is immediately aware
of this, the placing of the £ill can be stopped,

or if necessary, fill can easily be removed
until the spreading stops. P
If the pore pressures in the foundations are
plotted against £111 height, they will not show
a corresponding increase in rate of change as
incipient failure is approached. -

m
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FIGURE 5 - Ideal Plot of Fill Height and Lateral

Spread/Time for a Fill Which Fails

As indicated in figure 1, the pore pressure :lines
will usually break if the fill starts to spread.
As a consequence, the peizometers will be rendered
useless as a means of controlling stability.

The result of the lateral spread of a trial
embankment at Kings Lynn, England, is shown in
figure 6, (Wilkes 1972). The onset of failure is
clearly indicated by the measurement of the
lateral spread., Other than the fact that the
plezometer ceased to function near failure, the
pore pressure measurements were of little use.

The lateral spread of an embankment can be mezsured
by conventional survey techniques in which the
movement of markers placed near the toe of the fill
are monitored. It has been the authors experience,
however, that this method is not always satisfactory
as the markers can get damaged, In addition, the
method can be very time consuming and requiring much
care. The installation of slope indicators at

the toe of an embankment may also be used to give

& measure of the lateral spread (Marsland an

Powell, 1977). .

A very simple technique, however, is to place a
wire through the £ill (Hughes 1969). This wire
may be installed through a culvert if there'is

one, particularly 1f it is a flexible culvert;

or can be placed through the fi11l inside a flexible
plastic tube. If one end of the wire is fixed



at one toe of the embankment, then the relative
movement between the free end of the wire and

a marker placed at that end, will give a measure of
both the lateral spread and the settlement of the
£111. This movement is very easy to measure and
monitor by supervision personnel on the site.
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FIGURE 6 = Lateral Spread, Fill Height/Time
for Trial Embankment at Kings Lynn
(Wilkes 1972)

4. CONCLUSION

It is the authors opinion that ground movements
in the soil are the most important single
parameter for assessing either the stability

of natural slopes, or the performance of a f£ill.
This parameter is easy to measure and can be
used to gilve a far greater appreciation of the
behaviour of natural seils than the measurement
of any other parameter, particularly in soils
in which in situ properties are often difficult
to obtain.
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Cryptic Landslides

P. M. JAMES
Engineering Geologist, Brisbane

SUMMARY

The existance of a sub-group of landslides, dating from periods of low sea

level and preserved today under a covering of either water or alluvium, is postulated.
Examples of these cryptic landslides are given, together with some mention of their

significance to c¢ivil engineering.
1 INTRODUCTION

The phenomenon of reactivation of Pleisto-
cene landslides in terrestrial environments
is well documented. Because of erosion,
evidence of coastal landslips dating from
the Pleistocene, in particular from periods
of low sea level, is less available. WNone-
theless, indications of past instability
can sometimes be inferrxed today from
retrogressive movements.,

In the terrestrial environment, fossil
landslip structures are now usually recog-
nised in reconnaisance. Where these
structures are preserved or partially pre-
served beneath water or recent sediments,
they pose a problem of subterrancan
weakness of possible significance to civil
engineering.

This paper is concerned with circumstantial
and guantitative evidence pointing to the
preservation of such cxyptic structures,
and with the environments in which they can
be expected to occur.
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- ' clay interface
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)
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2 GEOLOGICAL SETTING

The full sedquence of sea level fluctuazions
throughout the Pleistocene has not heen
established in detail, but a2 number of sea
level changes are known to have taken
place, with the present level being poss-
ibly a relatively constant maximum (: a few
metres) £o which the sea has intermittent-
ly returned. The most recent low, -100m.
approx., occurred around 25,000 to 20,000
yrs bp, and was followed by a fairly rapid
rise back towards the present level which
was attained perhaps in the last few thous-
and years.

Enormous fluviatile downcutting during the
sca level lows can be inferred today, at
least in tectonically stable regions, from
the overdeepening of stream beds, e.g., the
Brisbane River. Such overdeepening must
have been accompanied by considerable land-
slip activity.

Subsequent sea level rises, in addition to
reworking the Shelf sediments, would have

retrogressive
slips

v
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1. Brisbane River : typical overdeepened section considered conducive to past landslides
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eroded the recently dissected shorelines,
providing an environment for further land-
slip activity. Finally, fluviatile and
estuarine sedimentation associated with the
rises would have progressively stabilised
and covered many of the slide zones then
extant. o

Examples are given to illustrate these
poeints.

3 FLUVIATILE ENVIRONMENT

3.1 Brisbane River

The lower reaches of the Brisbane River
contain some 30m, of recent bed sediments,
Fig.l. The region is tectonically stable
and if the present land surfaces are

taken to be only slightly degraded vers-
ions of the pre-Pleistocene topography,
then at the time of maximum downcutting
the banks on either side of the river
would have stood thirty or more metres
higher than at present. Drawdown condit-
ions after recent floods showed that these
present banks are only quasi-stable in
many places. It is therefore reasonable
to assume that landslip activity along the
higher banks, at the time of maximum down-
cutting, was fairly common.

The problem today is to delineate not only
those zones where late Pleistocene slides

mi.ght have occurred, but also where these

s5lides might be preserved.

A special geological association occurs in
the area and this was highlighted by a
small slide (1970) which disrupted excavat-
jons for a road underpass in the city. The
slide took place on the dipping junction of
a Priassic sedimentary series unconformably
overlying Silurian metamorphiecs., Both the
formations are of moderatly hard rock, but
flexural slip during folding had produced
clay seams and mylonites along the inter-
face. with i

2. Stereo views of two “"amphi-theatres"
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strengths, James (1971).

As for the road cutting teday, so for the
river in the past, In virtually all loc-
ationg where the river intersects this dip-
ping interface between these two strata,
large amphi-theatre like depressions, with
a microtopography suggestive of old slides,
occur in the banks. Stereo air photos of
two such features are shown in Fig.2.

The mechanism of failure may be inferred
from Fig.l: the slides occurred around
the time of maximum downcutting by the
river and they owe their present stability
to resedimentation.

L}
It should be pointed out that no drilling
to confirm or disprove the above propos-
ition has been undertaken. Quantitative
data is, however, available from the
Canonvale site.

3.2 Cancnvale Site

In 1973, the writer inspected a small sea-
board site at Canonvale, N.Qld, proposed
for development. The site contained a
small conical hill of meta-velcanics, with
side slopes that flattened out towards the
base, No evidence of instability was noted
on the steep elevated slopes. However,
along the moderate and gentle colluvial
slopes at the base of the hill, (11%to 12°)
there were indications of down slope move-
rents. The low relief, hummocky topography
might be seen on the stereo view, Fig.3.
The unusual factor here was that this
"unstable" zone abutted against, and even
appeared to continue beneath, the alluvial
flats which were themselves at around high
Spring tide lewvel,

A number of trial pits were excavated.

Those in the hummocky ground revealed

shearing both in the colluvium and in the

weathered rock, to depths of 2m. The orien

tation of the shearing confirmed the sur-

face impression that the unstable zones
continued below the level of
the flat alluvium.

Undisturbed block samples of
the shear zones and the intact
colluvium were taken and tested
under drained conditions in the
shear box. In thg shear zones
a value of ¥'= 13~ was obtained
on first shear. Repeated shear
tests gave @'= 12°. Tests on
the ambient clay gave a peak
value of @'= 20-. Thus,
considerable movement along the
shear zones is indicated.

Landsliding which continues
below a flat ground surface
requires some explanation. The
implication here is that the
instability must have been
initiated prior to the exist~
ence of the alluvium, i.e., on
an old land profile associated
with a period of low sea

level.

The existence of cryptic land-



sliding at this site was deduced from the
retrogressive movements up-slope. It is,
however, possible to conceive of situations
where past landslip activity could be com-
pletely covered by Holocene alluvium or by
water., Traditional site investigation
methods would be fortunate indeed to pick
up any evidence of such a situation, and
while the existence of such cryptic struc-
tures might have little or no effect on
small scale developments, the same could
not be guaranteed in the case of large
projects involving dams, bridge foundat-
ions, land reclamation schemes, etc.

4,1 Folkestone-Warren

The Folkestone Warren slips have bheen com~
prehensively investigated, most recently by
Hutchinson, {(1969). The oldest slips,
still manifest, have been dated around
2,500 to 5,500 yrs bp, the earlier date
corresponding to a sea level perhaps 7m.
below the present.

“he slips have occurred in the Gault Clay
layer which divides the overlying Chalk
from the underlying Lower Greensands.
There is a small component of dip of these
strata towards the east, about
1 in 100, and if conditions
were taken back say 10,000 yr
it is possible to conceive
similar landslip activity in
the Gault, occurring at a
lower elevation, well to the
east of the present site.

Thus, the slips at Folkestone-
Warren could be merely the
final stages of a much larger
zone of instability from a time
of lower sea level,

The extent to which shear
zones in the Gault - or, for
that matter, large masses of
slide debris in the Chalk -
might be preserved is, of
course, highly conjectural.

3. Stereo view of Canonvale site showing hummocky topography abutting against alluvium

4 MARINE ENVIRONMENT

In the marine environment, more complex
processes are involved, as already briefly
outlined. In certain sheltered environ-
ments, however, submarine features such as
0ld river channels asscciated with low sea
levels can be recognised in the submarine
contours, today. Where these exist, the
possibility of ecryptic shear zones can not
be fully discounted. A slight reinterpret
ation of two well known coastal slides is
offered as a hypothetical model to suggest
the presence of cryptic shear zones in the
submarine environment.

observed
- slip pmne//x

4,2 Portuguese Bend, California, (1956)

The Portuguese Bend slide, Merriam (196Q),
occurred in the montmorillonitic Monterey
Shales, after a relatively shallow trench
was excavated along the toe area, near to
the sea, Fig. 4. The slip was an obvious
reactivation of an older slip, and the
slip plane was recorded at several locat-
ions allowing, with surface evidence, an
accurate plot. Merriam distinguished a
lower slip (A} with a large associated
retrogressive movement up slope (B).

If there is retrogression, the question
arises as to its extent or, rather, as to
its point of origin. If a slightly

4. Portuguese Bend slide (1956)
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lower sea level than the present is
invoked, it is plausible to suggest that
landslipping could have begun further
down-slope than the present slip. In
other words , the 1956 slip might not be
merely the reactivation of a fossil slip
of similar dimensions, but rather a recent
manifestation of a retrogression origin-
ating somewhere out to sea.

5 CONCLUSIONS

In the past decade, there have been nuner-
ous instances where { terrestrial } slides
have occurred in blatant contradiction to
s0il mechanics principles., The idea of
Progressive Fallure was put forward as an
explanation in clays and clay shales. It
is the writer's experience, however, that
in the vast majority of cases the cause of
failure could be attributed, not so much
to true Progressive Failure, but to the
presence of pre-existing shear planes in
the ground. It is possible,then,- that work
in the future might also show a similar
pattern for some unexpected submarine
slides. . e

In this paper, largely circumstantial evig-
ence has been proposed to show how late
Pleistocene slip surfaces might be pre-
served under present day watex or
alluvium. Sufficient conditions for the
development and preservation of these
buried shear zones are: tectonically
stable, Fluviatile environments which have
been subject to overdeepening during per-—
iods of low sea level; associated land-
sliding along the banks; subsequefit stab-
ilisation of the areas by water level
rises and resedimentation.

Recognition of the conditions favouring
the development of cryptic shear zones
could be important for large scale civil
engineering works. In many cases, surface
indications, such as retrogressive slides,
could be diagnostic, but this need not
always be the case. For this reason, it
is the writer's contention that any steep,
subterranean, ercsion features should be
investigated with some care.
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The probability of preservation of cryptic
§hear structures in the marine environment
is low. Yet many stretches of the present
day coastlines are the result of the
"dynamic" erosion forges of the changing
sea levels of the Pleistocene; certainly
these sea level changes have caused much
reworking of the sediments of the Contin-
ental Shelf. Under certain conditions,
some preservation of slip structures is
possible. In the location of submarine
tunnels, pipeline routes, in the design

of land reclamation schemes, consideration
could profitably be given to the histor-
ical evolution of the present day sub=~
marine contours, in relation to the geology.
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Landslides in South Australia

J. SELBY
Supervising Geologlst, Department of Mines and Energy, South Australla ?

SUMMARY Many South Australian landslides are due to mass movement of hillslope debris and have

occurred during periods of intense rainfall.

Earth flows, incorporating rotational movement, occur imn
Permian Sediments on the Fleurieu Peninsula and are due to the effects of land clearing.

Massive

rotational slumping, occurring in bedded rocks, has been recorded at several localities as have
numerous rockslides in quarries, open cut mines, and road cuts.

1 INTRODUCTION

South Australia has the lowest average rainfall
of any Australian State and a very subdued topo-
graphy. Nevertheless mass movements (landslides)
are widespread. Many of them are due to the
results of changing land use and other human
activity and have occurred within living memory,
while some may have been the result of past
seismic activity. Because of this the State
Planning Authority requires geological inspection
of slopes steeper than 157 (1 on 4) before
residential subdivision is permitted.

This paper summarises the main types of landslide
which are known to have occurred and provides a
guide to the recognition of situations where mass
movements could occur in the future. The simple
classification given in the Field Geologists
Manual by Berkman {1976) has been used. Locali-
ties mentioned in the text are shown in Fig. I.
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2 MASS MOVEMENT OF SOIL

If the word 'soil' 15 used in its civil engineer-
ing sense it is apparent that most South Australian
landslides are due to mass movement of this

material. Several different modes of failure can
be recognised: ¢

2.1 Debris Slides

In the Flinders Ranges and Mt Lofty Ranges, which
form a central spine to the most settled area of
the State,.dehxis slides are Ffairiy tomton and
hate been described by Twidale (1968). Stream
erosion has revealed that some of the lower slopes
in these areas consist of several metres of hill-
slope debris {celluvium) consisting of poorly
graded material of extremely variable grain size.
A railway cutting along the Pichi Richi Pass near
Quorn shows nearly 8 m of colluvium, ranging in
size from silt to boulders, occurring as a thick
layer on the floor of a narrow valley. Foundation
investigations for a proposed water treatment
works near Adelaide showed up to 10 m of hetero-
geneous hillslope debris in an area of suspected
shallow bedrock. This caused 2 modification of
the foundation design to incorporate a retaining
wall tied in with rock anchors (Fig. 2}.

HETRES

FIG. 2 Proposed water treatment works oOn

Hillside debris,



Arveas of debris material can often be recognised
in the field and on air photographs by a charac-
teristic hummocky terrain best seen under con-
ditions of low incidemt light. On many lower hill
siopes, the material has been temporarily impound-
ed behind obstacles such as large boulders and
trees to form terracettes. Evidence of hill creep
can alsoc be seen in inspectiom trenches which
often show distortion of upper weathered rock
layers indicating down-slope movement.

Most debris slides in South Australia appear to be
stable unless disturbed by human activities such
as changing land use or civil engineering works.
The alignment of a dam near Adelaide had to be
changed after slide debris began to move as a
result of earthmoving operations and diversion of
a stream to the toe of the slope. Every year in
the hills around Adelaide many small debris slides
are reported along road cuts during the heavier
winter rain storms. In most cases permanent slope
stabilisation would prove toc expensive and the
material is merely removed. One recent slide
however required extensive treatment: In this case
hillslide colluvium began to move after wetting
caused by the combined effect of a leaking culvert

and rising reservoir water at the toe of the slope.

A seismic refraction survey showed several metres
thickness of debris which was subsequently re-
moved, replaced with rock fill, and the road
section completely rebuilt. Examination of these
debris slides shows that the bedrock surface forms
the main sliding plane, particularly when lubri-
cated by perched groundwater. Many of them occur
on south west facing slopes - the direction of
prevailing winter winds.

2,2 Earth Flous

These differ from debris slides in that failure
takos plave within o thick body of unconselidated
sediments (solls) and is accompanied by rotation-
al movement. Failure depends on the strength and
degree of saturation of the sediments and can
occur rapidly and spontaneously without the
agency of civil engineering works. Nevertheless
those earthflows so far recognised in South
Australia are believed to have been caused
indirectly by man's activities (Twidale, 1976).

They occur mainly on Fleurieu Peninsula (Fig. 1)
where Permian sand and clay occurs to a consider-
able thickness within buried valleys which fre-
quently bear no relationship to the modern topo-
graphy. They have been studied by Van Deur {1978)
who located 33 earthflows on slopes ranging_ from

8 to 20° in an area of approximately 100 km? south
of Yankalilla (Fig. 3). All of these slides
apparently formed after European settlement but
there has been a time lag between occupance and
the majority of mass movements. This was acquired
by slow physical and chemical changes in the seil,
brought about by deforestation and a rising saline

water table, gradually reducing its shear strength.

The mechanism causing failure is not clearly
understood but is no doubt related to rainfall
and possibly, seismic activity.
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FIG. 3 Typical earthflow in Yankalilla area

2.3 The Adelaide area

A large number of cuts and excavations are opened
up every year in Metropolitan Adelaide, chiefly in
soil materials. The stiff to hard Pleistocene

clay which underlies the City of Adelaide stands

up well for shert periods in dry conditions and a
10 m high unsupported face was described by Cox
{1970) as being stable for three months on a 45°
batter. llowever, the effccts of drying out make
the material treacherous as it breaks up into
coarse lumps which can collapse suddenly. A mantle
of low density calcareous silt of wind blown origin
(loess) is distributed as a shallow layer up to
several metres thick over much of the Adelaide
Region. When dry this material will stand verti-
cally but collapses quickly when wettied.

Probiems with saturated alluvium frequently occur
on the outwash fans which undorlie the eastern
part of metropolitan Adeiaide. On the coast 3-4 m
deep dewnterad sewer trenches have stood verti-
enlly without support in the sitt, suad, and solt
clay of the constnl estuarine depoxits,

3 MASS MUVEMENT OF ROCK

The Flinders and Mt Lofty Ranges consist largely
of well bedded and jointed sedimentary rocks which
have been extensively folded and faulted. Alter-
nating beds of quartzite, dolomite and shaly silt-
stone provide a wide range of materials of differ-
ing strengths and resistance to weathering. Mass
movements in these materials may be divided into
three types:

3.1 Rotational Slumping

Large masses of slumped rock meterial have heen
reported near Oodnadatta by Heath (1963). These
can be up to 400 m long with an approximate

volume of 3/4 million cubic metres. They occur in
shales which form a steep escarpment 60 m high,
and are the result of rotational movement caused
by water saturation of joints and partings. (Fig.4).
In each case the shale block is capped by a solid
mass of duricrust which has protected the material
from severe distortion and mechanical breakdown
during slumping, so that the shale appears to dip
steeply into the face of the escarpment. Similar
features have been recognised from the Tent Hill
area west of Port Augusta by Thomson (1965). Here
large masses of quartzite, up to 150 m loag, have
slumped and travelled laterally on an underlying
weaker shale formation (Fig. 5).
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The rock types described above are common in
South Australia and, although these are the only
cases 50 far documented, it is likely that other
naturally occurring landslides of this type
exist, possibly covered by scree debris, else-
where in the Adelaide Hills and Flinders Ranges.

An example of incipient rotational slumping in
shales underlying a coal seam occurred at Leigh
Creck Coalfield and has been described by
Townsend (I978). Removal of 50 m of overburden
and the coal seam caused upward buckling of the
underlying shales as a result of hydrostatic
pressures and the weight of overburden dumps
placed on the edge of the open cut {Fig. 6).
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FIG. 6 Slope failure at Leigh Creek Coalfield
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Remedial measures consisted of relieving hydraulic
pressures in the shales by construction of a
trench and a line of pressure relief wells at the
toe of the slope.

3.2 Rockslides

A lzrge number of rocksiides caused by man's
activities have occurred within the bedded rocks
which form most of the hill country in South
Australia. One of the most spectacular happéned
in 1974 at a dolomite quarry near Adelaide. A
massive rockslide covering the whole of one face
took place along a wedge failure direction formed
by the intersection of the rock cleavage and a
major joint set (Hazeldine, 1975). This slide
happened over a period of days during a time of
heavy winter rainfall and was due to excessively
steep batter slopes which caused the wedge failure
to daylight out of the quarry face. Remedial
measures consisted of removing and regrading the
entire face.

Another major rock siide accurred at an open cut
iron ore mine on the Eyre Peninsula over a pericd
of 11 days. Movement took place along a syacline
whose axis plunged out of the face. It appedrs
to have been initiated when a passive wedge of
rock supperting the toe was broken by blasting.

An unusual rock slide having no direet cause has
been reported from the Lochiel area by Twidale
(1976). It took place on the sides of gently
sloping hill (slope 16-21%) in 1974 after a period
of heavy winter rain. Movement occurred within a
quartzite formation dipping at the same angle and
direction as the slope, possibly as a result of
lubrication of thin clay seams within the quart-
zite by percolating rainfall. A detailed map of
the slide, which invoived about % million tonnes
of rock, is given in Fig. 7.

TWIDALE (D76

FIG. 7  Sketch map of the lochiel Landslip.,



Numerous examples of block and wedge rock slides
are provided by road cuts in the Adelaide Hills.
The Sellicks Hill road is probably the most
spectacular of these where small movements are
still oceurring many years after construction.
Other examples are given by Weber (1978).

3.3 Stability of valley sides

Site investigations for dam sites in the Mt

Lofty Ranges have revealed that the valley sites
can be potentially very unstable. The presence
of sheet joints running parallel to the topo-
graphy when combined with bedding or joint

planes can cause large potentially unstable
blocks which may not be revcaled until site work
has commenced (Fig. 8). [t was the Tecognition
of these features that caused a change in the
design of Kangaroo Creek Dam from a concrete arch
to a decked rockfill structure (Trudinger, 1973).
Puring the investigations for Clarendon Dam in
1971 a 300 m long adit was constructed to evalu-
ate the stability of a suspect abutment. Open
sheets joints were also encountered in the abut-
ments of Little Para Dam and these required care-
ful evaluation and the installation of speclal
drainage holes.

e KN 20 X K
L e
L]

H Transporied soil material

FIG. 8 Mechanical weathering of valley
sides at Kangaroo Creek Dam.

2-72

4 CONCLUSIONS

Evaluation of potential slope instability is an ~
important requirement of site investigations in
South Australia. Even with careful investiga-
tion techniques, landslide situations way not
become apparent until site works have commenced
and it is important to cultivate a flexibie
approach to civil engineering construction.
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The Evolution of a Risk-Zoning System for Landslide Areas

in Tasmania, Australla
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SUMMARY A mans house is his greatest material possession and to lose it is a personal disastex, The
publication of reliable information of the expected risk from landslide damage can sometimes prevent this
loss, and should be the task of geologists in the service of governments.

Estimates of risk, made by a process such as that to be described, should be published so that land use
can be designed to avoid or minimise the landslide hazard. This hazard is comparable in personal impact
to that due to flood, forest fire, earthquake, or cyclone. Estimates of risk can best be presented as
zones on a topographic map. i

The initial input to the risk zoning system is the topographic map which is divided into slope angle
classes. The geological map can be interpreted to show the susceptibility to weathering, the formation
of slip-prone talus, and the groundwater hydrology of various rock types. The combination of geclogy and
slope classes can then be used to broadly indicate areas of possible instability.

The second stage is the direct approach where geological conditions are confirmed by field study anh may
be re-mapped at a suitable scale for the particular investigation. The morphology of the area is studied
and mapped together with any features indicative of mass movement. Anomalous slope complexity is con-
sidered to be a major indicator of an unstable pre-history.

Doetailed studies are made of selected critically unstable and stable arcas using a similar methodology to
the above with additional stratigraphical, geomechanical and hydrological information obtained from
drilling, Stability analyses are calculated using the above information. This combined with all other
information indicates the thresheold siope angle for each rock type.

The result is a twe tier zoning scheme of which one is descriptive and one proscriptive, The original
descriptive system is of five classes of increasing landslip risk. This will shortly be altered to a
simpler three ciass system. The proscriptive system is based on legislation and prohibits building or
allows it to occur under a specific section of Building Regulations,

Some comments are made on the problems of administration,

1 INPUTS TO THE ZONING PROCESS and the scale and contour interval of the topo-
graphic map. Several methods have been used includ-
1.1 Topography ing paper templates and circular perspex templates
extending over five contour intervals with cach
The topographic map is the first input to the designed to represent the various slopes selected
zoning process. An examination of even 1:100 Q00 as the upper and lower bounds of each slope class.
maps, contoured as curs are at 20 m intervals, can For aerial photographs slope angles are measured in
enable steeper areas to be recognised and marked the field by clinometer and the same slopes are used
for closer examination. Our current Tamar Valley as standards for comparison on stereo—-images.
Landslip Zone Maps are at a scale of 1:15 840 bnother approach is to construct, using the ‘methods
{Figure 1) and while extremely useful, inade=- of Miller {196l), square based pyramids having
quacies have become apparent as individual house apparent sideslopes of predetermined angles. These
lots are difficult to distinguish at this scale. are plotted on transparent film and viewed as a
Certain areas have been mapped at 1:2 500, an ideal - stereopair sc as tc form a model in space. This is
scale for mapping small townships. The awvail- laid over the photopair and direct comparisons made
ability of suitable topographic maps is often the with unknown slopes. Where suitable computer facili-~
deciding factox and our existing maps are to be ties are available slope classes can be produced
now remapped at a scale of 1:10 000 where the directly on the topographic map. This methed is
average city house lot will appear as 1.8 mm by to be used in our next zoning investigation.
3.6 mm. In the absence of suitable topographic
maps we have used aerial photographs enlarged to The initial result is therefore a series of slope
1:5 000 and even produced our own oblicue aerial angle classes drawn on a suitable base map. The
photographs enlarged to a similar scale, The ultimate and essential source of information is the
latter have proved very useful when mapping small landscape itself,

landslip areas less than 3 km in extent.

1.2 Geology
Whatever suitable maps are chosen, slope angle

classes are drawn on them. The choice of classes The second input te the zoring process is the
depends on the prevailing topography and geology geological map. We are fortunate in that good
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ACTIVE LANDSLIPS AND ADJACENT AREAS
WITHOUT SPECIALIGSED

QLD LANDSLIPG AND ADJACENT AREAS
HO BUNDING WITHOUT SPECIALISED

POTENTIAL LANDSLIP AREAS
N ACCORDANCE WITH A SPECIAL CODE

STABLE GRDUND, BUT ON SOFT ROCKS
STRICT ADHERENCE TO £RISTING BUILOING CODE

STABLE GRAODUND OnN HWARD ADCWUS
HO ABNORAMAL PROOLEMS OR BISKS

LANDSLIP HAZARD WILL BE GREATLY
SURFACE WATER TO FLOW AS IWDICRTED BY ARBOW

]
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INVESTIGATION £ DESIGH.
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INCRERSED &Y BLLOWING

Figure 1 A section of the Batman Bridge sheet of the Tamar Valley landslip zone maps

1:50 000 geological maps exist of most of the areas
we are recquired teo investigate. However when zone
mapping is conducted on a 1:310 OCC scale or less
then adjustments and additions are often required
to be made to the geological base map. Where geo-
logical maps do not exist then this mapping is
required as part of the geomorphological apprecia-
tion to be discussed later.

The geological map, if it does not already do so,
must be interpreted in terms of rock types. C(lays
and weak shales will primarily suggest themselves as
slip-prone materials but only field examination will
determine this.

274

The harder rocks must alsc be considered as they
may often function as loads at critical places on
clay slopes, and more importantly as aquifers., The
recognition of the influence of surface aquifers in
producing instability in adjacent soft rocks was
recognised by Denness (1972) as the reservoir prin-
ciple and we have found this principle to be of the
utmost importance where, as in our area, fresh
fractured basalt overlies soft lacustrine sediments
on steep siopes. The relationship between aguifers
and their resulting springs, and the movement of
colluvium in hillecreep must also be appreciated as
ocelusion of springs by mass movement may be a vexry
potent agent of instability. The solid geology as
indicated in most geclogical maps is therefore to
be inspected fpr the presence of soft or softenable



rocky and for aquifers capable of producing spring
lines on or above steep slopes in these materials.

There is however, a considerable limitation to this
simple approach. The colluvial materials on the
slopes are probably critical in determining slope
stability and are not usually represented on a geo-
logical map. Here a direct method has to be used,
that of inspecting the slopes on each rock type in
the field and determining the coliuvium thickness,
expected variation, and general nature. This pro-
cess can be treated qualitatively at this stage but
will need to be pursued in detail when the moxrpho-
logy is dealt with., Recent geological mapping has
changed in that surficial deposits are now often
differentiated, consequently improving their yse-
fulness.

The gevlogical map does not recognise the state of
weathering of the rocks. This factor may drastic-
ally alter the whole nature of the rock and con-
sequently affect its stability potential.

At this point the information obtained from the
topographic map with siope classes and the geo-
logical map can be combined. This will indicate
areas that may be unstable or potentially unstable.
These areas will require more detailed inspection
at the next stage in the zeoning process which in-
volves direct field observation.

1.3 Morpholagy

1
The geomorphic mapping process relies on field ob-
servation and the recognition of slope features
associated with mass movement.

Some consideration of slope classes has already
been made. The angles which are used as the class
limits are chosen after an examination of agtive
failures. An inspection of saeveral recent failures
in.what appears to be the same geology will gener—
ally indicate a lower limiting angle. With so many
factors influencing the stability of slopes, it
might be thought that the slope angle is too simple
a criterion to use, but an extended area of similar
materials, where several failures can be compared
has, in our experience, generally indicated a lower
bound to the failing slope angle. This we have
called the critical angle or threshold slope angle
for the prevailing geology.

Where the geclogy changes, the critical angie wili
change also. Our areas show a variety of critical
angles, for example in Tertiary lake sediments 7° is
taken, while on weathered basalt soils 14° is used,
It would be illusory to depend too much on these
exact angles but the whole process of zoning is an
approach to an ideal and the establishment of crit-
ical angles is a step on the way.

Slope segments are mapped in the field by outlining
breaks of slope and slope angle measurements are
taken by inclinometer. Comparisons may then be made
between observed slope angles and the threshold
slope angle. Slope mapping forms the kbasis of the
geomorphic map. Features from the slope map which
may indicate active or previous mass movement
include arcuate scarps which may have become
vegetated or subdued by erosion, benching of slope
profiles often with backsloping areas, and unusual
convexities or concavities of slope regions, Slope
complexity has been used by us as indicative of the
mass movement history of a slope region when com-
pared with much simpler slopes profiles in adjacent
areas on the same hillslopes.

The next stage of our geomorphic appreciation is
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directed to the suzface drainage features. ‘The
textbook examples of drainage patterns are noit un-
commonly seen to be represented in the field, but
in mass movement areas disruption of drainage is a
marked characteristic, fThe scale on which this
ccours is often not large enough to appear signifi-
cant on a 1:100 090 topographic map, but on photos
or in the field it is usvally obvious. Simple
stream flow patterns diverted by debris tongues,
ponds behind rotated blocks, and the subseguent
drainage along rather than across the contours of
the original slope, seepages, hillside swamps with
no oirtlet, small walleys contalning paired streams,
and many other anomalies in the surface hydrology
can point to movement. Other features to be mapped
include anomalous leaning or kinked trees and the
universally present but ill-defined 'hummocky ground'.

All these features have been exhaustively described
by others and Pulinowa et.al,(1977) have produced
an atlas of symbols to represent the whole of the
morphology. To these natural features may be added
the stretching of fences, cracks in roads, walls,
and pipes, the tilting, distortion and final des—
truction of buildincrs. All must be recorded on the
geomorphic map.

At this stage the three major inputs will contribute
to a map which will indicate active and inactive
areas of mass movement. Features associated with
such phenorena will be apparent and areas similar

in slope, geology etc. can be cutlined as regions

of potential instability where caution may be re-
quired when landuse decisions are to be made.

1,4 'The Age Problem

The problem of dating a particular landslip feature
is perhaps the most difficult part of the zoning
process.  Underestimation of the age of a disrupted
slope may lead us into conservatism so that even
Pleistocene slope failures which may be perfectly
stable under present conditions are considered un-
stable. The gquesticn that arises is what is the
age of the disturbance? It is a guestion of real
significance because any zoning scheme must be
based on the realisation that it operates in a time
scale short by geological standards, but long in
comparison to the occupancy of a house. A periocd
of fifty years is a convenient vardstick, almost a
lifetime, long for & house of light modern construc-
tion, long enough to see several generations of
active engineering geologists and to see dramatic
changes in investigation technigue. It is all the
moere reason for zoning to be placed on a practicable
and defensible methodology for it is going to in-
fluence urban land use beyond the foreseeable
future,

Dating old mass movements is difficult but where
possible we can attempt to predict how soon the
mass movement cycle will be repeated. The work of
Hutchinson (in Skempton and Hutchinson, 1976) shows
that in well placed cases dates can be found for
old movements, but in Australia with less than two
hundred yvears of recorded history the problem is
doubly diffieult, Currently active movements can
be readily observed and the value of photographs,
measurements and descriptions is important as fea-—
tures rapidly become indistinct either by nbtural
exosion or deliberate concealment.

Mass movement is also part of the response of geo-
logy to climate so that climatic variation studies
both in the,long and in the short term are of some
use. Rainfall wvariations are influential in con=-
trolling pore pressures in fissured clays and the
menitering of piezometers through several years has



revealed some unexpected and significant behaviour
in relation to landslide movements (Knights and
Matthews, 1976). Rainfall records can usefully be
reviewed against historical accounts, altheugh
correlations based on newspaper articles have not
been very successful. Beyond rainfall xecords,
recent advances in Holocene climatology may enable
the truly fossil movements of the end of the last
glacial stages and beyond to be separated out. In
our case the sheer size of what we believe to have
been Pleistocene failures compared with modern
failures, together with the anomalous ralation to
what are now permeable sediments, enable us to dis-
tinguish them with some confidence.

Thu problem of the role of vegetation in contrelling
stability is still with us. It cannot really be
regarded as established that vegetation invariably
increases stability. It depends too much on what
vegetation, what climate, and what kind of slopes
are involved.

A consideration of the age of a landslip movement
is therefore important in our decision making pro-
cess when trying to ascertain if these areas are
currently stable and are likely to remain stable
within the life of the landslip zoning system.

1.5 Detailed studies

We must now turn to the crux of the zoning problem
where we see landslides in action. Working in this
field where potential failures or long term stabil-
ity are everyday concepts, the sight of a slope
actually undergoing failure is a sobering experience.
when the slope is actually failing, it is possible
to say that the factor of safety is less than unity,
that the many conditions for failure are satisfied,
that doubts are removed and, however the process
works, it is doing #o here and now. & failure pro-
vides an example of the process that is of great
value for it is then possible to investigate a real
example, not a scenarlo or a potential situation.

The methodology is the same as in a regiocnal analy-
sis, The topography of the siide and its immediate
surroundings, and the geological setting must be
discovered. The materials present must be examined
and sampled by drilling, and the soil parameters
and water conditions determined., The changes in
time in water conditions, particularly of pore
pressures must be recorded. The variability of
these is of particular importance in analysis.

With this sum of information we must preoceed to set
up an analysis of the failure so that the iimits of
the input parameters may be found and to check for
realism. Classical analysis after Bishops simpli-
fied method, or for shallow slab failure, after
skempton and De Lory is known to be incapable of
coping with the real world facts of progressive
failure or long term stability. Many other formu=-
lations are current but none show any advantages in
the real world, and stability analysis must be re-
cognised for what it is, a simplified mathematical
model of the failure process to be considered as
another tool useful in the assessment of stability
but no more credible for its numerical appearahce.

Stable areas where no sign of past movements can be
distinguished and doyrmant areas where past movement
is known or suspected must also be subjected to
analysis. The determination by back analysis of
acceptable values of input parameters must be made
as a parallel to the work in active axeas. The
stability of the stable areas as well as the fail-
ure of the active areas must be confirmed by analy-

sis,
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The empirical methods cutlined by Stevenson {1977}
have some relevance here for they enable the rela-
tive stability of an area to be estimated in relation
to the analysed areas. Analysis cannot be used in a
great number of locations for reasons of cost and
effort, but if it can be used in the more critical
piaces, then other similar locations can be estimated
with perhaps only a minimum of groundwater informa-
tion.

2. THE ZOWING SCHEME

We have now accumulated a great deal of information
on the area to be zoned, and we must now turn to the
task of synthesis. The zoning scheme can be con=
sidered as land use planning with respect to a geo-
logical hazard that is the risk of landslip movement.

Zoning has always been conceived in our minds as a
control on the development of dwelling houses. Any
laryger structures are not generally built oxr owned
by individuals on their own financial resources, and
the impact of damage is borne corporately. In most
countries iandslides are not an insurable risk and
every possible precaution must be taken to avoid
damage as the cost falls heavily on individual
ovners. In those countries where some corporate
risk is borne, this does not relieve the cost but
only spreads the impact.

Larger structures, public buildings, installations,
road and rail routes all carry with them the assump-
tion that adequate investigation has been made in
the course of which the landslide risk has been re-
cognised and minimised either by design or reloca-
tion. If the assumption is invalid then damage may
resuli, but it will be borne by the community at
large and not by an individual.

2.1 Descriptive Zones

In this State a two-tiexr zoning scheme has evolved.
The lower tiexr is descriptive, and until recently
consisted of the following classes:

1 Stable ground on hard rocks.

TT Stable ground on soft rocks.

ITTI Potential landslip areas.

v 0ld landslips and adjacent areas.

VvV Active landslips and adjacent areas.

This system attempts to represent the geological
truth as far as this can be known, in terms that any
reasonable person can understand. The zZones are
advisory, are published in easily obtainable, cheap
maps and are circulated to local councils and othex
interested government departments.

Zone I is, in our areas, normally on dolerite,

basalt or sandstone, weathering is no more than
moderate, and the soil cover is not normally ‘greater
than 1.5 m. It is essentially a zone where clay
failures cannot exist and slope failures of other
kinds are vanishingly small under the impact of

urban housing. One cannot rule out the exceptional
occurrence which may be brought about by a previous-
1y unknown phenomenon or incompetent building methods.

Zone IT is those areas where clay and deep soil cap-
able of slope failure exist, but slope angles are
less than the minimum observed failure slope. These
areas arc often subject to a swelling soil problem,
but this is not directly relevant.



Zone III is those areas where both sufficient slope
and failure-prone materials are present, but where
no failures are known to have taken place. Presum-~
ably the groundwater conditions are not such as to
bring about failure, but the possibility exists that
a change in conditions caused by development could
precipitate instability.

Zone IV is those areas where sufficient evidence
exists of past instability to warrant an assumption
of reactivition, and those areas adjacent which such
reactivition could endanger.

Zone V is those areas where measureable movement is
taking place and those areas which could be endan-
gered.

In the light of the analysis that has been described
boundaries must be drawn on the zone map, on the
strength of the topographic, geologic, and morpho-
logic findings and with the assistance of the stab-
ility analyses, but without reference to existing
man~made structures,

The Tamar Valley Region of northern Tasmania has
been mapped as a series of 1:15 840 maps using the
above five descriptive zones. This system is now
+o be simplified to a three zone system designed
for ease of use by the public, local authorities and
government institutions. The new three zone system
is more proscriptive in nature and the zone defini-
tions are broadly based on whether development may
proceed without restrictions, may precceed with some
restrictions or may not proceed at all. The three
zones will be:-

1 Green Zone. Areas where no undue risk is
recognised and building and development may take
place under the normal control of councils under
the Building Requlations.

2 Yellow Zone, Areas where doubts exist as to
the stability of the area and a more or less detailed
investigation is required before building can take
place. Some or all of the terms of the special
regulations for landslide areas (Building Regulations
Part IV, Division 5, 1978) would apply, the impact
of these depending on the results of the investiga-—
tion.

3 Red Yone. Areas where active movement is
occurring and building is prohibited.

In this three zone system the Green Zone would
closely correspond to Zone I and II of the original
system, the Yellow Zone would closely correspond to
Zone III and some of Zone IV and the Red Zone would
be similar to part of Zone III and Zone IV and all
of Zone V. These zones can be defined descriptively
for the benefit of interested authorities and per-
SONS .

In summary the lower tier, descriptive zone system
is used to persuade the public, local councils and
government authorities of the danger and risk of
the lanéslide hazard.

2.2 Proscriptive Zones

The second tier of zones is brought into use when
advice is no longer encugh and compulsion becomes
necessary. The zones are prescriptive, and are
proclaimed under the State's Local Government Act
(1974) .

Legal sanctions sometimes become necessary when
settlements have existed before the recognition of
the extent and seriousness of the landsiide risk.
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In this case, the risk must be made plain to the
owners of houses in the area so that they may be
able to take prudent precautions such as the main-
tenance of drainage or the avcidance of deep earth-
works on steep slopes, and as a warning to intending
purchasers.

It may also happen that entrepreneurs have committed
themselves to the construction of housing before the
recognition of the risk. They will of course wish
to lose as little of their investment as possible,
and the zones inform them of the constraints on
building.

The proscriptive zones are known as A and B landsiip
zones under the Act. 1In an 'A' zone all building is
prohibited with some minor exceptions. In a 'B'
zone, buildings are controlled in respect of size,
siting, drainage, earthworks and the removal of
trees, Restrictions are included as Part IV;
Division 5 of the Tasmanian Building Regulations
(1978} . {

The problems that arise when landslip xisks axe
first recognised are unavcidable. We have previously
generally been consulted after the problem hﬁs
occurred rather than during the initial development
of potentially unstable areas. Local councils and
Government authorities have now become more aware

of the problem and little development of potentially
unstable areas can now occur without inspection by
the Tasmanian Department of Mines.

The relationship between the zones of the I-V scale
of descriptive zones and the A and B proscriptive
zones has evolved through usage, and introduces a
useful degree of flexibility into the system.
Originaily, B, the zone where limited building could
take place, was taken as equivalent to III and A as
equivalent to IV and Vv, BAs the whole problem has
been investigated and our confidence has increaseg,
a partial relaxation has been made in zone IV. The
term 'old landslips' has always included structures
of a range of ages. The cldest of these, probably
originated under different climatic conditidns and
are now gquite stable, and so can be released for
contrelled building. Different parts of old
structures also vary in their potential for failure,
The heel area is often quite stable, while the over-
steepened toe zone may still show parasitic modern
failures.

Another advantage of the two-~tier system of zoning
is that amendments to the descriptive zones’ are
easily introduced as they arise from detailed in-
vestigations, while proscriptive zones require a
statutory process. In practice, even the first kind
of amendment has not been very common, and the
original descriptive zones have proved to be a good
general guide.

any recommendation for the proclamation of Landsiip
Areas under Section 431A of the local Government
Act No. 2, 1973 would necessitate a transformation
of the Green-Yellow-Red zones into 'A' and 'B' areas
in the same way as has occurred previously with the
five zone system. Broadly Yeliow areas would bacome
'B' landslip areas and Red areas would become 'A'
landslip areas, not automatically but after specifie
investigation and recommendation by the Tasmanian
Department of Mines,

2.3 Problems of Administration

The administrative procedures have not functioned
well., Little guidance can be offered in this res—
pect as the political climate and that of public
opinion, and indeed the whole physical circumstances



surrounding the soclal impact of the landslide pro-
cess are likely to be cquite different in another
society.

Briefly, the proclamation process is initiated by
the geologists working on the landslide survey.

They become aware of damage or the risk of damage
and of the possibility of social loss. The geolog=
ical and moxphological circumstances are closely
examined, and if time permits, some subsurface work
is done, mainly to establish material properties ang
water conditions. A recommendation is then made by
the departmental director, and is passed to the
local authority {(council) of the area concerned,
which has the responsibility of informing all lLand-
owners that zoning has been recommended, and calling
for objections,

The whole confrontation has culminated in the past
in an Objectors Meeting, where cobjectors are able

to meet the geclogists, These meotings, surprising-
ly, are often able to calm the worst fears of some
objectors, and to explain the logic of the recommen-—
dation to those affected., While not a pleasant ex-
perlence for the geologists, it is an interesting
and useful one, both in appreciating the effect of
the investigation and in conveying difficult
scientific and technical concepts to an interested
and unsympathetic section of the public.

the inability of the council to identify and inform
every involved landowner has proved to be the great-
est stumbling block, especially when proclamations
have to be made in already built-up areas. This
process has tkane more than two years, and in one
case has had to be abandoned. A simpler and per-
haps less scrupulous process may have to be adopted,

The impact of a proclamation depends on the state

of development. Where little or no work has been
done on the ground by the developers, and the land
is "still rural, the effect is simply to prevent or
restrict building. 1In 'B' areas, where restrictions
apply, some discussion takes place on the exact
details of what may be bnilt where, and how adequate
stability may be achieved, These discussions are a
fertile source of ideas for construction methods,
and some progress has been made in using 'B' areas
wisely and well.

Where a developed township is proclaimed, the main
effect is on new building, which is either prohib=
jted, resulting in open spaces being left or is again
restricted, Proclaimed areas in towns are usually
those where some destruction of houses has taken
place and the open spaces are readily accepted, and
become parks or lesser amenity areas. Proclamation
in areas of damage is easily achieved as little
persuasion of its necessity is required, In areas
of potential instability, the whole process of con-
viction must be worked through and is only ever
partially successful,

The loss of land value
complaint aimed at the
takes the form that he

is probably the greatest
zoner, His reply generally
is merely restoring to the
land the correct value that was previously over-
estimated in error. To the charge of arrogance’
in presuming to do so, he can only reply that the
care he has taken is demonstrably greater than that
used in the first place when 'market forces' oper-
ated. We are not aware.of any systematic studies
that have been made of changes of value in the
market as a result of lardslide zoning, although
valuations for taxation purposes have been altered
cn an 'ad hoc' basis.

Generally the descriptive five zone maps have
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proved useful in the majority of areas where little
or no development has occurred. The local councils
and government authorities may use these to control
the development of these areas by acting on the
advice of the Tasmanian Department of Mines without
the need for proscriptive zone proclamation. The
proposed new three zone proscriptive maps will work
in the same way as the previous system but will be
easier for the public, local councils and government
authorities to interpret,

3  CONCLUSIONS

This paper has outlined the methodology behind the
development of a descriptive and proscriptive land-
slip zoning system currently in use in the State of
Pasmania, Australia. A new three zone descriptive
system that has evolved from experience with the
previous system and which is to be used in the
future, has also been discussed.

The implementation of the zoning process is to con~
stitute a warning to those who seek to use the land
that instability is, or may be, present, If it is,
let them beware. 1If it may be, then the use and
value of the land may be protected by prudent pre—
cagtions, Forewarned is forsarmed.

If warnings fail, are inaccurate, or come too late,
loss can result, and can be protracted and devastat-
ing both materially and spiritually for the individ-
uals and families affected. Only those who have
suffered such a disaster can appreciate the effect
of it.

tandslides are unique among natural disasters in
that they are uninsurable. Why this should be so
may be related to their comparative rarity, their
usually small area of impact, and their often slow
and unspectacular behaviour. Floods, fires, earth-
quakes, cyclones and tsunamis, none fulfil these
three conditions, and so have attracted public
attention and conseguent sympathy for their wvictims.

Landslides have been regarded as 'acts of God', a
lawyers term implying a blind unpredictability.

This paper attempts toc show how a system has been
evolved to establish landslide 2ones, and so predict
as far as is presently possible the risks of this
disaster. The establishment of insurance should

now be possible.
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1 INTRODUCTION

A universal classification system for use in rock
engireering is an ideal sought by numerous workers.
The objective of such a classification is to group
the wide variety of rocks in a few categories to
allow a prediction of thelr engineering behaviour.
Although various restricted classification systems
are used, as far as we know there is no unfversal
classification.

Classification systems have been developed that
are related to specific engineering problems such
as tunnel design (e.g. Terzaghi, 1946, Deere et
al., 1967, Bleniawski, 1973, Barton et al., 1974).
0f the few classification systems that have been
proposed for use in rock slope engineering, Goodman
and Duncans' (1971) is considered to be most
useful, Classification systems which are based

on the final morphology of a slope rather than the
mechanisms involved in failure have limited appli-
cation in slope design.

This paper describes a simplified classification
system for use in the design of cut slopes in
foliated rocks., Rock weathering, which influences
all rock engineering carried ocut near the ground
surface, is given special conslderatien. The
clasgification has been used in the design of
aslopes in the Caracas {Venezuela) area, for the
design of low cut alopes which are not normally
subjected to a geotechnical investigation and
analysis. Such slopes are commonly found in
housing subdivisions and along transportation
routas,

2 A REVIEW OF ROCK CLASSIFICATIIONS

A common area of debate in the earth scilences
literature is that of the boundary between rock
and soii, In the field of slope engineering,
different behaviours have made it necessary to
differentiate between rock, weathered rock, and
soil.

The American Geological Institute (1957} considered
rock to be 'any consolidated or coherent and
relatively hard, naturally formed masa of mineral
matter'. The practice of defining rock in scme
other manner to facllitate a particular project is
considered misleading and unnecessary, as rock is
the same regardless of the nature of the study.

The classical rock names used by geologists can
serve a useful purpose for the geotechnical engl-
neer., Names are based on minerzl composition and
texture, which in turn influence the physical
properties of the rock., Terms such as granite,
limestone and schist immediately convey to a
geotechnical engineer an impression of a materdal

2-81

that has a predictable range of behaviours. ,Such
rock classes are easlly mapped, thus providing the
geometric framework for the material that the
engineer will have to work with, :

The genetlc classification of rocks into the
categories of lgneous, metamorphic, and sedimentary
has been widely used for engineering purposes.

The predominant feature of metameorphic rock 1s a
foliation due to coplanar platy minerals such as
wica, causing strong anisotropy and surfaces of
weakness within the scale of a specimen, These
small scale structures and oriented minerals
strongly influence rock behaviour. B

Soil, accerding to the American Geological Insti—
tute (1957) is 'that earth material which has been
so modifled and acted upon by physical, chemical
and dloldgleal agents that 1t will support rooted
plants'. Other terms which are sometimes used for
this material, such aa saprelite and regolith,
only tend to complicate the terminology. Unlike
rocks, soll genetic classifications seem to be
much less adaptable to the needs of engineering.
This was undoubtedly why geotechnical engineers
devised a vrnifiled classification of soils (U.S.
Bureau of Reclamation, 1960).

Various general engineering classifications of
rocks can be found In the literature. Some are
based on the propertiea of small rock specimens
(e.g. Coates, 1964, Deere et al., 1967) and others
considered the propertles of the rock mass (e.g.
John, 1962, Muller and Hoffman, 1970). These
classifications have been used in different ways,
but in most cases it has been found that their
application to design in rock is limited. Rela-
tively sophisticated rock classifications have
been devised, especially for use in tunnel design.
It is our fmpression that these classifications
are being used with little regard for their in-
herent limitations, and in Some cases are applied
to different design problems than were originally
intended. There is the danger that people who do
not understand geological materials may use a
'cookbook' approach to rock engineering,

3 ROCK WEATHERING :

Rock weathering effects are greatest near thé
ground surface, with a wide transition between
material commonly described as rock, and that
commonly described as soil. When undertaking
near—-surface construction in rock, the weathered
nature of the rock strongly iafluences its be-
haviour, In tropical and subtropical areas with
warm temperatures and high annual rainfall, the
depth of weathered rock may be considerable,-
sometimes greater than 30 m.



Much rasearch has been devoted to weathering of
rock and ite constituent minerals, and a useful
weathering classification proposed by Saunders and
Fookes (1970) has been widely adopted. In their
classification of rock weathering, they distin-
guished five categories in the range from slightly
weathered rock to residual soil.

In a cut slope, the physical properties of the
rock may vary with depth reflecting the weathering
profile. Also the physical properties may change
with time following excavation of the cut slope,
This is due to acceleratlon of weathering caused
by changes in the groundwater level, and hydrolysis
combined with repeated leaching with fresh rain
water.

Deere and Patton (1971) reviewed the weathering
profiles for igneous and metamorphic rocks as
defined by various workers. Some of the criteria
that they used to define weathered rock can be
misleading. For instance, R.Q.D. (Rock Quality
Designation, Deere et al., 1967} should not be
used to distinguish different weathering zones;
low R.Q.D. may be due to natural rock diacenti-
nuities rather than disaggregation following
weathering, Permeability 1s also not a rellable
index for weathering as soils and unweathered
rocks can show a great range in permeabilities.

4 A CLASSIFICATION FOR WEATHERED FOLIATED ROCKS

A suitable rock weathering classification 1s one
which follows a logical sequence, uses familiar
terminology, and is relatively simple to use.

Each horizon of the weathering profile should
describe a rock mass with characteristic features,
allowing the estimation of common and/or extreme
indices obtained from site investigations that are
normally part of a slope stability study (surface
mapping, petrological identification, and drilling).
Provided there are no major lithological or strue-
tural changes in the area of the project, each
weathering horizon should be so defined as to

allow its study as a unit. <Common physical proper—
ties can then be assigned based on testing, pre-
vious experience, or preferably by back-
calculations.

The classification outlined in this paper is in-
tended to be applicable to foliated rocks, which
are often subject to chemical weathering due to a
high feldspar content. The classificatlon consists
of two parts. The first considers the weathered
nature of the rock (Table I) and is based mainly
on the work of Saunders and Fookes (1970)., Their
division of weathered rock into highly, moderately,
and slightly weathered has not been followed
because from our experience in Venezuela and New

TABLE I

ENGINEERING CLASSTFICATTON OF WEATHERING PROPILE TOR TOLIATED ROCKS

Term Abbyeviation

Description

Behavioux in Slopes#®¥

TS Top soll with roots and organic
materfal Chumus).

Residual Soil RS

The reck fa discoloured and
is completely changed to soll
with the original fabric

favelling and
alumping
materials.

completely destroyed, Rich in
clay sized minerals, leached
in its orilginal scluble con—

stituents.

Characteris-

tically ¥ich in iromn
aluminum oxides and hydrox-
ides, and sllica. Parent
materlal may be indlcated by

isolated fragments.

Inherited

structures, 1f any, do not
modify the mechanical
behaviour of the soll mass.

Completely DR
Weathered or
Decomposed Rock

The rock is discoloured and
is apparently changed to a
soil, but the original fabric
and structure arve mainly
preserved.
feldspar 1ls mostly couverted
to clay, and other minerals,

Typically

slumping rock with
part of the
fallure surface
controlled by
fabric or
structure,

Minerals are dull,

except quartz, are altered.
Although the matrix is par-
tially disrupted and the rock
may crumble under the pressure
of the fingers, its behaviour
depends on some of the parent
rock features (l.e. fabric or

structure)
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Continue Table I

(Engineering Classification of Weathering Profile for Foliated Rocks)

Term Abbreviation Description Behaviour in Slopes**
Weathered WR The rock is discoloured; Typilcally
Rock discentinuities may be ocpen foliated rock,
and the alteration penetrates but slabby,
deeply inwards. The material buttressed and
near the discontinuities may blocky rock
be completely weathered, and behaviour alsc
the rock materizl may be posslble due
weaker than the fresh rock. to hetero-
genelty and
joints. Shear
astrength
malnly determined
by the decomposed
rock along
discontinuities
TFailure surface
malrly controlled
by fabric and
structure.
Fresh FR The rock may be siightly Typically
Unweathered discoloured; discontinuities sheeted, slabby,
Rock may be open and have slightly buttressed and

discoloured surfaces; the
rock material is not, as
determined in the field,
weaker than the truly fresh
rock

**PDesignations according to Table IIL

Zealand, little relevant difference in slope
behaviocur is expected from variations within the

slides (Sancio and Mejia, 1972).
occurrad in the period 1961 to 1971 had caused 54

blocky rock
behaviour.
Shear strength
controlled by
the disconti-
nulties and the
matrix of the
fresh rock.
Failure surface
is controllied
by fabric and
structure.

Landslides that

group of weathered rock. The weathering classi-
fication 1is then used in conjunction with a
classification of rock masses for surface exca-
vations proposed by Goodman and Puncan (1971),
(Table II1}.

deaths and left more than 4000 people homeless,
The area investigated covered about 365 hectares,
and inciuded 3 kilometres of the freeway that
connects Caracas with its seaport and airport.

The majorlty of landslides cccurred in areas where
the rock was predomirantly calcareous schist. Its
behaviour was of type 4 and 5 (ravelling and
slumping rock) as described in Table II,

5 CASE HISTORY

During 1971 and 1972, an extensive study was made

of a suburb in Caracas that contained many land- Inftially an attempt was made to subdivide the

TABLE II

CLASSIFICATION OF ROCK MASSES FOR SURFACE EXCAVATIONS
(after Goodman and Duncan, 1971)

TIype Description Attributes

L. Strong homo-
geneous rock

Rock comparable in
styength to concrete
and free from dis-
continuities or
chemical defects.

Stable vertical slopes
of great height.

2. Weak homo-
geneous rock

Rock much weaker than
concrete, free from
discontinuities or
chemical defects,
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Safe angle depends on
height. It can be
determined by soll
mechanice techniques.



Continue Table II

3.

4.

3

&,

10.

(Classification of Rock Masses for Surface Excavations)

Lype

Terraced
rock

Ravelling
rock

Slumping
rock

Sheeted rock

Slabby rock

Buttressed
rock

Blocky
rock

Foliated
rock

Description

Horizontal beds
varying from strong
to weak forming a
heterogeneous mass.
Free from discon-
tinultles or chemical
defects.

Rock free from defects
but susceptible to
break up by weathering.
Columnar jointed rock,
friable sandstones and
conglomerates, closely
fractured shales.

Altered or clay rich
rock with very low
strength: major fault
zones; montmorillonitic
compaction shales;
hydrothermally altered
zones; highly weathered
Zones.,

Rard, strong rock with
planar weaknesses
roughly parallel to
natural slopes; com-
monly granitie rocks.

Hard rock with cne
strongly developed

set of discontinuities
which controel the
strength of the mass,
Typically, sllty
shales and shaly lime-
stone.

Hard rock with two
sets of weakness
planes which
dominate the rock
mass strength. Line
of intersection of
weakness planes
delimits buttresses,

Hard rock with 3 or
more sets of weakness
planes which dominate
the rock mass
behaviour; typlcally,
quartzite limestone,
jointed granites.

Foliation planes,
usually steeply
dripping, control rock
mass behaviour; mica
schists, phyllites

and slates.
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Attributes

Safe angle varies from
polnt to point. Ground-
water regime can be
significant. Soft seams
can control overall
atrength.

Base of slope covered
with renning material.
Benches and walls
necessary for protectiomn.

Retaining walls, gabions
or rock blankets and hori-
zontal drains required.
Frequent maintenance
necessary.

Drainage of sheet joints
easential Af natural
slope is steeper than
about 30¢. Rock bolts
can be used to tile
gheets together.

Support may be required
i1f slabs daylight and are
inclined more steeply
than friction angle @.

¢ determined from direct
shear tests and field
observations.

Benches or possibly
retaining walls necessary.
to hold blocks if line of
intersection is steeper
than about 30° and under-
cut by slope.

Benches necessary to
accumulate fallen rock.
Wire mesh and gunite may
be necessary to prevent
rock falls, especlally
if joints are very weak.
Rock bolts on pattern
can be used.

Creep leading to slump—
like slides may occur as
leaves of rock gradually
deform, Particularly
severe where rock is
highly weathered or
foliation is controlled
by mica.



weathared rock according to the classification of
Saunders and Fookes (1970), however the subjective
nature of the classification caused some diffi-
culties. The degree of weathering and the physical
condition of the rock were determined by comparing
the description of the material with Index proper~
tles apnd drilling characteristics (Table III) and
the subsoeil profile was subdivided according to

the nomenclature and criteria outlined in Tables I
and II.

TABLE IIl

ESTIMATION OF ROCK QUALITY BASED ON DATA
OBTAINED FROM STANDARD EXPLORATION DRILLING

Term Abbreviation Index Properties and
Driliing Behaviour
Soft rock XRsx Not recoverable by
drilling! The split
spoon penetrates at
at least 10 cm with
fewer than 100 blows®
Hard Rock ARhx Can be continuously
drilled only with a
diamond bit.
Fractured XRxf R.Q.D. < 100%
Rock
Sound Rock XRxs R.Q.D. = 100%

! Ny-gize bit, double barrel
? SPT (Standard Penetration Test} procédure

Notes

In the abbreviations, X stands for either W
(Weathered)}, or F (Fresh), or D (Decomposed). In
the categorles of Soft Reck and Hard Rock, x
represents edther f {fractured) or s (sound). 1In
the categories of Fractured Rock and Sound Rock, x
represents elther s (soft) or h (hard). Decom-
posed rock is normally soft and fractured, hence
the letters s and £ are not used with this abbrevi-
atlon.

It was found that the area most affected by land-
slides could be subdivided into three major units:
a) Decomposed rock (DR) and weathered, soft,
fractured rock (WRsf)
b) Weathered, hard, fractured rock (WRhf)
c¢) Weathered, hard, sound rock (WRhs) and fresh
rock (FR)
Material parameters were deduced from back calcul-
ation of landslides, and from field shear tests
{Table IV). Back calculations with standard slope
stability analyses do not take into account the
position and depth of tension cracks observed in
the upper part of the slope, Therefore, & new
approach to slope stabllity analysis was used,
which makes use of the tensile strength of the
rock (Sancio and Goodman, 1%79). .

TABLE IV

MATERIAL PARAMETERS FOR WEATHERED
FOLIATED ROCK, CARACAS

Rock Mass Unit xgigh; Angle of Cohesion
Description (kN m™7) friction (kEa)
DR, WRsf 20,6 28° 9,8
WRhE 22,6 32e 10,2
WRhs, FR 24,5 32¢ 49,0
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6 CONCLUSIONS

With the rock classifications presently available,
we consider that sound engineering judgements
based on considerable experience is required if
they are to be used without any difficulties. For
a classification of rock for engineering purposes
to be useful, it must have a restricted function,

A functional, simplified classification system
which has been used in the design of slopes in
weathered follated rocks is introduced in this
paper. The authors have taken advantage of pre—
vious experience and used terminology familiar to
both geologists and engineers.

Using the classification system, rock types shown
in maps and cross sections c¢an be labelled as
dndicated in Table IIX, using data easily obtain-
able from routine site investigations. Once the
major rock categoriles are ldentlified, strength
testing and baci—calculations of previous land-
slides can give, for each rock category, the’
parameters necessary for slope design. In slope
engineering, these data will include the angle of
frictlon, the cokesion, and the unit weipght. Use
of this classification together with simple testing
and back calculations can lead to a considerable
reduction in cut slope stability problems.
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The Deterioration of a Dolerite Escarpment

P. C. STEVENSON
Engineering Geology Sectlon, Tasmanian Geologlcal Survey, Hobart

SUMMARY A dolerite escarpment above a mountain road near Hebart may pose a threat to tourist traffic, and

a study has been made of several modes of deterioration.
dolerite columns leads to several kinds of instability, some of which can be dangexous.

Relaxation, weathering and slow movement of
One phenemenon,

the hinge bleck is of particular interest as its origin is obscure, but it does not present any danger.

1 THE IMMEDIATE AND BROADER PURPOSES OF THE
STUDY.

The writer is :a geologist concerned with the gsology
of urban areas in Tasmania. This State has scme
pretensions as a tourist area, and Mt Wellingten,
the large mountain very close to Hobart is on the
route of many tours by car and bus. The road to the
summit passes diagonally across the mountain face as
seen from Hobart, and close under the high cliffs
just beneath the Pinnacle. In discussion with
officers of the Hobart City Council, the guestion
of rock-falls blocking the road and of the safety
of traffic arose. 'The immediate aim of the study
has been to examine the erosion processes operating
on the mountain face, their nature, range, velocity
and contrels, S¢o as to be able to form some idea of
the hazard and risk. The broader purpose is to
study the erosion processes of dolerite escarpments
in general {andé Tasmania has some I 000 km of them)
and perhaps shed some light on more complex harad
rock escarpment failure. Little indeed has been
written on the subject, and it is hard to £ind

much outside general textbook accounts. Fairbridge
{1968) gives some references but it is plain that
the details of the mechanism from undisturbed rock
to talus slope are largely unknown. Accounts
mention isclated processes such as ice-wedging or
the influence of water pressures, but the discrete
stages in the process are not well known and in
particular cases the. .rate of processes is usually
guessed. Terzaghi (1967} gives an account of rock
and rock joints, but is mainly interested in the
stability afforded by cohesive and frictional
properties and its maintenance rather than
deterioration. Indeed he specifically says that
his paper does not cover “rock slopes in (an)
advanced stage of development". Yet this is the
normal stage of a rock escarpment. New scarps are
rare. Price and Xnill (1967} is a detailed account
of a particular investigation with a useful blend
of geclogy and engineering, but is not much
concerned with time-dependent mechanisms of
detericration. de Freitas and Watters {1973) deal
with toppling failure and give some interesting
examples, bub do not deal with rock slope failure
in general. Rock slopes in Tasmania have been dealt
with by Hale (1957) who deals particularly with
woeathering and toppling is closely studied by

Caine {1979).

2 THE DOLERITE SILL.

Any visitor to Hobart immediately becomes familiar
with Mt Wellington. The summit of the 1 270 m
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mountain is only 7 km from the city centrée and it
forms an impressive backdrop tc the city.

The delerite sil! lies sub-horizontally on the top
of the mountain more or less conformably on Triassic
sangstones and fine Permian gquartz mudstones

(Leaman 1976). The sill is about 210 m thick and
the upper part, judging from the mineralogy and
crystallinity is missing. Yt was perhaps 300 m
thick originally.

The dolerite is of theleiitic basalt magma compos-
ition and is a; complex intrusion, much faulted in
the Hobart area (Leaman 1974}. The mass capping
Mt Wellington is however almost a simple slab and
is thought to be distant about 5 or & km from each
of three feeders.

The most prominent feature of the escarpment face
overlecking Hobart is the Organ Pipes, a face formed
of delerite columns 1C0 - 200 m high, but even the
less prominent parts of the fa¢e are columnar also.
The rock being almost constant in composition, with
little gross variation even in grain size and a
consistent columnar jointing makes it a good
subject for a study of erosional deterioration.

3 STAGES OF DETERIORATICN

A full account of the deterioration process must
encompass every stage from the erosional uncovering
of the dolerite slab from its sandstone roof-rock
right through to the development, weathering ang
final disposal of the taluses. This ideal is not
possible here and this paper should be regarded as
a preliminary attempt to examine some of the
questions raised by this very large phenomenon.
Three in situ stages will be described, correspond-
ing to the degree of confinement of the rock
columns, The slab stage shows three-dimensional
confinement with more or lass retention of elastic
stresses, The screen stage shows rows of columns
standing free of the main mass, and the pillar
stage shows remaining columns standing free of each
other. Bach stage has characteristic features
which pose fascinating questions.

The intact slab was intruded into its Triassie
sandstonc-mudstone host rock in ecarly Jurassic
times [Leaman 1974) without catastrophie distortion,
although some undoubtedly contemporaneous faulting
occurred. MNo erosion can take place without uplift
and this took place to expose the edge of the slab,
on cne of the many faults mapped in the Hobart area.
No trace of this first cause of the escarpment now
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Figure 1 Mt Wellington seen from Hobart Domain.

remains, and we can only consider the ercsion as a
continuing process. We can deduce that the uplifted
slab retained its sedimentary cover for some time,
bput this was removed by erosion as were sSome SCOYXes
of metres of the dolerite and the erosion process
then took roughly the form we see in operation today.
3.1 The Role of Relaxaticn

We wouid expect the slab to contain some in situ
stress. A major part, that arising from its
thermal origin, would be lost in the development of
the columnar joints but it appears to retain con-
siderable tectonic as well as lithostatic stresses
(A.J. Bowling, pers. comm.). Such results as exist
parallel closely the work of Lee (1978) on the
Niagara escarpment. The formation of a scarp face
aliows stresses to dissipate locally and this may
be shown by seismic traverses chserved on top of
the mountain normal te the scarp face. These show
that a higher velocity zone may be detected becom-
ing shallower as one moves away from the scarp.

The relaxed edge of the slab is attacked by

processes to be described in the next section, but
the top surface is alsc attacked by weathering down
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localities mentioned in the text are indicated.

the lines of weakness created by the thermal
columnar joints. The rock is not chemically

very stable and in the presence of water easily
weathers it te a reddish (or in reducing conditions}
a greenish clay. This material is fairly imperm-
eable and expansive, and readily blocks the joints,
so that weathering penetration is limited vertic-
aliy to a few metres where columns are well con-
fined. Clay mineralogy is variable (see Hale 1957)
but kaolin and montmorillonite are usually present,
the iatter particularly in ill-drained situations
(W.L,. Matthews, pers. comm.).

The simple picture of a relaxing slab edge is
confused by the great variety of resulting effects,
but two localities may be described to illustrate
it. The back face of the Lost World {(Fig. i and
Fig. 2(a)) consists of a row of columns 1 - 2 m
across and standing about 30 m high.

In many places this now stands a metre or so clear
of the main slab behind so that a chasm is formed
30 m or so deep and often bridged by fallen blocks.
It is @ifficult to see how this chasm can form
except by slight outward toppling of the screen or
by bodily translation outward. Time and again one
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is confronted by dilemmas of this kind where no
reasonable explanation seems possible and one has
to choose the least unreasonable one. In this case
the toppling explanation seems possible and we
shall retum to it. The second localities where
one may see the effect of slab-edge relaxation are
those mountain slopes to the north and south of the
Zig-zag Track where vertical columns stand in
turreted formations, apparently becoming more and
more isolated from one another. It is not clear
whether this increasing isclation is all caused hy
lateral movement of columns or partly by the
weathering process described in the next section.

3.2 The Role of Weathering

The impact of weathering on the top of the slab has
been mentioned. Decreasing confinement means that
more faces are exposed to weather. Two modes of
weathering are evident on the dolerite of the
mountain. These might be called the high- and low-
exposure modes. The first is seen on rock faces
well-exposed to the rain, snow, wind, and frost of
the alpine climate. The surface of the rack turns
brown and becomes very rough from the evident
etching-out of more vulnerable minerals. A skin of
brown oxidised and hydrated rock forms up to 20 mm
thick but normally much thinner. A dimensional
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Features of dolerite
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escarpment deterioration

change occurs in this skin so that it readily spalls
off, exposing unweathered blue dolerite heneath.
Measurements with a Schmidt hammer show that a
reduction in strength also occurs. The shed spalls
cellect at the foot of the surfaces, breaking up
into a gritty crystal sand which soon disintegrates
into clay soil. The spalling process is obviously
a rapié one, as spalls may be seen lying on veget-
ation, and the fresh blue dolerite scon becomes
brown. The process is a potent one in geclegical
and even shorter time scales and results in thinning
columns. It is of interest that the spalling
phenomenon is not obvious on the rocks at

#t Wellington Pinnacle and only becomes common at
distances of about a kilometze £rom it. The reason
seems to be that the Pinnacle rocks are climbed on
by a great number of visitors and the fragile
spalls never grow to any size before being bzoken
off.

The clay soils produced from the disintegrating
spalls and from the rain-washing of weathering rock
faces accumulate round the bases of colums and
faces and become insinuated into the opening joints
below. This is the low-exposure weathering
situation. High exposure implies large and rapid
temperature and moisture variations wind and rain
splash, free access of aixr, sun and frost.



low exposure implies fairly constant temperature
high and constant moisture, water and snow ponding,
and protection from frost and sun with rock faces
mantied in clay and wvegetation. In such conditions
the proportion of montmorillonite increases and
expansion and contraction of clay becomes important.

when weathering ané relaxation act on screens or
rows of columns the spaces between them increase
from about 1 mm to perhaps as much as a metre.
This appears to be brought about by lateral trans-~
lation of the columns but probably to a greater
extent by column thinning. At 1 mm per year the
colunn: will be drastically modified, seo that
individual columns may drop out of their row.
Evidence that this has happened is provided by those
cases illustrated in Figure 2{a) where column
sections are left suspended as chock-stones while
the remainder has disappeared. The increasing
instability of the remaining coclumns enables them
to grip the chock-stones firmly.

When columns become isclated either on top of the
51lab as tor-like masses, or on the slopes as
casteliated areas, the effect of high exposure
weathering is fully felt. The thinning~down
columns become increasingly unstable as their
aspect ratio increases. &Angular faces bhecome
increasingly attacked and therefore more rounded
and the articulating joints of each column become
rounded also. The rainwash is carried down each
column and readily entexs sub-horizeontal joints
providing a clay pad in the joint. Increasing
instability produces siight toppling and the
increase of pressure on the side of the column
towards which it is moving spalls off a part of the
corner (Fig. 2(a}).

The clay pad in an articulating joint may aid what
appears to be a slow creep process on inclined
joints when the upper part of a column becomes
increasingly eccentric on the lower part (Fig. 2{b))}.
The reality of high-~stress accelerated weathering

in this situation is an unanswered question. The
sityation illustrated in Figuze 2{c) is not unigue
and ‘if it were not for the sizes of blocks involved
cone might suspect the hand of the practical joker.

Weathering, the resulting thinning and loss of
confinement and the failure of joint surfaces will
finally bring about the fall of individual columns,
triggered perhaps by snow loading, wind, the
swelling of clay in joints or growing vegatation.
These processes are understandable and the
probability of failure of columns could be mapped.
But this course to failure is not universal and at
least two other processes are illustrated on a
large scale on Mt Wellington.

4 HINGE BIOCKS

The area known as the Lost World illustrates the
feature named a hinge block by Prof. J.L. Davies.
The essential elements are as shown in Pigure 2(d4).
The in situ slab and the free standing screen have
already been mentioned. Below this 30 m high face
lies a jumbled mass of column sections, the chaoctic
zone, and outwardé again the recumbent zone, where
30 - 40 m of disarticulated but still easily
matched columns lie almost horizontally in a stack
at least five high. It is as if a section of the
scarp face about 120 m long had fallen outward but
had miraculously remained almost intact. Towaxds
the scree slope the columns tilt over and fall to
become incorporated in the random tumble of blocks.

Bow does it happen?
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Could the columns actually be in situ? The :
orientation of columns is generally accepted to be
the result of the heat-flow during cooling, so that
columns form noxmal to isothexrms. This could
hardly be the case at the Lost World for it would
imply a sharp discontinuity in the heat flow.
Horizontal and vertical columns exist alongside

each other at the sides of the structure. Neither
does it seem possible that the fall was catastrophic.
Any rock fall involving a mass of columns five deep,
falling fifty metres and rotating through a right
angle could hardly fail so as to retain mutual
relationships. The block glide process could deal
with this mass, but could not produce the rotation.

We do not see any process operating today which
could form the hinge block, unless it were very
siow, too slow to be deduced or detected by
observation. We must look for a powerful but slow
agent not presently active and an obvious one is
the harsh climate of the last glacial maximum.
This may be assumed to have produced thick though
not necessarily permanent mantles of snow and ice
particularly on the lee sides of mountain tops.
Ice consolidating around barely stable groups of
columns could have cemented them together and not
only caused them to topple but alsc cushioned their
fail. The columns would have bent over and been
lowered into their present position to be sub-
sequently freed from their jacket of ice. ZIf this
picture is true then the presence of more inclined
columns and possibly talus under the chaotic zone
would confirm it.

The Lost World is an excellent and well exposed
example but recumbent columns are common elsevhere
on the mountain face. Above the Zig-zag Track they
are very common and exist in hundreds, inclined at
apout 10° into the face. There the upper surface
is not clearly exposed, being mantled in blocks and
soll from above. WNevertheless the column ends
project from the slope and climbing amongst them
reveals the same disarticulated but still recognis-
able columnar mass. In this location too, no
vertical back face is apparent, as if the chaotic
zone had expanded to fill the void and mantle the
whole structure.

5 TILTING

The South Summit of Mt Wellington shows another
process of deterioration, illustrated in Figure
2{e). The nature of weathering and the production
of clay sopils has been mentioned. Where vertical
columns become thinned down the resulting clay may
accumulate round column bases s¢ that each becomes
clay~socketed. In these low-exposure conditions
the column bases may be strongly attacked. When
toppling finally supervenes, columns can move
individually but are restrained by the clay socket,
and by interference of the column roots in the clay
matrix. Seasonal wetting and drying of the clay
enables periodic movement to take place and the
result is the slow-motion falling illustrated. 2An
abundance of long thin columns provides ample space
for the clay bed to form and contrcl the process.

Seils, both as expansive clays and as hosts for
vegetation appear to be important in many parts

of the deterioration process. When a spring thus
occurs after snowfall, a soil scar is apparent
under almost every xock on soil mantlied slopes.

Its appearance is as if the soil and vegetation had
moved 20 or 30 mm down siope leaving a bare scil
rim below every rock. The reality of this movement
has yet to be demonstrated.



6 PERCHED AND TRAPPED BLOCKS

Of the many pecuiiar items of dolerite escarpment
deterioration, two others deserve mention. Rocking
bouldexs are quite common in other rock terrains,
particularly granites, and one is illustrated, from
east of the Pinnacle in Figure 2(f). The other
item is shown in Figure 2(g). This 8 m® boulder is
trapped between two projecting recumbent columns
and is retained by two hand~sized chocks, one on
each side. Were it not for the size and precarious
position of this rock and the sheer difficulty and
danger of making this arrangement one might again
suspect a practical joker. As it is, the
explanation offered for both these items is a more
prosaic one, wherc boulders becoming buried either
in ice or soil are subsequently exhumed by melting
or rainwash and the random contacts made while
buried become terporary supports for a few,

7 CONCLUSIONS

From the descriptive work that has been done, it
will be obvious that the aim of estimating xisk of
danger from rock f£all is still far off, Neverthe-
less, if these are the sorts of mechanisms that
operate they could perhaps be arranged in order of
hazard. Pexched and trapped blocks though unsafe
are not usually large. Thinning, isolated columns
constitute a much greater mass, and although they
fall with less freguency are many times greater in
nurber. Clay socketed colurns and hinge blocks
though interesting in their geomoxphic implications
are not an appreciable danger.

Such an ordering, combined with a locality map and
a fall track wap as ha% bean used by D.G. Prico
{pers. comm.) would be a further stage on the way
to a practicable risk estimate. In spite of the
spectacularly precarious appearance of many blocks
on the meountain, risks to persons and vehicles do
not appear to be great, possibly because the
rolling range of column sections is not as great
as might be expected because of their elongated
shape. The investigation is however toco incomplete
for complacency and work will continue.
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SUMMARY Cl assification of rock masses is correlated with im situ moduli measuced from jacking tests and
theoretically darived moduli using composite elastic theory. A means of improving the in situ modull by
rock bolting is then considered. In order to assess the effsctivensss of the remedial measurs psaudo
elastic theory is used to analyse the specific problem of slope stability. The results of the madull
changes due to rock bolts are checked by in situ jecking tests,

1 INTRODUCTION

This paper deals with the stability of soft-hard
rock slopes where systems of joints and faults con-
trol the behaviour of &he slopes. Ifthe material
is a soil or soft rock the various plastic design
approaches varying from the Swadish Slip Circle

to Janbo's wedys analysis are gensrally used. If the
material is a hard intact rock an elastic design
approach is wsed. In turn, if the material is neither
plasticnar elastic in its deformational rasponsae,

an elastic plastic analysis ar pseudo plastic or
psaudo elastic approech is used. When thess latter
methods are used the definition and determination
of deformation moduli require careful considaration.
Namely because in the deformational process the
mechanisms of slip and rotation occur between and
across the joint and fault systems. Howsver, when
stress or load gradisnts are minimal, Chappsll (7),
these latter mechanisms are also minimal and the
representation of the jointed rock mass zs & com-
posite material in pseudo elastic theory is valid.

It is generally recognized thet the deformational
moduli ocbtained from relatively small intact rock
samplas are very much different to the deforma-—
tional moduli of the jointed rock mass from which
the intact rock samples are retriaved. Consequently,
ip situ testing techniquss developed to measure the
mass deformational moduli, are an important and
essential part of the investigation program. 1In
order to determina the moduli defining the consti-
tutive relation some assumption or cosfficisnt is
applied to the measuring instrument, be it a flat
jack, dilatometer, or plate bearing dsvica, This
coefficient is required in that it defines the
boundary conditions and when used in conjunction with
the elastic moduli gives the stress distribution.
In & continuous or discontinuous material the
constitutive relation is dofined by the slastic
modulus or pseuds elastic medulus. Consequently
these moduli are very much dependant on the boundary
interactions, amd if the boundary conditions are
il) defined and the mechanism causing deformation
undefined then the evaluated coefficient of tha
measuring instrument is suspect.

Hors the deformaticnal respomse of the rock slopas
is neither mlastic nor plastic., With thase aspects
in mind a simple fisld test is devised to measure
the deformational moduli of the jointed and faultad
rock masses which have zones of hard and soft intact

2-93

rock. Many of the slopes excavated in this material
had failed and others were still to be excavatad.
Remedial measures to ansure the stability of existm
ing and future slopes requirsed careful assessment
and design. A comparison of the measursd moduli
before and after slope stabilisation was the contral
criterion used to measure the sffactiveness of ths
remedial measures and confirm the design pracess.

The rock material where the in situ moduli wers
meagured was classified and collated with the
various gsological structural zones. From this the
designed remedial rock bolt pattarns for specific
rack mass classes ware allocated and documented.
Consequently, the rock mass type encountersd in the
field was sasily classified and the appropriate
slope treatment defined.

2 SLOPE DESCRIPTION

2.1 Material Types

The geology of the site is not reported in detail
here but the general characteristics of ths material
and profile of the slopes ars given.

RAseause of the complexity of the geology and material
in whieh the slopes are excavated it is important

to oclassify the different rock zones sncounterad.

An important addition of the classification used

here was the measurement of the deformational res-—
ponse, From this the required remedial measures in
the form of rocl bolt patterns were determinad by
using a pseudo slastic design process. Three classiw
fication systems were considsred namely theose des—
cribed by Barton et al (2) Bieniauwski (3) and Wick-
ham (4). Of these Bieniawski's RMR, rock mass rating,
was used to define and assess the bshavicur of the
structural rock zores related to the excavated slopes.

The area in which the slopes were excavated is Jurra=-
sic in age and is highly crushed and contorted. Low
grade pressure and temperature metamorphiam occurs
which causes a wide variation in the material types
and fault-joint systems. The resultent materials are
darived from sandstones and basalts giving quarte
zitic sandstone, gresnstone, jasper and calcite,
Superimposed on these metamorphosed meterisl types
are the geological structural features and resultant
gouge material. The gouge is a breceia and mylonite
material with seams of calcite, chlorite, kaclinite
and montmorillonite being quite common.



when classifying both the material and structural
zones (1), the rtock mass is defined on a rating
sgale of cless 1, 2, 3, 4 or 5 which in descriptive
terms is excellent, very good, good, bad and very
bad respectively. The slopes considered here were
excavated in rock masses defined as class 4 and 5
with some class 3 in the upper rsglons of the slope.
The heights of the slopes varied from 50 m to 130 m.

2.2 Matsrial and Slops Profile

In many sitwations in practice the rock profile is
generally such that the strength and deformational
characteristics of tha rock mass improve with

depth. This is accepted as baing consistent with

the weathering profile and stress environment
ganerally ancountsred. Hera, however, there is a
general improvemant to e depth of about 30 m and
then bezlow this depth the strength and defaormational
characteristics markedly decrease with en increese
in depth.

This means that as the depth of excavation is
increasod the toe of what was a stable slopa
bacomas softer and deforms more readily. Though tha
toe of the slope doss not necessarily fail, excessa-
ive deformation occurs. This exceasive deformation
causes the loosening of the joint and fault system
in the stiffer upper regions of the slope and this
in turn causes unravelling and local wedge failures,
from this general slope failure ensues. A typical
excavation profile is depicted in Figure 1.

CLASS 3 MATERIAL

CLASS 4 MATERIAL

130m

CLASSY MATERIAL

FIGURE 1
TYPICAL SECTION OF SLOPE
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In order to prevent a recurrenca of these eusnts
some means of reducing the deformational response

especially in the region of the toe is required.
Rock bolts which imposze a confining stress and kine—
matic resiraint on the rock mass not only reduces
the deformational response but also markedly in-—
creases tha strength of the rock mass. Though
deformation and stremgth are inextricably related

it is felt especially in a discontinuous material
that an understanding of the deformation process
must he acquired before the strength can be defined.

With these aspects in mind a series of ungrouted
rock holt plate bsaring type tests are devised and
performed where the deformational response of the
loosened and then prestressed rock mass is measureds

1t should be noted that the prestressed and then
subsequently grouted bolt serves 1n the mein two
functions. 8s an active prestressed bolt the normel
forces across the joint sets are increased and
consequantly the magnitude of the deformational
modulus is increased. In addition as the depth of
excayation is increased the magnitude of deforma-
tion of the rock megs is inhibited by the passive
interaction of the grouted bolt within the jointed
rock mass.

3 MODULI DETERMINATION
3.1 Deformational Moduli

In order to perform a pseudo-elastic plastic analy-
sia knowledge of the deformational responss and
strength perameters is required. The deformational
responge is given in terms of a constitutive
relation, Smzrt (5) and Singh (5} and others con-—
asider the discontinuous rock material as & multi-
phasg componsite materiaml. Deformational mass moduli
are svaluated using slastic multi-phase contin-
tous models. These approaches are fraught with many
dubious assumptions (7) especially if the mecha-
nisms of siip and rotation are occurring. By using
the criteria of compatibility and eguilibrium Hill
(8) shows that the upper and lowsr bounds of defor-
mational moduli for an glastic multi-phase conti-
nuum are obtained. In turn by measuring the mass
moduli in situ plus compesing the masa composite
moduli from component parts and then comparing these
results with the upper and lower evaluated bounds
an appreciation of discontinua is obtained. This
latter approach is valid when the mechanisms of
slip and rotation are absent and this ies ec if the
stress or load gradients are small.

8y knowing the ssparate deformational response of
the two phases making up the jointed rock mass
namely the intact rock and joint material the mass
deformaticnal modulus is compiled (9). These
material charactariatics related to deformational
response and strength were determined by standard
lahoratory techniques. While performing the joint
tests both normal and shaar stiffnesses are also
measured. In addition to the above information the
sore retrieved from the rock bolt moduli test holes
was classified.

The in sity deformetional rasponse of the jointad
rock mase was measured by noting the movements of
both the anchor and face plate of a loaded hollow
rock bolt, This allowed the determination of the
deformational modulus of both the destressed sur-
face rock and inner confined rock mass. The differ-
ence betwesn the magnitude of these twe meduli
gives the effect of the stress environment in a
jointed rock on the deformational responss.
Initially, as the rock mass making up the slope is
unloaded and as there is no surrounding rock bolt



which pre-loads or kinematically constrains the
contiguous rock mass, the mass deformational res-
ponse relates to an unloaded rock mass. After
determining the unlcaded deformational response the
region was preloacdsd by loading a nearby rockbolt
and the deformational response at thes same location
was repeated, This gives the decrease in deforma-—
ticnal response dus to the active preloading acrogs
the joint systems. It doss not measurs ths kinematic
passive constraint inhibiting dilation of the rock
mass as further deformation of the rack mass occurs.

3.2 Joint Moduli

Using the Hoek direct shear box machine the apparent
cohesion and friction angle of the joints were
measured. In addition to this the shear stiffness
was determined. Tables 1 and 2 show the results of
the intact and joint propertise plus stiffnesses

for the joint system,

Apparont ]
Sample Intact Poisson's Unconfined
No, Modulus Ei Ratio Comp. Str. Daseription
GPa MPa
16— 55.6 0.32 8.7 Greenstone
1c—2 38.0 0.23 85.6 Graenstone
3C—1 84.0 0.28 875 Greenstone
ac 48,3 0.29 745 Greenstone
6C 71.0 0.19 15.5 Greenstone
8Cc 23.0 0.51 38.2 Jasper
ac 13.0 0,98 0.0 Jasper
2C-2 321 0.24 55.0 Quarizite
3c2 55.5 0.2t 64.5 Quartzite
TABLE 1

Intact Rock Proparties

3.3 Combimed Moduli

When combiming the component parts of multi-phase
material by composite slastic theory an important
assumption is that normal loads do not induce shear
forces. This doss not apply in a jointsd material
where the joints are in any way staggered, (7}.
This howevsr, is mot significant if tha mechanisms
of slip and rotation do not occur.

The formula usad for determining the upper and
lower bound deformational moduli are svaluated from
(7,

Ey upper © EVp+  EpVp + (1)
—t - i + Nz 4 (2}
Eviower €y E,
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Ey upper and E, lower are the upper and lower bound

coemposite moduli,
E1, E2, atc. are the component moduli of phases

1, 2, ete.
Vs Uz, etc. are the percentage volumes of phases 1,

2, ote. in relation to the total volume considered.

Upper and lower bound moduli are given in Table 3
for the varicus fregquencies of joints per metrs
thickness of material.

3.4 In situ fiéld meduli

There are a number of ways of determining the
deformational response in a discontinuous rock mass.
It is difficult, howsver, to achisvs consistant or
repeatable values of deformaticnal response from the
various methods generally used (1G), (11), (12).
From experisnce gained measuring the deformaticnal
response with devices such es flat jacks, plate

Residual
Test Normal  Angle Normal Shoar
No.  Description  Location Stress  of Frit  Stiffness  Stiffness
MPa MPa/mm MPa/mm

1 Greenstone on  South side 8.0 35 .86 2.7
Greeastone

2. Greenstone with South side 4,76 19 2,44 084
Chlarite infitl

3 Chlorite on South side 2.0 19 2.7 0.83
Chlorite

4 Jasper on South side 3.7 29 0.83 0.46
Jasper

5 Chlorite on South side 29 17 5.56 1.7
Chlorite

+] Greenstone on North side 1.9 19 245 0.75
Greenstone

7 Greenstone on  Morth corner 4,62 12 5.6 1.2
Jasper

8  Jasper on Centre 3.33 26 3.03 1,48

Jasper

TABLE 2
Joint Proparties

bearing, overcoring, extemnsometers and pressure-
meters it was decided to use a rock bolt type plate
bhearing test, or often termed the jacking test.

The test performed here used a hollow rock boit

anchored from 3 m to 9 m intc the rock mass, Figure
2. Using an oil jack the rock bolt is loaded and
the deformations of both the bearing face plate and
anchored extension rod are measured, Figure 3. From
this the deformation of the rosk loaded betwsen the
face plate and anchor is known. Initially, difficulty
was experienced in achisving adequate anchorage in
the class 4 and § rock. This was cuercome by creat-
ing a cavity at the ancher end with & small quantity
of explosive using a detonator. Good anchorage was
achieved and the size of anchorage was determined

by measuring the quantity of groui wssd for anchor-
age and the depth of drill hole before and after
grouting the anchor.



Intact 1 Joint/m 6§ Joints/m 10 foints/m
Material Intact Joint Int Ent Eu Eu Eu
Type Mod. Type Thick Mad, Eupp Elow El Eupp Elow El Eupp Elow Ei
GPa mm Mfa
Greenstone 60 Greenstone 2.5 ] £9.86 3.04 19.7 5825 083 93.3 5856 0.32 184
Greenstone B0 Chlorite 5 3 59.7 0.59 100 685  0.12 488 57.0 0.086 950
Greenstone 60 Jasper 10 0.5 694 005 1188 57 .0 5700 54.0 0.00s 10860
Jasper 18 Greenstone 25 8 17.96 2.72 66 12.78 062 288 178% 0315 56
Jasper 18 Chlorite 5 3 1791 058 308 1755 0.12 147 171 0.06 286
Jasper 18 Jasper 10 0.5 17,82 0.08 356 17 0,01 1710 16.2 0.005 3 240
TABLE 3

Ratios of Upper & Lower Bound Meduli

Joint system from surface
mepping and drill cerp,

Buoring plate

NMLC CRILLED HOLE

Ancher bulb created
by detonatar,

FIGURE 2

TYPICAL STRUCTURAL MODEL DETERMINED TO
MEASURE IN SITU DEFORMATION MODULUS

APPLIER LOAD

ROCK SURFACE

ANCHOR

FIGURE 4
CONTINUOUS STRESS DISTRIBUTION
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FIGURE 3

The load distribution between the face plate and
anchor is largely conjesctural. However because the
stress distribution for a continuous material is as
shown ins Figure 4 and the stress distribution for a
discontinuous material is as shown in Figure 5, the
stress distribution between the plate and the anchor
is assumed tn be uniform. Assuming the stress dis-—
tribution as giver in Figurs 5 depicting the results
of the geological and computer model and the in situ
deformational response Figure 6 the mass deforma—
tional response is svaluated, This gives the defor-
mational modulus which is the constitutive para-
metar used to relate load and deformation, Table 4.

modulus of the same material
rock bolt after loading the
material with a nearby rock bolt. The nearby rock
bolt is loceted within a radius of 1/2 tha length
of the initial rock bolt, and is also egual to the
length of the initial rock bolt.

Tebla 4 also gives the
measured from the sama

Moduli determined from tha deformaticn of the face
plate and anchor are alsc given in Table 4. Thess
values of mogduli show the effacts of destressing
the surface or skin of the slopes and the increase
of moduli due to the confining or stressing effects
of the inner rock mass. UWhen determining the sur-
face or skin moduli the elastic theory formula

PV
v Z2pa

was used, where E_ is the deformational modulus P is
the applied forcevapplied to a rigid punch, vis
Paoisson's ratic, £ is the measured displacsment of
the rigid punch of radius a.



Bore Hole

Hole Diamotar Length

No. mm m
1 75 6.98
2 45 19
3 45 1.58
4 45 2,43
g 75 6.96
3] 45 1.8
7 45 1.88
B8 75 6.34
9 45 1.35
10 45 2.14
11 75 8.0
12 45 1.65

Face Plate Absoluta Rainforead
Modulus Modulus Modulus
GPa GPa GPa

Q.28 5.26
0,38 3,68
0.1% 1.62
0.28 1.82
0.16 5,13
0.2 3.01
0.67 3.15 1.3
0.1 7.43
0.08 0.63 3.15
0.07 0,66
0.45 12.7
0.35 2.1 5.47
TABLE 4 ;

in Situ Measured Moduli
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LOAD  DISTRIBUTION
FIGURE 5

3.5 Pseudo Elastic Analysis

Table 4 shows that therse is difference bsiween the
syrface moduli and anchor moduli due to the effects
of joint constraints and confining stresses. The
rock mess deformativmal modulus increases with depth
from the surface of the excavation. In order to
account for this the absolute deformaticns measured
between the face plate and anchor are used to esval-
uate the rock mass deformaticnal moduli. This

value to the measured depth namely 6 m is used for
the skin value of the slope stability analysis while
the deformation of the anchor is used to determine
the modulus of the imnner rock mass. From these
moduli the analysis of the slopas were performad
using & pssaudo elastic finite elemant program. The
raesult of this was that tensile or much reduced
compressive stress zones which were genersted in the
upper regions of the slope were eliminated after the
remedial rock bolts were applied to the toe regions
of the slopes,

By increasing the magnitude of skin moduli the ten-
sile stress zones were eliminated in the upper
destressed regionas of the siope. The twn maim modes
of decreasing the deformational rasponsa of a rock
mass ars by grouting and/br prastrassing with
anchors or rock bolts. In this particular instancs
grouting would not be effective in that the joints
ware infilled with couge which would prevent the
penetraticn of grout and much of the excavation had
alraady been performed. Of conseguence rock bolting
was used to improve tha deformational characteristica
of the slopes. The situation considered here is that
the rock mass without the ruck balts ganerally
oxpands as the excavation is created and the loads
radistribute. By using rock bolts, slip and rotation
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BORT PATTERN STRESSED EFFECTIVE
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FIGUREE

MEASUREMENT OF BEARING PLATE
AND ANCHOR DEFORMATIONS
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FIGURE 7

JOINT SETS ORIENTATED PERPENDICULAR
AND PARALLEL TO IMPOSED LOADS

nf the joint end fault sets is inhibited and as
thess mechanism of slip and rotation are the main
processes of loosening and causing the consequant
loss of rock mass strength the value of tha rock
bolt is evident. Besides this, however, the rock
bolts also increase the normal loads across the joint
systom. This increases the stiffness of the joint
which in turn increasas tha_dafqrmatieqal modulus

of the rock mass. With these aspects in mind the
moasursd im situ moduli wers used in a pseudo elas-
tic plastic analysis, Where any zones of tensile or
small compressive stresses occurred, the rock mass
was pre-ioaded with patterns of rock bolts so placed
that zones of doubtful stress conditions were
eliminated. ’
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With the abovs approach the soft toe areas were pre
and post stressed end the upper regions of the alope
congsequently stabilised. A very difficult and pre-
carious condition is stabllised by measuring in the
field the mass rock moduli hafore and after loading
with rock bolts,

By combining the intact modulus of the parsnt rock
and the modulus of the joint the upper and lower
bound moduli ars determined. A simplistic picture

of the effect on thase bound moduli caused by the
orientation of the joint system relative to the
direction of imposed load is given in Figure7&8, UWhen
the joints are parpendicular to the direction of the
load a lower bound value of modulus is obtained when



1

Ej , ©
B 34

NUMBER OF JOINTS

FIGURE §

parallel an upper bound valus results. This introdu-—
ces an anisotropy inte the material which is charac-
terised by the orisntation of the joints and their
physical properties, Table 3. It is svident that

here the intact rock controls the upper bound modulus
and the joints control the lower bound modulus.
Therefore if tha intact rock is goft the upper bound
modulus would be low in megnitude and have a high
classification value depicting bad rock mass sven if
the mass bad no joints. On the other hand if the
intact rock wers hard but ted .numerous saft joints
the rock mass would still have a high classification
rating and be considered bad. It is therefors evident
that joint properties and the associated orientation
relative to the imposed loads has an important effect
on the rock mass classification and the conseguent
defermaticnal response,

The measured in situ rock bolt mass moduli varied
from 0,53 GPa to 3D GPa. This was collated with the
rock maess classification defined below,.

Claas 3 4 5

Madulus 210 GPa < 10 GPa but> 1 GPa < 1 GPa

The moduli measursd before and after rock boltimg
showed that the bolts in affect increased the
classification rating of the rock mass, A charac—
teristic not imvesticated here but nevertheless
important is that the rock beolt irhibits loosening
of the rock mass thus preventing load redistribu-
tions and dilation. This increases the strength
characteristicae of the rock mess.

Table 5 shows the percentage reduciion of the
deformational response of the intact rock modulus
caused by the joint-fault systems, John {i3). The
intact moduli of the Greenstone and Jasper wsre
taken as 60 and 18 GPa respectively and the
measured mass moduli are those related to the
classified rock mass.

By comparing Tables 3 and 4 it is seen that the
measursd in situ mass moduli lie within the upper
and lowsr bounds of the evaluated moduli. The
effacts of the rock bolts on the mass deformational
response is to improve the rock mass classification
by at least one class and in some casas two. That
is if the rock mess was class 5 befors installing
the rock bolts it is improved toc at least a class 4
and in scme cases a class 3.
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4 CONCLUSIONS

Whan the machanisms of slip and rotation in a
jointed rock mass are mot part of the deformational
procesa, the rock mass is considered a composite
elagtic material, From this the pseudn slastic
theory is usad to analyse the stability of the rock
slopea. In order to perform the analysis the con~
atitutive relation between load and deformation is
required. In situ field jacking tests using hollow
anchored rogk bolts are found suitable for deter-
mining the deformational modulus of the rock mass.
A geolecgical model of tha rock material making up
the jacking test zone, is constructaed and this
coupled with the results of the in situ deforma-
tional response give the required deformational
muduli required for the pseudc elastic analysis,

\.aboratory tests are parformed on the NMLC core
retrieved from the holes drilled for the jacking
testa. Standard labaratory testinmg give the moduli
of the intact rock materisl and stiffneases of the
Jjoint-fgult sata, Tha results of the testing are
incorporated in the geological structural model

to determine the in situ paeudo elasiic moduli or
usad in composite elastic theory to give the upper
and lowsr bound moduli of the rock mass.

Using an appropriate classification system the rock
zones are classified; which in this instance are
class 3, 4, and § being fair, bad and very bad rock
masses raspaciively. The deformational moduli
associated with these roek zonss are carefully
correlated. This means that when encountering a
rock of a specific class the appropriate rock bolt
patterns and remedial measures ars applied.

The possibility of connecting the classification
system with degsign by measuring the concomitant
deformational moduli has wider aspscts than those
reported hare. The gquantification of classification
with design has great potentiel in documentation

of both specifications and contrects associeted
with earth material.



TABLE &

Rock Mass Class (Classification)

3 4 5
Greenstone % Modulus reduetion [<16.7 | >16.7 but < 1.7 > 1.7
Jasper % Modulus reduction {<55.6 »55,6 but < 5.6 > 5.6
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Stability Charts for Simple Earth Slopes aliowlng for

Tonslon Cracks

B. F. COUSINS
Senlor Lecturer In Clvll Engineering, University of Tasmania

SUMMARY 1In a previous paper by the author (Cousins, 1978) stability charts were presented for simple earth

slopes ignoring tension eracks.
soils and therefore should be taken inte account.
filled with water is investigated.

for the safety factor.
dimensionless parameter
much less than this.

1 INTRCDUCTION

Most charts for investigating the stability of gimple
homogeneous slopes do not alleow for tension cracks,
See, for example, Bishop and Morgenstern (1960),
Spencer (1967), Janbu (31967) and Cousins (1978),

One exception is Hoek and Bray's (1977) charts.

Hoek and Bray locate the temslon crack so that the -
safety factor For the slope is a minimum for the
slope geometry and groundwater conditions consider-
ed. The charts do not give the depth of temsion
crack used. Also their method for dealing with pore
pregsure is different from most other charts. In
this paper pore pressure will be taken intc account
by assuming a homogeneous pore pressure ratio, LS

There is much conjecture on what value to take for
the tensile crack depth in cohesive soila (Chowdhury
1978). An expression often used is

2¢ -
z, =3 tan GG+ D) (1)

where c and ¢ apply to total stresses. In any case

this type of expression cannot convenlently be used
in a non-dimensional treatment of slope stability.

A better approach is to assume that the tension
crack depth and location are chosen to give the
lowest possible safety factor. In this paper the
tension crack depth is made non dimensional by divid-
ing by the helght of the slope. The depth of the
tension crack has been limited to half the height of
the slope as suggested by Terzaghi (1543),

Slope failure often ocecurs during heavy rainfalls.,
This suggests that tension cracks if present may
become partially filled with water which acts as g
trigger to failure. The efeect of water in tension
cracks is allowed for in thie paper by assuming that
the tension crack is filled with water having a unit
welght equal to half that of the bulk unit weight of
the soil. This assumption is necessary to make the
effect non dimensicnal.

In the past it has been suggested (Terzaghi, 1943)
that the effect of temsion cracks can be allowed for
by reducing the cohesive strength. This paper will
eliminate the need for such assumptions.
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Tension cracks are usually the first sign of impending failure in cohesive
In this paper the effect of temslon cracks both dry and
Stabllity chartg are presented for toe circles with no water in the

tension crack and for a homogeneous pore pressure ratio r
pore pressure ratio = 0 with the tersion crack filled With water,
assuming the worst possible location and depth of the tension crack.

=0, 0.25 and 0,5. A chart ig alse gilven for
The charts have been constructed

As such they represent a lower bound

The maximum reduction in safety factor of 40% was found for slope angle ¢ = 60° and
Ac¢= 20 with the tension crack filled with water.

For most cases the reduction was

2 NOTATION

Figure 1 Notation for simple slope

= cohesion strength based on effective
siresses

e = mobilized cohesion stress
D = depth factor
DTC = tension crack depth factor

¥ = factor of safety

H = height of slope

L = distance from crest of slope to tension
crack

NF = FyH/c' = YH/c'm = stability number

= pore pressure ratio

r

a = slope angle in degrees

Y = bulk unit weight of soil

Ac¢ = yH tan¢'/c' = dimensionless parameter

¢! = internal friction angle based on effective
stregses

¢'m = mobilized friction angle.

3 LIMIT EQUILIBRIUM METHOD USED

The method of analysis used fn this investigation 1s
simply an extension of the method used in a previous
paper (Cousins 1978). The pattern search method of
optimization (Adley and Dempster, 1974) is used to
find the minimum value for the stability number, N
for a given slope angle o, pore presaure ratio r |,
and mobilized friction angle ¢' . Figure 2 gives
& gimplified flow chart of how the gtability number
N is determined for a glven value of the dimension-~
less parameter, Ac¢ . However, the pattern search



method did not always work for reasons discussed
later.
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Figure 2 Flow chart for determination of stability
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4 LOCATION OF TENSION CRACK

Trial alip circles are defined in this investigation
by fixing circle centres and specifying a depth
factor D or a common point. The locatlon of a
tension crack of a given depth is then automatically
fixed. Tt 1is located at the highest poilnt on the
slope where the helght between the ground surface
and the fallure arc 1s equal to the required tension
crack depth. BSee Figure 1., It is possible for the
height between the ground surface and the failure
arc to be less than the required tenslion crack depth
along the whole length of the arc. In this case

the trial cirecle is not allewed,

The computer program allows the tension crack to
progress down the slope face 1f this 1s geometric-
ally posglble, However, it i3 not possible in a
homogeneous sodl with a uniform pore pressure ratio
distribution for the exit point of the eritical
circle to progress down the slope face. Thia applies
whether the tension crack is filled with water or
not. The reason for this is quite simple. Suppose
the tension crack for the critical circle is located
on the gslope face. The height of the slope could
then be increased indefinitely without altering the
critical circle since the forces acting on the
critical circle mass would be unchanged. Clearly
the supposition 1s unrealistic. This is verified

in all cases by the computer results.

5 OPTIMIZATION PROBLEMS

A typilcal contour map for N, is given in Filgure 3.

Tt shows the critical circle with its tension crack
on the creat of the slope. It aleo illustrates one
of the problems of the investigation., The location
of rhe centre of the critical circle is close to

the non permlissible boundary. In fact for higher
values of slope angle o and Ac¢ the centre of the
critical circle lies on the non’perrissible boundary,

& VARTATION OF STARILITY NUMBER WITH TENSION
CRACK DEPTH

Plots of normalized stability number N_ against
tension crack depth factor for toe circles are
glven in Figures 4 and 5 for slope angles of 20°
and 45 and a range of Ac¢ values.

For the case of no water in the tension crack all
the curves show an initial decrease in the atability
number N_ followed by an increase. Clearly the

$ =0 vaiue glves the greatest reduction in stabili-
ty number for both slope angles, the extent of the
reduction lncreasing as the slope angle increases.
The maximem reductlon of 14% eccurs when the slope
angle a = 60° and ¢ = 0, It must be remembered

that these results apply to toe circles. A reduct-
ion of 10% occurs for the depth factor D = 1 case
for a = 20°, For o = 45° the toe circles have a
depth factor D almost equal to 1. The graphs clear-
ly inddcate that a partiecular tension crack depth
such as that given by equation (1) will give a stab-
1lity number higher or lower than the no tension
c¢rack case depending on the relative values of the
parameters involved.

#,4 025
gLa1ng

Ho waler in
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Figure 3
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Figure 4 Variation of stability number gF with
tension crack depth, a = 20
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in s;agility number NF occurs when the slope angle
o= 60,
Figure 6 Stability number ¥, for no water {n tens-
7 STABILITY CHARTS FOR TOE CIRCLES ion crack, T "= 0
Clearly the number of charts would be too numerous
if sets were glven for a range of constant tension 400, I
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charts based on a minimum stability factor N_ obtai- w fx025 TOE CROLES
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cirele depth factor D, and the mobilizéd friction
angle ¢é to be determined. In all cases examined
the critical temsion crack depth factor D . is grea—
ter than G. However, the difference in sngility Figure 7 Stabiiity numier Nszgrzgo water in tens-
number NF 1s not significant for higher valges of on track, r, :
Ac Lf * the slope angle o is less than 20°. The
upgar Tembt Tor D, of 0.5 {8 Just resched when the

Figure 9 gives the stability chart for r = 0 when

#lupe anplo oquals 60v, the tension crack is filled with water. “In thig
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case the upper Limit for D c of 0.3 is reached at
low values of slope angle, a. A comparison with
Figure & indicates that the importance of water in
the tension crack Increases with slope angle, «.
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Figure 9 Stability number N, for water ia tension
crack, 1, = o]

The locatlon of the critical tension crack is given
in Figures 10 and 11 for the nc water in the tension
crack case and the water in the tension crack case
respectively. In Flgure 10 the exit point of the
critical circle for the no temnsion crack case ia
also given to aid comparison. Allowing for tension
cracks causes the exit point on the crest of the
slope to move cioser to the slope face as expected.
For higher wvalues of slope angle the critical tens-—
ion crack is leocated approximately half way between
the crest point and the exit point for the no tens-
ion crack case. Figure 1l indicates that the criti-
cal tension crack moves even closer to the crest if
the tension crack is filled with water. For slope
angles o > 25% and > 3 the critical tension
crack is actually 1ucaE2d at the crest.
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Figure 10 Values of L/H for no water in tension
crack

8 EXAMPLE

Find the safety factor with and without allowing
for tenaion cracks for a simple slope. The relev-
ant parameters are: H = 20m; y = 20 kN/m™;

c' = 80 k Pa; ' =11.3% r =0.

Thus ¢'/YB = 0.20 and 2 =yxH tang'/c' = 1.00.
No water in tenslon cracKkfcase:

Figure 6 gives N = 8.7, thus F = 8.7 x c'fYH = 1.74,
Also D = 1.09, b_, = 0.29.

Water In tension érack case:

Figure 9 gives NF = 7.9, thus F = 1.58.

In this cagse D = 1.1, D, = 0.50.

No tension crack case:

The author's previous charts (Cousins, 1978) gives
N = 9.15, thus F = 1,83 and D = 1.09.

For this example allowing for the worst possible
condition gives a reduction of 14% in the safety
factor over the no tension crack case.

9 CONCLIEETONG

1 Assuming the mogl severe comddnaiion of locallon
and depth of tension crack gives a maximun reduction
of 20% over the no tensign crack case for values of
slope angle less than 45 .

2 The stability number Ny for a particulur tension

2-104



crack depth may be higher or lower than for the no
tension crack case. However, the minimum stability
number is always reduced if the tension crack depth
is allowed to wvary.

o i
A TGE CIRCLES

\ 630 Uy Varying
Waler in tension crack

= ~— Ho waler in lension crock

I

05

20 a
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Figure 11 Values of L/H for water in temsion crack

3 The location of the critical temnsion crack is
quite close to the crest of the slope for the no
water in the teuslon crack case and even clogser if
the tension cyack is filled with water. For slope
angles a >25% and Ac¢ >3 the critical tension
crack 1s located at the crest 4f the crack is
filled with water.

4 Tha restrictions placed on Janbu's (1967) method
for allowing for the pore pressure ratioc given in a
previous paper (Cousins 1978) are stil) applicable

when tension cracks are allowed for.
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Stabilisation of a Mudstone Derived Colluvium Slope

G. RAMSAY
_ Deslgn Engineer, Ministry of Works and Development, Wellington, N.Z.

SIMPARY

The design and effectiveness of drainage measures installed to stabilise a colluvium slope are reviewed

in terms of observations made during c¢onstruction.

The difficultles in determining complex subsurface

geometTy and In situ permeabilities with reasonable predesign investipgations are highlighted. The
benefits of reassessment of the design on the on the basis of additional information obtained during con-

struction are lllustrated.
1 INTRODUCTION

Replacement of the Poro-o-Tarao ratlway tunpel in
the centre of the North Island of New Zealaand
involved establishment of a portal in an area of
known slope instability.

The geology in the area includes mudstones and
siltstones of the Mahoenul Group, locally known as
'papa’ (Borrie and Riddolls {1980)}. Slope
stability problems are common in the area, some
being attributed to movement of collwvium, possibly
formed by rotational slumps, on underlying intact
mudstone. The New Zealand Railways have had a
number of stability problems in the area.  Aerial
photographs of the area around the proposed portal
show evidence of recent slope movement and local
residents have reported slope fatlures in the
peneral o ares over the last Ty venrs.
Investigations and design studies reported by
Parton (1974) indicated that acceptable slope
stability could be achieved by installing drainage

measures to lower ground water and by constructing
a portal structure to minimise slope excavation,

This paper discusses additional subsurface infor-
mation obtained during construction, and the
revised slope model deduced from this information,
The effectiveness of the drainage measures is
reviewed In terms of recorded piezemeter readings
and drain discharges.
Modifications to the original design siope contours
were made following a reanalysis of the slope
$tabilitv using the revised slope model.

2 NOTATION
c' Effective cohesion (kPa)
¢ Effective angle of internal friction

Y S0il Weight Density (tonne/m?)

B Pore pressure coefficient

o  Angle of inclination of sliding surface

H  Depth of sliding block

Hy  Height of water table above failure surface
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3 ORIGINAL DESIGN AND INVESTIGATION

Pre—design lovestigations dnvolving 15 hornhnies and
geven [ m diameter shafts indicated a stiff dark
grey silt/clay colluvium containing mudstone
fragments overlying hard grey mudstoene bedrpck.

The interface was characterised in some cases by a
zone of highly fractured mudstone with conslderable
vater inflows, In some shafts a thin layer of
highly plastic clay was observed between the mud-
stone and the colluvium. Interpretation of core
from the small diameter (NX) holes was difficult
due to drilling disturbance in the mudstone, and &
clear picture of conditions was only obtained after
the shafts were sunk and logged.

Design studies were based on the Inferred colluvium-
wmulstone Intesface Toeatfon and w1 acd ol leed (ve
resldunt shear strength parameters for the colluvium,
Pore pressures measured dy vibrating wire piezo-
meters installied in the exploratory shafts were used,
The analysls reported by Parton (1974) gave
stability facters of safety in the range .9 - 1.1
fer the known marginaily stable preconstruction
condition, It was shown that the only feasible
method of achieving adequate factors of safety

after excavation of the slope for the tumnel portal
was to construct a portal approach structure and

to install dralnage to lower the water table slope
to within 2 m of the interface, {as compared with
the then exlsting 8 m level). The drainage was
intended to lower ground water levels to an acceptw
able level prior to final slope excavation. The
analysis showed a minimum improvement over existing
factors of safety of 50% for static cases and 25%
for selsmic loading.

To dewater the slope a curtaln of .6 m dinmeter sand
deains, spaced at 2 centres and discharging into a
300 m long drainage drive located below the dnter-
face was proposed. The drain size and spacing were
determined on the basis of permeability values
calculated from recharge in the exploratory shafts.
In addition to the subsurface drainape the design
provided for reducing surface infiltration by the
draining of surface swampy areas, lining of water
courses and by afforestation.

Locations of the drainage drive, sand drains and
portal structure are shown on Figure 1. '
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4 CONSTRUCTION SEQUENCE

The sequence of majer construction activities is
shown on Figure 2.  Prior te 1976 minor works
aimed at improving surface runcff were carried
out. These included the diversion of streams
crossing the slope inte channels lined with a
butyl rubber membrane overlain by concrete 'gobi
blocks', and the draining and recontouring of some
swampy areas.

To enable the drainage system to have the maximum
effect on water levels prior to final excavation,
the slope was excavated in two stages. The first
stage excavatlion removed the minimum amount of
material necessary to allow access for construction
of the portal structure,

Beczuse of delays incurred in comnstructing the
drainage drive and sand drains, supplementary
drainage measures, including inclined drains and
pump shafts, were installed to accelerate slope
dewatering.

The second stage excavation was delayed until the
drainage measures had been installed and the
analysis described in Section 7 had been made.

Minor surface slumps occcurred during or shortly
after both excavation stages. Remedial treatment
of these slumps Included removal of the slump
material, local flattening of slopes and drainage
by irclined under drains.
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3 STTE INSTRUMENTATION
5.1 Generval

Instrumentation was installed in the portal area to
perform three distinct functions:

(a) To provide plezometric data for back analysis
of the known marginally stable preconstruction
condition.

(b) To monitor the effect of the drainage measures
installed.

(c) To detect any slope movements prior, during
and after construction.

During the construction period additional pilezometexr
stations were installed as the complexity of the
subsurface conditlons became apparent and addition
stations appeared warranted.

The locatlions of the instrumentation stations are
shown in Figure 1.

5.2 Piezometric Survey

In situ pore water pressures have been monltored by
Geonor M600 vibrating wire plezometers and by
conventional standpipes fitted with a porous tip
located in a sealed length of borehole or shaft.

Of the nine Geonor instruments installed two have
been abandoned after reading faults developed.
Tests carried out on Geonor piezometers held in
stock dndicated that the devices are temperature
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sensitive, the indicated pressure varying by .75 -
3 kpa per °C. The installed piezometers had been
calibrated at 21°C while measured groundwater tem-
peratures ranged from 12 to 14%.  As a result the
accuracy of the absolute pressures indicated by the
installed piezometers was questionable and conven-—
tional standpipes were installed adjacent to the
piezometers to allow the latter to be field calib-
rated.

This emphasised the need for exhaustive pre-
installation calibration of in situ measurement
devices and the desirability of means of in situ
recalibration. It is understood that Geonor
piezometers are now supplied with temperature
correction data and models permitting field calib-
rations are available.

5.3 Slope Movement Monitering

Five borehole inclinometer tubes were installed in
and adjacent to the area of construction activity.
Ne significant movements have been detected from
the inclinometer readings.

6 EFFECTIVENESS OF SLOPE DEWATERING
6.1 General

Daily rainfall records were kept and piezometers
and drain discharges read at regular intervals.
After major construction activities the frequency
of readings was Increased until readings had
stabllised at new equilibrium values,

6.2 Piezometer Readings

The vibrating wire plezometers and standpipes tips
are sealed into boreholes near the level of the
colluvium/mudstone interface and record the
ground water pressures at that level. Figure 2
shows the variation of recorded pressures at four
stations selected from the fourteen installed.

Factors which were expected to influence the water
pressures were the drainage measures installed,
the unloading of the slope by excavation and
seasonal rainfall variations. The time of occur-
rence of the major construction activities is
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shown In Figure 2.

Standpipe C which Is located outside the area
excavated has shown a steady but significant
decrease in water pressure since installation,
This reduction may result from the effects of sur-
fFace dralnage measures reducing rainfall infil-
tration.

Stations 51 and G2 located in an area where the
interface forms a gully have shown apparent
seasonal variations and major reductions related

te construction activities and in particular slope
excavation. The temporary drop of 6 metres in
water level at statlon 51 in 1976 is associated
with successful dewatering of the shafts for the
portal structure by the use of adjacent pump shafts,

6.3 Drain Discharges

Discharges from individual included drains, vertical
sand drains and pump shafts were monitored. 1In
most cases the discharges imcreased significantly
after periods of heavy rainfall. Figure 3 shows
the variations of the total sand drain curtain
discharge with time and Figure 4 gives individual
sand «drain dlscharpe on two cccasions.

1
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FiIG.3 TOTAL DISCHARGE FROM SAND DRAINS
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Discharges from inclined drains showed similar
variations in discharge between closely spaced
drains and similar peaks associated with periods of
rain, Five pump shafts instelled to accelerate
slope dewatering were unsuccessful and required
only periodic baling, bedng essentially dry holes.

6.4  Effectiveness ol Droinage Measures

The spacing and size of the sand drains were deter-
mined using & coefficlent of permeability obtained
from analysis of recharge rates in eﬁgloratory
shafts. The value obtained (4 x 10°° m/sec) was
considered as an average between the high "perme-
ability" of the blocky zones cbserved in the mud-
stone and the low permeability of the colluvium
(2.5 % 107 m/sec) as inferred from consolidometer
tests and empirical grading/permeability relation-
ships.

The variation in the sand drain discharges suggests
that the blocky zones may be localised and that in
most of the drains a considerably lower coefficient
of permeability would be appropriate.

Observations suggest that the sand drainms exhibit-
ing the high flows providing the peaks in Figure 3
have very variable discharge. It is possible that
.these drains intersect blocky zones and are inter-
cepting recharge water entering the slope through
the high permeability blocky zones.

The base discharge from the drainage drive of
approximately 100 litres/hour is poessibly an
indication of thewater being removed by the sand
drains acting in their designed function as draw
down wells. The recorded base discharge is
approximately one £ifth of the design estimated
discharge for the pre-construction water table.

Despite the fact that drainage measures are remov-
ing significant volumes of subsurface water,
reductions in water pressure due to the major
drainage curtain system are not obvious. That
drainage measures can reduce in situ water pressures
is evidenced by the temporary lowering of water
levels at station Sl. Similarly at standpipe

A a permapent water level lowering of 2.2 metres
oceurred after an inclined drain passing close to
the statlon discharged 62,000 litres in 3 months.
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6.5 Conclusions

The dilemma faced in assessing the causes and
permanence of recorded reductionms in the water
pressures revolves around whether the reductiomns
result from the removal of water by the drains or
from reduction in porewnter pressure due to the
slope excavatlon. It 1s likely that the time for
the drainage measures to become effective and for
unloading induced pore pressure reductions to
dissipate will be similarly affected by variations
in permeability,

It is possible that the localiised drain’ar of blocky
zones in the mudstone beneath and near ... inferred
fallure surface has a significant though non
gquantifiable affect on water pressures at the inter-
face. Thus the sand drains may be effective in
reducing water pressures at the interface even
though they may be relatively ineffective in thelr
design function as draw down wells to dewater the
colluvium.

The variation of permeability within the slope -
suggests that the use of published methods for
computing the effects of inclined drains (Kenney
et al (1977)) and other drainage measures {(Mansur
and Kaufmann (1962)) may be unsultable. Such
metheds may lead to incorrect and possibly non
conservative estimates of the time required for
drainage measures tc lower a water table.

7 REANALYSIS OF SLOPE

7.1 General

As comstruction proceeded a considerable amount of
additional subsurface data was accumulated and, as
intended by the designer, the design was reviewed
in the light of this information.

7.2 Mudstone Colluvium Interface Profile

Excavation of the bored piles for the portal
structure and drilling of the sand drains provided
accurate interface levels at the top and bottem

of the slope excavation area. In addition to the
predesign investigation bores and shafts 24 small
diameter bores and six 1 m shafts were drilled and
logged during construction. The interface was also
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surface exposed north of the portal structure during
the first stage excavation. Figure 5 shows an
inferred contour plan of the interface produced from
data available at a late stage in construction. A
total of 90 spot levels were available and of these
12 are not in agreement with the contours as drawn.
it is possible that some of these may indicate
further gullies in the interface which could only

be confirmed by further extensive drilling. In
other cases the discrepancies may result from
difficulty in detecting the interface using dis-
turbed NX core,

It is apparent that the interface is complex,
gullied, and could not be realistically defined

with reasonable pre-design investigations, In

this case, the designer had 22 spot levels avail-
able of which 4 are possibly inaccurate and mislead-
ing for the reasons given above.

Further, design cross-sections derived on the
assumption of a reasonably planar interface would
provide an inaccurate model, The cross-sections
analysed in the original design incorporated soil
profiles from boreholes off set up to 30 m from
the cross-sections. Some of the cross-sections
did not show gullies in the interface apparent in
Figure 5.

7.3 Piezometric Data
Even with piezometric data available at fourteen

locations in the area it was difficult to obtain
a clear model of the water table shape. It
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appears that the water table may be lower in areas
above gullies in the interface, although the water
pressure at the interface was higher in these areas
due to the greater depth of the interface,

Just as definition of the complex interface geometry
1s not possible without a large number of spot
levels, it is also likely that a considerable (and
excessive) number of piezometer stations would be
required to determine the distribution of water
pressures 1in the slope.

7.4 Reasons ‘for Full Reanalysis

The colluvium interface geometry discussed in sub
section 6.2 was significantly different from that
assumed at the tlme of design. Tt therefore did
not appear approprlate to simply repeat the
analysls of the design cross-sections with the ag
measured water pressures.

To assess the likely effects of the changed inter-
face model a crude sensitivity analysis was made
using an infinite slope model.

The effects of varying the inclination of the
sliding surface and the ratic of the height of the
water table and the height of soil above the sliding
surface were examined. The results are presented
in Figure 6.

The revised interface model had a locally steeper
interface and locally reduced colluvium thickness
compared with the original design model. Examination
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of Figure 6 suggested that 4if the original design
slope profile was retailned the stability factors
of safety might be unacceptably low. Accordingly
a full reanalysis was undertaken.

7.5 Reanalysis

Seven cross~sections were examined for short and
long term stabilicy. Non clrecular fallure sur-
faces following the interface were examined wsing
the method of Janbu (1973) and a computer program
with a search routine was used to determine
critical c¢ircular faliure surfaces within the
colluvium. The locations of four typical cross-
sections are shown on Figure 5.

For the short term case, the measured piezometric
pressures were used, with residual shear strength

parameters (¢' = 16°) being assumed within 1 m of
the presheared colluvium interface and peak
strength parameters (¢' = 33°) elsevhere. For

the long term case a water table 2 m above the
interface was assumed with residual strength para-
meters throughout the colluvium.

The results of the analysis indicated that the
final factors of safety for the as designed slope
would be of the order of 1.2 - 1.3 on critical
sections compared with 1.5 as calculated on the
basis of the information available te the original
designer.

LINE  CONTIOURS FAILURE MODE WATER TABLE F.S

1 As designed Circular Existing 1.1
2 As designed Circular Final 1.3
3 Revised Circular Existing 2.3
4 Revised Circular Final 1.5
5 As designed Non circular Existing .93
6  As designed Non circular Final 1.3
7 Revised Non circular Existing 1.5
8 Revised Non circular ¥inal 1.6
Table 1 : Factors of Safety for Cross-section 3
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Analysis showed that extending the portal structure
by 15 m and thereby reducing the slope excavation
above the portal structure resulted in more
acceptable factors of safety. Results for analysis
on cross-section 3 {shown on Figure 3) are presented
in Table 1, the critical failure surfaces for the

as designed and proposed modified surface contours
being shown on Figure 7.

Table 1 indicates that with the as measured water
table a slope cut to the a2s designed contours

would fail.  However in practlce the pore water
pressures in the slope would be reduced as a result
of the unloading associated with slope excavation.
For a Skempton (1954) pore pressure coefficient B

of 1.0 the immediate post excavation pore pressures
would be approximately equivalent to the assumed
long term lowered water table and thus the immediate
stability would approximate the long term stability.

The eircular fallure surfaces were analysed to
confirm that the non circular failure surface
following the interface was the critical case.

For the short term (exlsting water table) cases the
circular surfaces are non eritical. However for
the long term (final water table)} cases the ecircu-
lar surfaces are shown as being critiecal. Because
these circular surfaces do not follow a pre-exist-
ing failure surface the use of residual strength
parameters is unwarranted {(Morgenstern (1977)) and
the values in Table 1 are overconservative.

As shown in Figure 7 the critical circular failure
surfaces are different for the short and long term
cases.

7.6 ‘three Dimensional Stability Analysis

The use of two dimensional (2D) analysis for an
apparent three dimensional (3D) situation appeared
questionable. While some sciutions for 3D failure
sarfaces have been published thesa dicd aot suit

the geometry or allow for the effects o water
pressure. Therefore a solution for a trough
shaped section failing in an infinite slope was
derived. Normal forces on the side surfaces were
derived by resolving vertical and at rest horizon-
tal (Ko) stresses acting in the soil. The
solution was expressed as a ratio of the factor of
safety for the wedge (F3} and the factor of safety
for a 2D slice through the centre of the wedge (Fz).

Typical results for a cohesionless material are
presented in Figure 8. For the case under consid-
eration the variation between the 2D and 3D factor
of safety 1s not significant.

These results vary from those of Hoviand (1977) who
considered wedge failures without consldering the
effects of at rest horizontal stresses and cbtained
considerably lower factors of safety for the 3D
case., These may be appropriate for failure of a
jointed rock mass but are in the author's opinion
overconservative for an intact soil mass. Con-
siderable increases in the factor of safety for

the 3D wedge case are obtained for purely cohesive
materials (Baligh and Azzouz {1975)).

7.7 Design Modifications
As a result of the reanalysis the portal structure

was extended by 15 metres and the extent of the
second stage excavation was reduced.
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In addition a pattern of inclined drains are to he
installed from within the portal structure. It is
hoped that some of these will intersect blocky

zones near the interface and in particular in inter-
face pully areas where water pressures still appear
ta be high.

hi CUNCLUS1ORS

The case history reported illustrates the need in
slope stabilisation exercises for the designer to
review and where necessary modify the original
design in the light of additiomal subsurface and
instrumentation data gathered during construction.

Information gained from extensive driliing and shaft
excavation carried out during construction suggests
a complex gullied mudstone/colluvium interface
which could not have been defined with reasonable
pre~design investigations. Positive identification
of the interface in small diameter (NX) core was
difficult due to drilling disturbance in the mud-
stone. Down hole logging of 1 m shafts provided
the only accurate method for locating the interface.
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CRITICAL SURFACES ON SECTION 3

Plezometer readings suggest a complex ground water
regime with depressions in the water table surface
corresponding to gullies in the interface. While
significant reductions in water levels occurred
during comstruction, it was not pessible to
accurately assess to what extent these resulted

from the influence of the drainage measures or from
reductions in pere water pressure due to the unload-
ing associated with slope excavation.

Mscharges from closely spaced subsurface drains
varied considerably and 1t 18 suggested that the
drain discharge depends largely on whether or not a
zone of blocky mudstone below the interface is
intersected. It dees not appear possible to pre-
dict or pre-determine the location of such zones.
The colluvium, intact mudstone and blocky mudstone
have significantly different permeabilities and the
applicability of available solutions.for computing
drain discharge is doubtful due to the difficulty
in assigning a suitable permeability value.

Reanalysis of the slope using the additional infor-
mation collected during construction indicated a
need for some modifications to details in the
original design.

While the drainage measures adepted are removing
significant quantities of water from the slope it
may be some years before the stability of the slope
becomes dependent on the effectiveness of the
drainape measures., Long ferm ma intenanes apd

mond toring of e dra lnapge measures lo therelore
essenblai,
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SUMMARY The properties of a pumice soil called Shirasu distributed especially in southern Kyushu of Japan

are varied from those of granular soil to those of weak rock in its undisturbed state,
cut-off slopes, the tensile failure is unavoidable in the rraditional vertical slopes,

In dealing with its
This paper reports

with regard to the problem of temsile failure causing in the cut-off Shirasu slopes, dividing into three
parts; (1) the identification and classification of the undisturbed Shirasu applying a practical measure
called soll hardness, (2) strength and elastic constants of the undisturbed specimens in the triaxial com—

pression tests, and (3) stability analyses of the cut
only at the ordinary time but also at the time of ear

seismic coefficient method jointly.

-off Shirasu slopes of a few kinds of slope angles not
thquake, using the finite element methed and the
The third part indicates where the tensile Failure arises in the

slopes, and the result proved the superfority of Kyushu Transverse Expressway in which the gentle cut-cff

slope of 45 degrees was for the first time adopted in the Shirasu-distrihbuted area.

The guliey ercsion is

there prevented by means of scrupulous dratnage ArTAngements .

i3 INTRODUCTION

The properties of a pumice soil called Shirasu
distributed in certain areas in Japan are varied
Trom those of granular sodl to those of weak rock
fn [rs undisrorbed state, and Chers are Xnown no
canes ol rotat fonal shear«s!lde fallure securring
to ¢ul slupes En usual soil deposits. Shirasu may
be classifled as a soil similar to the yellow-brown
pumice so0il distributed in North Island of New
Zealand. 1In dealing with these cut—off slopes, two
kinds of problems have to be faced:; one is the
gulley erosion resulted from heavy rainfalls and
the other is tensile failure that is unavoidable in
the traditional steep cut-off slopes. 'The gulley
erosion is, however, prevented now by means of
careful drailnage works, but there 1Is much to be
made clear about the problem of tensile failure.

The authors made an analytical study on the cut-off
slopes of Shirasu using the finite element method
and from the viewpoint of tensile failure, exclu-
sively on the statical condition (Yamanouchi et al,
1975). They have also published a study on the
failure mechanism of the undisturbed samples of
Shirasu where the rock mechanics approach was
applied (Yamanouchi and Murata, 1979).

This paper consists of three parts and the first
part deals with the identification and classifica-
tion of the original Shirasu ground according to
the soil hardness, giving the vesult of staristical
analysis with the amalysis of principal componants
as its main point. In the second parc, strength
constants of the undisturbed Shirasu specimen are
considered in relation with the tensile strength
and the hardness. In the third part, the stress
condition of slope, either at the ordinary time or
at the earthquake time, 1s analysed to compare the
value of slope angle with the occurrence and the
magnitude of tensile stress, and at the same time,
the significance of the result thereby in the
actual damage is discussed. Incidentally, in
carrying cut the analysis the finite element method
and the seismic coefficient method are jointly used
by regarding the original Shirasu ground bearing a
slope as an isotropic and lipearly elastic body.
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2 IDENTIFTCATION AND CLASSIFECATION OF
UNDISTURBED SHIRASY

2.1 Object of TdentIfleatlon and Ctassifteat Lon,
and Delndtdon of lHardness

Slnce englocering properties of Lthe orlglual Shivanu

ground are not homogeneous, belng considerably
varied according to its state, careful consider-
ation should be paid to the above-mentioned differ-
ence in the properties in the project of slope
angle, the slope protection work and the drainage
arrangements of cut—off slopes. For that puUrpose,
the 1ldentification and classification were carried
out depending upon the hardness by means of
Yamanaka’s soil penctromecer (Yamanaka and Matsuo,
1962) which renders a measurement comparatively easy
in detecting the mechanical properties of Shirasu at
the fields.

According to Yamanaka (1965), the hardness is
defined as the force required for the material of
greater hardness to penetrate into the inner part of
soil against the welded bonds among particles. In
this case, the authors will define the value measur-
ed by Yamanaka's soil hardness-meter, where n spring
that contracts 40 mm precisely agalast the load of
78.45 N is used as the hardness of Shirame.  This
hardness of soll 1s obtuined by reading the resist—
ance required for driving a part of the cone, 40 mm
long, 18 mm in bottom diameter and 12°40' in vertri-
cal angle, inte the soil by checking the contraction
length of spring.

2.2 Determination of Boundary Hardness by
Statistical Analysis

To identify and classify the original Shirasu
ground, the authors have to determine first the
boundary hardnesses which are to be the indication
of classification. The principal component analysis
was carried out at first, based on the data obtained
from the field investigation, followed by the iden-
tification and classification based on the hardness
from the result. Then the frequenecy distribution
was examined by xz—tesc to see whether it would
assume a normal distribution, the significance of
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Figure 1 Group classification based on principal

component analysis

group classification is confirmed by undergeing
F-test and t-test. Boundary hardness will be de-
termined later on by the average and the standard
deviation of hardness of each group already classi-
fied respectively. The data of investigation used
here have been collected from 84 sites in the
Shirasu-distributed area of Kagoshima Prefecture by
Kyushu Engineering O0¢fice, Kyushu Construction
Burcau, Ministry of Public Works,

Flgare | shows the result obtalned through the
principal component analysis by using 5 variables of

meisture content ratie, specific gravityof partiocle,

void ratio, coefficient of uniformity and hardness.
The ordinate and the abscissa in the figure repre-
sent the first principal component and the secondary
one respectively, both of which are the values
already normarized. The numerical values fixed to
each point signify the hardness (mm), and this hard-
ness makes it possible to devide each point in the
figure into 5 groups, as shown by a broken line. In
order to check whether or not the frequency distri-
bution of the hardness belonging to each group is
normal one, the authors evaluated theoretlcal fre-
quency distribution based on the average of measured
values and the standard deviation and carried out
the test. As the result, the hardness distribution
of each group was found out to be in a good accord-
ance with that of theoretical frequency. When the
sipnilfcance of dndividual group classification was
vramined by F-test and t-test, therefore, 1t was
confirmed that 5 groups fall under cther population
respectively., Accordingly, it is possible, if we
take {(average hardness % standard deviation) to
distinguish Shirasu thus classified into 5 cate-~
gories according to the hardrness, to consider that
the first group lies within the range of 17.8 to
18.8, the second group 1%.5 to 25.1, the third group
25.0 to 29.6, the fourth group 29.9 to 32.1 and the
fifth group 32.5 to 35.9 and that the boundary hard-
ness of each group is 20, 25, 30 and 33.

From the result of analysis made so far Shirasu may

be classified into 5 groups of one with the hardness
below 20 mm, one between 20 to 25 mm, one between 25
o 30 mm, one between 30 to 33 mm and cne above

33 mm, and each group will be assumed as equivalent

to its conventional name respectively, namely, very

soft Skirasu, soft Shirasu, semi-hard Shirasu, hard

Shirasu and welded tuff.

3 STRENGTH CONSTANTS OF UNDISTURBED SHIRASU
SPECIMEN

3.1 Relarion between Tensile Strength and
Hardness
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Figure 2 Relaticn between tensile strength and
hardress of Shirasu

Undisturbed samples taken from the fields by using
a spectally devised cutter are characterized by the
fact that it bears tensile strength resulted from
the geological welding effect. This tensile
strength can be measured simply by means of the
splitiing tenmsile test from the following equatiom
(Akazawa, 1947)
Ay
Ot T i W

where, O: splitting tensile stremgth, P:
sion load, d: diameter of sample, 1: thickness of
sample. Incidentally, the fact that the splitting
tensile strength of undisturbed Shirgsu becomes
nearly equivalent to the unlaxial tensile strength
has already been confirmed (Murata and Yamanouchi,
1977). Figure 2 shows the relation between the
splitting tensile strength of undisturbcd Shirasu
and the soil hardness measured at the same £leld as
the place where the undisturbed specimen is sampled.
As expected from the figure, it 1s obvious that the
higher hardness index number rises, the higher
tensile strength goes up. Also, the higher the
hardness is, the larger unit weight grows, and
therefore, the hard Shirasu is estimated to possess
properties most resembled to soft rock. In southern
Kyushu, therefore, there was a customary practice to
bulld the cut-off Shirgsu siope almost perpendicular
as the countermeasure to protect the cut surface
from water flow in that rainy district, though no
measutre were taken yet about the mechanical stabl-
lity. The tensile strength of very soft Shirasu i1s
extremely small, to a degree almost negligible, it
seems, but when compared with disturbed samples, the
effect from a welding effect is not to be overlooked.

compres—

3.2 Relation between Tensile Strength and
Constants

Elastic constants and shear strength constants can
be evaluated by carrying out the triaxial compres-
sive test, using the undisturbed samples taken from
the fields by using the specially devised cutter,
The characteristics of the sress—strain curve
obtained from the test are; 1)} the relation of
stress with volumetric strain decreases linearly in
the initial stress stage, followed by the occurrence
of rapid dilatancy, ii) the difference between the
maximum axial stress and the residual deviater
stress is large. Since the Griffith failure crite-
rion is applicable to the stress limit of the former,
Shirasu may be assumed as an elastic body in the
above stress zone. At this time of elastlc limit,
the relation between Young's modulus E, in the case
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when the confining pressure 1s zerc and Poisson's
ratio Vg, and tenslle strength may be expressed by
the following equation, as seen by Figure 3
(Yamanouchi and Murata, 1979).

E, = 2.5 0,0.68 (2)

Vg = 0.50 -~ 0.12log 0, (3)

As stated above, undisturbed samples have an elastic
domain in their initial deformation zone, but ulti-
mately they cause shear slide failure fn the same
way as the disturbed Shirgsu, resulting in shear
failure. That point of time falls on that of the
maximum axfal stress, and under this stress con-
ditior, the modified Griffith failure criterion is
applicable.

In Figure 4 are given the relation between apparent
cohesion cp and angle of shear resistance ¢g, which
have been evaluated from the failure enveleop of
Mohr~Coulomb under the maximum deviator stress con-
dition with tensile strength. The Mohr-Coulcmb
failure envelop of the undisturbed Shiragu changes
to a curve with the cohesion, and the value has
stopped below 0.2 MPa. Since the apparent cohesion
and the angle of shear resistance, evaluated from
the Mohr-Coulomb failure envelop under the condition
of residual deviator stress, are almost constant
independently of the tensile strength and nearly
agree with the values of them when the very soft
Shirasu gives the maximum axial stress, a rapid
growth of ¢¢ and ¢¢ with the increase of tensile
strength 1s understood as mainly resulted from the
welding effect of undisturbed Shirasu.
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4 STABILITY ANALYSES OF CUT-OFF SHIRASU SLOPES

4.1  Computing Method

The analysls domain for the finite element method
is given, as shown in Figure 5. As the object of
the present analysis is laid in grasping of the
slope behavicr, it is planned in a way that the
effect from sides as well as lower boundary may be
prevented as much as possible. As for boundary
conditions, the horizontal displacement is re-
stricted agalnst lateral boundary and for the lower
boundary the condition of perfect fix is given.

Concerning the elastic constant, here is used the
value of static condition as it is, even for the
pseudo-seismic analysis, because there is hardly any
dynamic value to be obtained, excepting the observ-
ed value by Omote et al (1973), nor is the result
of observation made by Omote et al satisfactory
enough. The tensile strength of each Shirasu ma-
terial, elastic constant and shear strength
constants to be used for analysis are given in
Table I,

The key figure of the seismic coefficient method is
shown in Figure 6. As seen in the figure, each

TABLE I STRENGTH CONSTANTS USED FOR ANALYSES

. . Soft Semi~hard Hard

Kinds of Shirasu Shirasu | Shirasu Shirasu
Tensile strength

op (KkPa) 5 8 22
Apparent unlt
weight Yr (KN/m%) 12.7 13.7 15.0
Young’s modulus

Ee (MPa) 8 11 22

L) "
Folsson 3erati° 0.41 0.38 0.33
Apparent cohesion

cp (kPa) 30 42 80
Angle of shear
resistance ¢g (°) 38 41 43
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of semi-hard Shirasu

clement is subject to horizontal force, which is
obtained by multipiying by the horilzontal seismic
coefficlent K besides its own weight. In the case
the finite element method is used, the horizontal
sefsmic force can be taken optionally for it, but
iy was assumed here for simplicity that all elements
are constant, and the value K = 0.3 which was
estimated at the time of 1968 Ebino earthguake
(Research Committee on Shirasu, Japanese Society of
SM and FE, 1968) was adopted. TFurthermore, as
shown in the figure, there are two ways of input
method in the seismic force acting upon the slope.
One 1s the case when the seismic force goes toward
the inside of the slope and the other is the case
when it goes out of the slepe, and the directiom of
the horizontal force acting upon each element agrees
with that of this seismic force.

5.2 Distribution of Maximum Shear Stress

In Figure 7, the maximum shear stress 1s traced
after equivalent points on the slope where the slope
angle of semi-hard Shirasu is either 45° or 90° re-
spectively. As plain from the figure, the maximum
shear stress at the part near the toe is smaller
than its static condition when the earthquake force
acts in the outward direction of the slope, but it
gets larger when the force acts in the incoming
direction. And on the gentle slope of 8§ = 45°,
there appears conspicuously such™ concentration of
the maximum shear stress on the toe as that seldom
seen under a static condition. The magnitude of it
is, however, far smaller than the steep slope of

8 = 90°, and not only under static condition but
also at the time of earthquake the danger of shear
failure in the neighborhood of the slope toe is
presumably higher on the slope of a steep slope.

4.3 Tenpsile Stress Zone and Its Magnitude

According to the result of analysis, while the
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stress zone and slope angle in case
of semi-hard Shirasu

major principal stress of each element is on the
side of compression, the minor principal stress
turns to the direction wvertical to the slope,
inclining to the compression side in case of gentie
siope, but showing the tensile side In case of steep
slope. ¥Figure 8 shows tensile stress zome and its
maximum value concerning semi-hard Shirasu. What
is to be pointed out as a remarkable characteristics
in the figure is that, on a gentle slope of & = 45°%,
there occurs no tensile stress even at the time of
earthquake, just as in case of static condition.

In case of the slope of B = 60°, there is merely the
occurrence of tensile stress only on the slope
shoulder, simllarly as in case of static condition,
with respect to the earthquake force going out of
the slope, but for the earthquake force coming inte
the slope the domain of tensile stress is seen to
spread almost entirely over the slope, showing the
maximum value at the slope toe. As it comes to the
steep slopes of 8 = 80° and 90°, the temsile stress
is seen to spread wider than that in case of static
condition, not only the entire surface of the slope
but also down to the depth of the slope, especially
when earthquake force acts in the direction enter-
ing the slope.

Figure 9 shows the relation between the magnitude
of tensile stress at the part of slope toe and slope
shoulder and slope angle. There the value at the
time of earthquake ls recorded in the case when
earthquake force enters the slope. As easily
understood from the figure, the tendency of tensile
stress at the time of earthquake 1s the same as
that under the static condition, where the tensile
stress at slope shoulder slightly increases with
the increase of slope angle, whereas the tensile
stress at the slope toe increases remarkably with
the increase of the slope angle. And the value

is then much larger than that under a static
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condition., Tensile failure of the slope at the time
of earthquake dis, therefore, hardly possible to
occur at a gentle slope, but in case of a steep
slope the sald danger is presumed to be greater at
the toe part, under a static condition.

Figure 10 shows the relation of major principal
stress and minor principal stress (tensile stress)
at - the siope toe in the steep slope with the
tensile strength borne by Shirasu. It is obvious
that the minor principal stress (tensile stress)
which acts in the direction almost normal to the

slope is larger when the tensile strength is smaller,

As clearly seen from this, the major principal
stress (compressive stress) gives a fairly large
value and acts upon the slope in almost parallel
direction, the circumstances readily lead to cause
tensile failure in case of steep slope.

4.4 Relation between Local Tensile Failure
and Local Shear Failure

When the height of a slope, where the maximum
tensile stress occurring in the slope becomes equal
to the tensile strength borne by Shirasu, is defined
as non-cracking critical height Hgp, Hop. may be
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evaluated by the follewing equation.

Hep = 0 / Otd.max (4)

Where, 0.: the tensile strength pessessed by Shirasu,
Ord . max® Maximum tensile stress occurring in the
slope. Hence, so-called non-eracking critical height
signifies that it is a certain element in the slope,
representing slope helght at the time when there
occurs tensile failure locally, and it is important
for Investigating the stability of slope, By giving
light to the reiation between this nom-cracking
critical height and the slope angle of the slope
with respect to three kinds of Shirasu, we can dis-
close the following facts, as shown in Figure 11.

First of all, let us pay attention to the kinds of
Shirasu. While with hard Shirasu it is found in
non-cracking state on the slope as highas some 20m,
even when it 1s a steep slope above 8 = 80°, with
semi-hard and soft Shirasu of small tensile strength,
non—cracking critical height considerably decreases,
In case of 8 = 60°, there is expected tensile
failure on the slope shoulder, but the non-cracking
critical height of hard Shirgsu and semi-hard
Shirasu arises above 50 m, and there is no danger of
failure. At the time of earthquake, the non-
cracking critical height of three kinds of Shirasu
decreagses further compared with that of static case.
By the way, since the non~cracking critical height
in the case when earthquake force acts in the
direction going out of the slope arises higher than
that of static case, it is left out of the figure.

With the elements in a slope, as it is sometimes
expected that there might occur local shear fallure,
we have to investigate superfluilty level 51, which
is ditected vertical to the Mohr~Coulombh fallure
envelop of shear stress of each element. S will
be given by the following equatlon, referring to
Figure 12.

. - (o - o3)/2 ¢s)

(01 + 03)/2 + sin $z + ¢ cos ¢f

Where, Oy, U3: major principal stress and minor
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principal stress respectively, cg, ¢g: the apparent
cohesion and angle of shear resistance.

It is possible, therefore, to define the slope
height where elements Opg4 < 0. as well as 57> 1 have
appeared in the slope as the slope helght H,g at
which lecal shear failure takes place. Figure 13
shows the relatlon between critical height H,i, Heg
of each semi~hard Shirasu and slope angle of the
slope. As seen from the figure, H,, is larger than
Heg in case of 8<75° to be inverse in case of B2
75°, whether it 1s under a static condition or at
the time of earthquake. Such a tendency remains the
same either with hard Shiresu or with soft Shirasu.
It is therefore evident in case of a steep slope
that the local tensile fallure at the slope toe
plays a dominant part in the failure of siope.
Also, with the slepe of 6 = 60°, it 1s presumed that
tensile failure has endangered the stability of the
slope before the occurrence of a complete shear
failure. Moreover, on the slope of 6 = 45°, where
there has taken place local shear failure with E =
45 m (static condition} and H = 20 m (earthquake
time condition), the domain is confined only to the
surface of the slope, nor there has occurred any
local tensile fallure, we can safely judge that it
is mechanically stable,

Again as the countermeasure against tensile failure
on the slope, the authors have made it known that

cutting of shoulder part or some retaining works at
the toe part are effective (Yamanouchi et al, 1975).
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5 CONCLUSIONS

Congiderations made so far are on the 'stability of
the siope, which was worked out by the application
of the engineering classification of undisturbed
Shirasu and the finite element method as well as
the seismic coefficient method to each kind of the
orlginal Shirasu ground bearing cut-off slopes.
The result obtained will be summarized as foilows.

(1} The original ground Shirasu may be classified
into four categories according to its hardness.

(2) The maximum shear stress is conspicuocusly
concentrated on the slope toe, more in case of
steep slope than in the gentle slope, and its
degrec 1s higher at the time of carthguake snd fn
vase of soft Shirasu.

(3) While tensile stress at each part of the slope,
exceph at the toe, Increases only slightly when the
slope angle is larger tham about 60°; the tensile
stress at the slope toe increases with the increase
of slope angle, and its value is larger at the time
of earthquake and in case of soft Shirasu than
under the statle condition.

(4) With the slope of the slope angle larger than
75°, the local temslle fallure surpasses the local
shear failure at the toe, and the tensile fallure
of the slope is predominant. On the other hand,
non-eracking critical height decreases considerably
at the time of earthquake.
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SUMMARY
of s0ils under cyclic leading.

Recently, several sophisticated constitutive models have been proposed to predict the behaviour
In this paper the concepts of the critical state soil mechanics have been

used to develop a simple model which predicts many aspects of clays under repeated loading.

1 INTRODUCTION

An understanding of the behaviour of scils under
cyclic loading is important in the fields of earth-
quake, offshere and highway engineering. The
propertics of sands under cyclic leading have been

studied extensively (Seed and Lee, 1906, Secd, 1979
amd engineering theories developed for particular
classes of problems{Martin ¢t ai [ 1970}, More

recently data pertinent to cyclic loading of clay
have been collected (Taylor et al, 1965, 1969;
Andersen, 1975, 1976; Van Eekelenand Potts, 1978).
Although the conclusions of these tests are not
upanimous, scveral facts emerge. The most important
of these is that under undrained loading cxcess
pure pressures are generated and if cyclic loading
is continued for a sufficiently long time a failure
or c¢ritical state condition may be reached,

There have been several attempts at modelling this
behaviour mathematically (Mrdz et al 1979; Prévest,
1977). These models are complex involving multiple
yield surfaces and both kinematic and isotropic
hardening and involve the specificatien of a number
of parameters which may be difficult to determine
in practice. A less complicated model, which is
potentially applicable to cyclic loading, has been
sugpested by Pender (2977, 1978).

In this paper the concepts of critical state soil
mechanics have been extended to provide a description
of the response of clay under cyclic leading, Only
one additional parameter, which can be determined
from the number of cycles te failure in an undrained
cyelic triaxial test, is required.

2 THEQRETICAL DEVELOPMENT
2.1 Modified Cam Clay

In the interest of clarity the essential features
of the modified Cam-clay model are described.
Attention is restricted to triaxial conditions
where it assumed that the state of effective stress
may b? completely described by the quaatities

[ '+ 20"y and q = Gy - gpt = -
Eheregé:?, G ',ro}, a. gre tﬁe axigl angzradggi
components of efffctive and total stress respect-
ively. The symbol u will be used to represent
excess pore pressure. The convenient measures of
strain are the volume strain, v ='g; +,2e3 and a
measure of the octahedral strain, £ = 3 (g1-£3);
where €1, and £3 are major and minor pfincipal
strains respectively,

The modified Cam-clay model requires the specifica-
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tion of five parameters, values of which may be
readily obtained from standard oedometer and tri-
axial compression tests, These parameters are :

A the gradient of the normal consolidation
tine in c-£n p' space,

IS the gradient of the swelling and vecomp-
ression line in e-€n p' space

ceg @ value of voids ratie which locates the
consolidation lines in ¢-£n p' space,
conveniently taken as the value of e at unit
p' on the critical state line,

M the value of the stress ratio g/p' at the
eritical state condition; M is related to ¢!,
the angle of friction obtained in triaxial
compression tests, by M = 6 sin ¢'/(3-sin ¢")

G the elastic shear modulus.

For states of stress within the current yield sur-
face the soil responds elastically and the incre-
mental effective stress-strain law may be written
as

1

dp ) K 0 . dv (n

dg 0 3G de
where K = (l+e)p'/k is the bulk modulus and the
shear modulus G is constant.
Yielding of the material occurs whenever the
stresses satisfy the following criterion

g% - Mp'(pe' - p)} =0 (2)

where p;' is 2 hardening parameter - analogous to a
preconsolidation pressure - which defines the non-
zero interscection of the current eiiiptical yield
locus and the p' axis in effective stress space -
see Figure 1. Plastic flow is determined by an
associated flow rule and the permanent volume

strain dv' is related to the change in the hardening
parameter p.' as follows

d .
o = ()‘i p_‘:: 3
l+e” p. [

Types of ioading can be categorised in terms of a
variabie py', defined as

Py' = p' + g/ (Mp*) (4)
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Figure 1 Some aspects of the modified
Cam-clay medel for triaxial conditions

Equation (4) is alsc the locus of an ellipse,in
p'~q space,which passes through the current stress
point and the origin, and is centred on the p' axis,
i.e. it has the same shape as the yield locus - see
Figure 2. This variable p,' is the (non-zero)
value of p' at which the e{lipse cuts the p'-axis
and is a convenient way of comparing the current
stress state with the current yield locus represen-
ted by pc’.

The material is elastic whenever py'< pe' and during
the elastic deformation

dpg'/pe’ = 0 R

The material behaves plastically whenever py' = pe!
and three conditions can be identified. These are
(a) the material hardens whenever dpy' = dpe' > 0,
(b) the material softens whenever dp,' = dp.' < 0,
and (e¢) 'neutral loading', when the ¥ield locus
does not change while plastic behaviour occurs,

dpy' = dpc' = 0. gondiyion (a) requires p'.>.pc'/2,
i.e. the material is said to be 'wet' of critical,
and (b) requires p' < p.'/2, i.e. the material is
said to 'dry' of critical.

During plastic behaviour the yield locus changes
according to the law

dpe'/pe' = dpy‘/py' (6)

The incremental stress-strain relation during
yielding may be shown to be

[ dv ] ] o, 6, . dp _ o)

de. ¢ C du -

where the compliance coefficients are given by

_ K, a K 1
€, = 13 » =

- A-x, .i-a
€,=¢, = &2 (E;—
A-k, b 1
sz - (1+e) p' 3G

and
a = (MZ“HZJ/(ME"'HZ); b = 4.n2/(M‘|_.n‘0),

n = the stress ratio q/p'

As would be expected, (7) breaks down when the seil
reaches the critical state condition n = M.

2.2 A Model for Cyclic Loading

The modified Cam-clay model has been shown to match
well the observed behaviour of insensitive clays
subjected to monotonic leading for which the stress
level increases. However, the predictions are not
as satisfactory when the soil undergoes repeated
loading.

When saturated clay is unloaded and then reloaded

it is fownd that permanent strains cceur carlier

than predicted by the modified Cam-clay model. One
way of interpreting this real behaviour is to assume
that the position and perhaps the shape of the yield
surface have beea affected in some way by the elastic
unloading.

For the sake of simplicity in developing a new model
it is assumed that the form of the yield surface is
unchanged but that its size has been reduced in an
isotropic manner by the elastic unloading. This can
only mean that the hardening parameter pg' has been
reduced by the unleading process. In order to
specify how this reduction occurs a relation is
proposed between the hardening parameter pc' and the
loading parameter py'. In view of (5) it seems
reasonable to postulate that when the material is
elastic (py' < p.') and when épy' < 0, the following
relation holds

dp.' /b, = 8 dp /b (8

If © takes a value of unity, then the yield surface
would shrink bhack in such a way that the stress

state always lay on it. It is to be expected that
the yield surface will recede only a fraction of this
amount and the values of € will temnd to be quite
smail. If, however, the material is elastic, but
dpy' > 0, it is postulated that the current yield
surface is not changed, i.e.

dpg '/t = 0 9)

The distinctien between these types of behaviour is
shown schematically in Figure 2.

It has been shown elsewhere that 0 may be regardedas
an OCR depradation paramoter (Carter ot nf, 1980).

A consequence of introducing this degradation
parameter 0 into the model is that repeated loading
under fully drained conditions will result in a
continued densification of the soil sample. In
modified Cam-clay, for which & = 0, no such
densification will occur. Some predictions of the
new mosded for undrained loading under triaxial test
comnditions a#re now discussed,

3 PREDICTION OF THE BEHAVIOUR OF NORMALLY
CONSOLIDATEDR CLAY

In order to illustrate the behaviour predicted by
this model one set of values for the conventional
Cam-clay parameters has been selected. These are
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Figure 2 The yield surface and the '"loading"

surface in p'-q space

A=10.25, €= 0.05, M= 1.2, G = 200 ¢, where
Cyp 1s the initial value of undrained strength pre-
dicted by the modified Cam-clay model. For all
calculations in which the soil is dinitially in a
normally consolidated state, the initial voids
ratio is taken as ¢, = 0.6,

Al ndeained stress Controlbed Loading

Calenlations have been performed for the case of
cyclic axial load at coastant cell pressure in the
triaxial test. 1n cach case loading is applied so
that the deviator stress g is varied continuously
between limits of O and g, i.e. one way compression
loading where o, 2 ¢, with o, constant.

Typical Tesults for calculations with € = 0.1 and

q. = 1.5¢,, are shown in Figure 3. The effective
stress path, plotted in p'-q space, is shown in
Figure 3(a). 1Im the first half of the first cycle
the yield surface expands, i.e. the material work
hardens, and the stress path is idertical to that
predicted by modified Cam-clay. Buring the second
half of the first cycle the soil is unloaded (g
decreasing) and it responds elastically. As no
drairage occurs there is no change in p', however,
the value of p.' will have decreased according to
(8}, i.e. the vield surface will have contracted
stightly. On reloading in the sccond cyele the
material behaves elastically until the stress point
reaches the vield locus again®*, therafter the
material vieids, the vield surface expands, further
plastic deformations occur, the stress state
migrates toward the critical state condition and
additional excess pore pressure is generated. This
sequence is repeated at each additional load cycle
and ultimately, if this process is continued, a
critical state condition is reached. In every cycle
there is yielding and associated permanent strains
and, in particular, during any cycle there is an
increment of permaneat volume strain. Because the
defoermation occurs at constant volume there must be
a corresponding clastic volume incrcase and this
implies a decrease in mean effective stress, i.e.
an increase in pore pressure. The accumulation of
excess pore pressure with each cycle is plotted
against mean effective stress in Figure 3(c) and
against shear strain in Figure 3(d). The relation
between deviator stress and shear strain is also
shown in Figure 3 (b).

For this material, which has 6 = 0.1, failure
occurs on the loading portion (g increasing) of the
i2th cycle. 1In general the number of cycles to
failure Nf will be dependent not only on the value
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Figure 3 Predictions for a one-way, stress
controlled, undrained trisxial test:
QCR = 1, 68 = 0.1

of § but also on the cyclic load level q.. Results
are presented in Figure 4 for a number of walues of
G oand a range of different toml tevels. b1 ocan be
seen that For o piven wateriat, f.e., & particular
valuwe of 0, the numher of ecycies ta Fuilure
increases as the ampiitude of loading is decreased.
For a given amplitude of loading the number of
cycles to failure decreases as § increases. This
is as expected since a larger value of 8 implies a
greater contraction of the yield surface with
clastic "unloading". Conscquently there are
greater permanent volume strazins and greater cxcess
pore pressures generated per cycle and thus the
material will reach critical state after fewer
cyeles.

qc
2e00

[H o
[+3] ] ol

H
Q-6 .

o4t

| | gm0t OO
2 102 102 104 108
Number of cycles to follure Ny

Figure 4 Variation of the number of cycles to
failure with cyclic stress amplitude q¢, in a
one-way, stress controlled, undrained,
triaxial test: OCR = 1

Another important feature pradicted by this medel
is indjcated in Figure S5 where the ratio of the
undrained shear strength ¢y, measured immediately
after the "Nth" cycle, to the original undrained
strength ¢,,, measured before cycling, is plotted
against the ratio N/Nf. The results show o
continual reduction in the undrained shear strenpth
for soils subjected to repeated incroments ol

* In modified Cam-clay the yield surface will have
remained fixed during the unloading and clastic
behaviour would be predicted for all subsequent
cycles and there would be no further increase in
pore pressure.



5

Q@
a
o

q¢/2|:,,. 075

o
-3
]

— qcf e w08

= ac/2¢m =028

Undroioed Firesgth rotio Yoy,
o
-
T

o2
- q=/2c.,. w Ol
| | i 1 1
o o2 ©4 Q6 OB 0
Cycle ratia N/,
Figure 5 Effect of cyclic stress amplitude q¢

on the change in undrained strength

deviator stress. Each of the curves of Figure 5
corresponds to a different amplitude of cyclic
deviator stress and results for materials with O in
the range 0,000 £ & £ 0.1 appear to Lie on cither a
unique curve or in a narrow region as shown. When
the soil reaches failure after Ny cycles the final
undrained shear strength is equal to one haif of
the amplitude q. of the cyclic deviator stress.
This effect of a reduction in strength after cyclic
leading with increasing number of cycles has been
observed in tests on many clays (e.g. Tayler and
Bacchus, 1969; Andersen, 1975, 1976).

4 PREDICTIONS OF THE BEHAVIQUR OF
OVERCONSGLIDATED CLAY

The behaviour of an initially overconsolidated
sample when subjected to repeated loading may be
contrasted to that of an initially normalliy con-
solidated soil. In Figure 6 results are presented
for a material with 8 = 0.001 which has been
initially isotropically consolidated to an cfrective
stress of 3.85¢cyp and has then been allowed to swell
to a mean effective stress equal to 0.961 ¢y, so
that the conventional overconsolidation ratio is
equal to 4. The soil has then been subjected to a
continucus variation of deviator stress between the
limits 0 £ q € q,, where g, = 1.9c;,, under un-
drained conditions. All stress levels quoted here
have been expressed as multiples of the undrained
strength ¢,,, which is the value after swelling teo
an OCR of 4 but prior to cyclic loading.

The initial swelling and the period when q decreases
in each cycle constitute elastic "unioading'" as
defined above, i.e. p', decreasing. During each of
these unloading events the yield surface centracts
until eventually the stress point contacts the
vield surface. Thereafter, there will be pericds
of plastic loading in each cycle. Im this partic-
ular example the first plastic strains were
observed in the 51st cycle. Thus during the first
50 cycles the material responds entirely elastically;
there are no permanent strains and the excess pore
pressure oscillates between C and % qc. After 51
cycles, permanent strains occur and in this
particular case the material dilates and plastic-
2lly softens because the stress state is on the
ndry" side of critical. Since the deformation is
occurring at constant volume the increase in
plastic volume strain must be compensated by a
decrease in elastic volume strain, i.e. the stress
state migrates towards criticzl state and the pore
pressure decreases. In common with modified Cam-
clay the cyclic model predicts a peak strength in

a stress defined test under certain circumstances;
hence failure may occur either by the stress state
reaching critical state or by reaching this peak
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Figure 6 Predictions for a one-way, stress
controlled, undrained, triaxial test:
OCR = 4, 6 = 0.001, G = 200 ¢,

undrained strength, whichever occurs first. In
samples which are initially highly overconsolidated,
such as the one considered here, peak failure is
likely te occur. In contrast, soils which are
slightly cverconsolidated, i.e. on the 'wet" side
of critical, will, after sufficient cyclies, behave
in the manner of initially normally consolidated
soils. It is also a feature of this meodel that all
initially overconsolidated soils will eventually
respond to cyclic loading in the same manner as an
initially normally consolidated soil, as long as
the deviator stress q is never greater than M times
p'.

4.1 The Effect of Initial OCR on Cyclic Behaviour

Calculations nave been performed for a aumber of
ideal soils with different values of ¢ put all
having the same conventional overconsolidation
ratio of 4.

Figure 7 shows the prediction of the number of
eycles to failure Ng in a one way stress controlled
test plotted against the magnitude of the applied
deviator stress q.. Curves have been plotted for
three different materials corresponding to 0 =
0.001, 0.0l and 0.1. The trend is the same as that
for normally consolidated soils, i.e. the number

of cycles to failure increases as g, decreases and
as 0 decreases. Broken curves have also been
plotted in Figure 7 for soils with OCR = 1 and the
same values of 8. A comparison of the three pairs
of curves shows that the number of cycles to failure
is also a function of the initial overconsclidation
ratio of any soil. The model predicts that over-
consolidated soils £ail sooner, i.e. in fewer cycles,
in repeated load tests than do normally conselidated
samples of the same soil. This prediction is in
agreement with the trends shown in laboratory tests
on Drammen clay {e.g. Andersen, 1975).

5 COMPARISON OF PREDICTIONS WITH EXPERIMENTAL
RESULTS

5.1 Tests of Tayler and Bacchus

Taylor and Bacchus (1969) reported the results of
cyclic triaxial tests in which one hundred sinu-
soidal strain-contralled cycles were applied to
artificially prepared saturated clay samples. The
significant effect con nermally consclidated clay
was to reduce the mean effective stress p' by an
amount which depended on the applied strain
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Figure 7 Effect of initial OCR on the number
of cycles to failure in a one-way, stress
controlied, undrained triaxial test

amplitude. The results of one of these tests in
which the initial OCR = 1, ey = 0.962 and py' = 64
1bf/in?, are plotted in Figure 8 for the case where
the strain was varied continuously in the range
-0.003 € & € 0.003. Also shown on this plot are
some predictions made using the new model. Values
selected for the model parameters are A = 0.132,

k = 0.021, M = 1.5, G =5000 and 2500 1b£/in® and
B = 9.03. It can be seen that the predictions in
these strain-controlled tests are very dependent on
the value sclected for the elastic shear modulus G.
In both predictions the rate of decrease in p' is
overpredicted in the latter stages of both tests
and possible reasons for this behaviour are dis-
cussed below. Nevertheless, the model predicts the
correct trend in this type of cyclic test.

Meonwed | Taylor and Baschus, 1989)
— o Prodicted 19m 003 GuB2Scy)
s e — Progdicted (6 w0403 GwiBEcy,)
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3 \
$ \
3 N
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(] [ 3 10 E) 100
Numbxr of cycles, N
Figure 8 Comparison of model predictions with

test results of Taylor and Bacchus (1969) for a
two-way strain controlled, undrained,
triaxial test

Test results reported by Tayler and Bacchus, and
predictions made using the cyclic model are shown
in Figure 9 for the case of a monotonic triaxial
compression test under undrained conditiens. Tt can
be seen, that although the predictions for the
ultimate deviator stress are very accurate, the
predicted shear stress-strain responses are both
too stiff prior to failure. These predictions for
monctenic loading, which are the same as would be
provided by the modified Cam-clay model, do not
show enough plastic shear strain and in fact over-
predict the plastic volume strain. As a resuit a
given drop dn p' {or increase in u) is predicted in
a cyciic test in fewer cycles than is observed.
Both static and cyclic tests suggest that the
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Figure 9 Comparison of model prediction with

test results of Taylor and Bacchus (1949) for,

an undtained, monotonic, triaxizl compression
test.

elliptical yield locus used in the model ({which is
jdentical to the plastic potential because of an
associated flow rule) is not an accurate represent-
ation of the actual behaviour. Better predictions
might be obtained, for this particular material. if
some other shape is used for a yield locus; ome in
which plastic shear strains are greater at lower
values of deviator stress q, than predicted by the
ellipse. A shape like the original Cam-clay yield
locus might be better as long as the singularity
at the isotropic axis is removed.

b CONCLUS10NS

A soil model, capable of predicting many of the
observed features of the behaviour of ciay when
subjected to repeated loading, has been presented.
The model possesses most of the characteristics of
the former critical state models but with a simple,
yet important modification. This involves a
specified contraction of the yield surface as the
soil sample is unloaded (with the definition of
unloading as given above). With the introduction
of this modification an additional parameter must
also be defined. A valiue for this parameter may
be determined, in a straight forward manner, from

a laboratery triaxial test involving repeated,
undrained loading. For example, if the number of
cycles to failure Ng is measurced and the cyclie
deviator stress g, 1s known, the parametric resuits,
such as those presented in Figure 4, may be used to
infer a value for 8.

It should be emphasised that the model desecribed in
this paper cannot be expected te reproduce accur-
ately all features of the behaviour of a real clay
under monotonic and cyclic loading. Indeed, it is
believed that no mathematical model, that can be
used sensibly and economically for design calcula-
tions, is likely to achieve this modest aim. The
philosophy behind this work has been the need to
develop as simple a family of models as possible
that reproduce qualitatively the salient features
of cyclic behaviour of soils, and that are
expressed in terms of soil parameters that have
physical meaning and which can be easily measured
in conventional laboratory tests.

t
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Elastic Behavior of Normally Gonsolidated Clay

S. OHMAKI
Natlonal Research Institute of Fisheries Engineering, Hiralsuka, Japan

1 INTRODUCTION

In general, soil exhibits an irreversible stress-
strain behavior and a hysteresis loop in the
loading-unloading-reloading process. Such charact-
eristics are shown in both volumetric and shearing
strains. Therefore, in order to take such phenomenon
into account when formulating the stress-strain
relationship, it is neccesary to study the behavior
of soil after yielding, as well as during the
yielding process.

Some investigators have pointed out that there
might be two modes of soil yielding, i.e,, volum-
etric change and shearing deformation. They have
suggested that these characteristics should be
taken into account in formulating a stress-strain
relalionship (Poorcoshasb, 1966, Tatsuoka and
Ishihavra, 1974, Nishi and Esashi, 1978, Vermeer,
1978, Ohmaki, 1979},

Accordingiy, it Is assumed in this paper that
elastic as well as plastic strains can each be
divided inte two components cne of which is caused
by changes in the stress ratio and the other by
changes in the mean effective stress. In orvder to
clarify the properties of these two components of
elastic strain, two Rinds of loading-unloading-~
reloading tests were carried out. One was a cyclic
test of stress ratio, in which the mean effective
stress was kept constant and the other was a cyclic
test for mean effective stress, in which the stress
ratio was kept constant. Results of experiments in
which the stress ratio was decreased and the mean
effective stress was increased simultaneously are
also shown. Based vpon these experimental results,
a simple, empirical law for stress—strain behavior
under axisymmetric conditions is proposed,

2 PROCEDURE USED TOQ ANALYZE EXPERIMENTAL
RESULTS

Results cf drained shear tests on clay, performed
under triaxial compression and extension conditions,
are examined here, In the analysis, the following
parameters are used:

=1 1 ' =g -g ! -2
P 3 ( 9 + 2 9 2 1, = 9% B s My p?

- -2

- Eaxial *2 Erad * %2 T 3 Caxial = Sradl’

where, o' and 0_' denote axial and radial effect-

ive pringipal stresses, and © . and € duencte
axial rad

strains in axdial and radial directions, respective-
ly, of the cylindrical specimen.

Now, we express the increments, dv , of volumetric
strain and qu of deviatoric strain as follows:

dv = dv® + avP = av® + dv® + avP + a’ (1)
n p n p
= e P
dcn (dsa) + (dLa)
o (de 3 e P . \P
(e )P+ (de)S + (de )l + (e )P, (2)

where superscripts e and p denote elastic and
plastic components, respectively. Strain increments
with subscripts n and p will be called the n-
compenent and p-component of the strain. Experiment-
ally, we obtain the n-component of the volumetric
and deviatoric strain increments from triaxial tests
in which the stress ratio is increased or decreased
while p is kept constant. The p-component of these
increments is obtained from tests in which mean
effective stress is increased or decreased while the
stress ratio is kept constant. In tests where p and
n, change simultaneously, the strain increment
obtained is the sum of each component, as expressed
in aqs, (1) and (2).

in this paper, we consider only results of experi-
ments in which the stress ratio |n_| is decreased.
Thus the n-components of plastic strain increments,

dvg and éeﬁ, in equations (1) and {(2) drop out and

these equations can be rewritten as follows:
dv = av® + dvS & dvP
M vn o Vp (3)
= e e B
= +
dea (dea)n + (dsa)p (dea)p (4)

When (-de) is used to denote a decrement of the
void ratio, the following relationship is cbtained:

(~de)} = (L + e) dv (3)

3 SAMPLES AND} TEST PROCEDURES

The gray silty clay which was used in this study was
taken from Fujinomori, in the southern part of Kyoto
Prefecture, Japan. Its liquid limit is 43.6 % and
plastic limit 26,1 %Z. The texture of this soil is as
follows: c¢lay 17.5 %, silt 50.8 % and sand 31.7 %.
The specific gravity is 2.648. The sample used in
the experiment was remoulded and reconseolidated.
Details of the-sample preparation are described in
another paper (Ohmaki, 1979). Samples were trimmed
to cylindrical specimens 35 mm in diameter and 79 om
In height. They were placed in a triaxlal celi and
covered with rubber membrancs, For cosselldation and
shearing, samples were placed on a pedestal and
converted to porous stone by draining through Filter
paper. Frictionless end platens were used which wers
covered with rubber membranes, lubricated with
gillcone preasc. During the tests, the volume of
wiler expelled from Lhe speoclmen was measured with o
burctte and the dlsplacement at the top of the
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gpecimen was measured with a dial gauge, through
the loading piston. All the tests were performed
under controlled stress conditions in a temperature
contrelled room set at 20 % 0.5 °C.

4 EXPERIMENTAL RESULTS
4,1 Results of constant p tests

Figure 1 shows results of thé loading-unloading-
reloading tests for stress ratie, n_ , performed
under triaxial compression and extension, with p
held constant (= 2 kgf/cm®). The relationship
between T)_ and £_ 1is shown in Figure 1(a). It is
evident in this Tigure that the hysteresis loop is
small if the amplitude of the shear stress ratio is
small. Figure 1(b) shows the relationship between
volumetric strain, v , and stress ratio, na . In
this figure it can be seen that, when the amplitude
of n_ is small, the specimen always contracts in
both"unloading and reloading under triaxial comp-
ression and extension. On the other hand, where the
amplitude of n, is large, the soil specimen tends to
dilate.

Next, results of simple unloading tests for n_ with
p kept constant are shown. The stress paths used are
shown in Figure 2. Scil specimen were consclidated

isotropically by increasing the value of p in steps,
0.5, 1.0, 2.0 and 4.0 kgf/em?, at two day intervals.
Then, after the specimen was sheared to the stress

ratio LW with p kept constant, the shear stress was

reduced step by step, as shown in Figure 2. The
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specimen was both loaded and unloaded in steps,
separated by one day intervals, These steps are
indicated by plots in Figures 3 and 4. For tests
where p equals 2 kgf/em®, 0.25, 0.50, 0.75, .00
and 1.25 were taken as values of n__, . However, for
tests where p equals 1.0 and 4.0 “kgf/em?, a n
value of 0.75 was used. Test results are shows in
Figure 3. 1t 1s apparent in Figure 3{(a) that n_"

€, curves are parallel to each other irrespective of
n. . 1t is also apparent in Figures 3(b) and {(c}
tBit v v 1 curves as well as {-8e} v n_ curves are
parallel irrespective of n_. . Figure 4%shows the
results of unioading tests for n_. equal to 0,75
with p kept constant (= 1.0, 2.0%and 4.0 kgflem?),
In Figure 4{(a) the n_ "~ £ _ curves are parallel to
each 'other during unioading, although during loading
they are fairly different, depending on the value of
p. In Figure 4(b) the n_ v v curves are alsoc
parallel to each other 3uring unloading.

Now, we have seen from the unloading and reloading
tests under constant p, that n_ " g_ curves under
this condition are parallel to each other and that
n, "% v curves are independent of p. These properties
are idealized in TFigure 5. That is, we assume that
the relationship between normalized stress ratie
tna/M| and |e_| during unloading and reloading under
conistant p, wiere M is the stress ratio [n | at
failure, can be expressed as a straight line with a
slope of G. Another idealized relationship is shown
in Figure 5(b}, in which it is likewilse assumed that
the relationship between v and |na/M| can be
cxpressed as a straight line with™a slope of + d and
that the specimen always contracts under the
conditions described above.
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As a results of these assumptions, strain increments
under the above conditions are expressed as follows.

d
dv: =5 |an, | (6)
G
(de )y = g dn, n

It is reasonable in these equations that M take the
vilue corresponding to triaxial compression or
extension. An expression similar to equation (6) is
used by Karube and Kurihara (1966).

4.2 Results of the constant na tests

Next we show the results of tests in which mean
effective principal stress was loaded, unloaded and
reloaded while keeping the stress ratio constant
(constant na). Figure 6 shows the stress paths used
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in rhese tests. Tests were carried out as Follows:
After the specimens were consolidated isotropically
at p equal to 0.5 kgf/cem? for one day, they were
sheared under triaxial compression and extension to
the stress ratio n_, , while p was kept constant,
Then, p, the mean g%fective stress, was increased,
decreased and again inecreased, while n_ was kept
constant {= n_.). This was done in steps, indicated
in Figure &, séparated by one day intervals.

In Figure 7, (-0e) " log p data from these tests are
plotted. For these tests the (-8e) ~ log p curves

for swelling and recompression are parallel to each
other and independent of Ny - Therefore we can say

oo} i

Qa = 0a-Te (kg/cma)
3
(@]
(8]
@]

Figure 6 Stress paths of cyclic tests of p

¢ (kglem®
5 ]
§2..
"o,
@D ol
T
Qp l.-l ¥
Ol 1g)
1‘; -‘ﬂ la
B b T
Fe 043
[+ -080
L+ -075
OS:,I 14l
Figure 7 e ™ log p plots of
cyclic tests of p
. al
YT O v (%) swelling o
085 o3 02 g o 2
TO50 L1 el b e
s 075 A et
= 100 . Tl
+ =023
_ - -043 (@
# + «080
~04f * *O.?T‘ﬁ;' P e
.\5 [ recompression ‘1'“%;\:‘\9 (e..,c__;\o,\‘/ _ -
oY T
'—f .zﬁ.;’/ L o,
& 7 - v {%)
o P
o
W
-03
Figure 8 e_ v v relations during {(a) swelling,

{b) recompression with stress ratio
kepl constanl



that the slope of these curves is equal to the
swelling index, Cs (= 0.043}, of the isotropic
swelling test. Here we take 0.244 as the value of
the compression index, Cc¢ , from the virgin consoli-
dation curve in this figure. The relationshipg
between £_ and v during the swelling and recomp-
ression parts of these tests are shown in Figure 8
(a) and (b), respectively. It is apparent in
Figure 8(a) that e_ is negligibly small compared
with v , and it tefids to decrease slightly as v
decreases., Since this tendency appeared in the test
performed under isotropic stress conditioms, it is
considered to be due to anisotropy inherent in the
specimen. Figure 8(b) shows relationships between

£  and v during recompression. Dashed portions of
ciirves denote regions of overconsolidaton and solid
portions denote normal comsolidation. It can be
seen in this figure that slopes of £_ v v curves
increase gradually as mn_, increases and that
curves are tonvex towards the v—axis. That is,
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Figure 9 Stress paths of the unloading
tests with Ua' kept constant
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deformation of the specimen is not isotropic. Using
the results of the swelligg tests, we gan express
the strain increments, dv_ , and (df-:a)p , as follows:

e K d
ave = g o8 (8
(e )0 =0, (9

where K = 0.434 Cs .
4.3 Results of tests in which dp > 0 and éna <0

Here we present results of tests carried out along
stress paths where dp » 0 and dn, < 0. Twe kinds of
experiments were conducted, which we will call
series 1 and series 2 tests.

Tirst we will describe the results of series 1 tests,
in which each specimen was sheared to stress ratio
n_. while p was held constant, after being isotro-
pitally consolidated to the mean effective stress,
p. . Then, radial stress was increased and therefore
stress ratio n. was decreased while axial stress was
kept constant, Each experiment was proceeded in
steps, as indleated (by small circles) In Figure 9,
separated by one day Intervals, Ieltlal stress
values in these unloading tests correspond to thosc
shown in Figure 2.

Pigure 10 shows results of tests in which the value
of n_. was varied while p, was kept constant (= 2
kgf/%ﬁz). Figure 1l shows results of tests in which
p, was varied, while n_, was held constant (= 0.75).
In these figures, the g%ress—strain curves for the
unleading tests in which p was held constant
(Figures 3 and 4) are represented by solid lines.
The initial unloading points of these curves
coincides with those of the corresponding tests
indicated by plots im this figure. Also in these
figures, analytical curves to be described later are
represented by dashed limes. In Figrres i0(b) and
11(b), n. v v curves are quite similar to each other
a
and independent of N.s and By -

Next, we examine the results of scries 2 tests.
Figure 12 shows the strvess paths used. Tests were

Figure 11 Comparlson between experimental
and analytical results of
constant 0“' Lests (n_]i = (},75)



performed in the same manner as in series 1, The
stress conditions at initial unloading points for
all tests were: p, = 2 kgf/em? and N = 0.75.

In Figure 13 results of each test are plotted. The
dashed lines are analytical cutves {(described
below). It is apparent in Figure 13{(a) that the n
" ¢ relationships for these tests are almost
identical, irrespective of stress paths.

5 ANALYTICAL RESULTS

We have already shown that the n_ v e relation—
ships during unleoading are almos tdefitical to the
results of tests in which p was kept constant
(Figures 10(a), 11(a) and 13{a)}. Similar results
have already been shown by Balasubramaniam (1975).
Taking these facts dmto account, the following
equation can be reasonably assumed in equation (4)
when [na| is decreased.

(aea)g =0 (1)

Next we examine the volumetriec behavior of soil
specimens., Figures 14 and 15 show the relationship
between {{(-8e) -~ (-8e)_} and (-Se) , where {-e)
represents a decrease In the void Batic from the
initial unloading point of the corresponding const-
ant p test, and {~8e) also represents a decrease in
the void ratio, calculated as follows:

-§e} = A In Bu 11

( )p 5 (113
In this caleulation A = 0.434 Cc and Co denctes the
compression index. From Figure 7, we know Ce is
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Figure 12 Stress paths of the unleoading
tests of series 2
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equal to 0.244. In Figure 14 the data polnts which
all lie clearly below the dashed line with a slope
of one, have been approximated by two straight
lines. Here we denote the value of {(-8e) - (-Ge)_ 1}
at the point where the two lines intersect by Aep ',
Figure 16 shows this relationship schematically in
an e, {=e - (uﬁe)n} % In p plane. It is clear from

this figure that when n_ is decreased and p is
simultaneously increaseﬁ, after the specimen is
sheared under constant p (= p,), the woid ratio e
is decreased by Aeg along a line of slope § (< A)?
and then along a line which has a slope equal zo A.
This phenomenon is a sort of p -effect, resulting
from a sudden change of stress paths.

For the portion of the line where {(~ée) - (-Se) }
< Aey we denote the slope by i, and obtain the ﬂ
relationship, £ = i-A. if p_ denotes the value of p
at the point where the two iines in Figure 16
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intersect, we obtain the following equation.

4
Beo = ¢ ln == {12)
P
i

It is reasonable to agssume from equation (12) that
pc/pi is constant aince it is clear in Figures l&

and 15 that Aep and 1 are almost constant, irres-
pective of Py and Ny - Thus, when (—6e)p s hey ,

P_L-kdp
dvp *i¥ep (13)
and when (-ée)p > heg , dvg can be expressed as:

A=tk d
dVE “1+e ER : 14)

From Figures l4 and 15, we obtain the following.
Aeg = 0,0106, pC/pi = 1.3%, g = 0.040

In Figure 9 the constant, p = p,. = 1.31 p, , 1is
expressed by the dashed line. . It is clear in this
figure that most or all of the unloading process
does not reach pc when L is small. As a result,

the following relationships are'obtained from tests
with stress paths treated in this paper (dp > O,
dn, < 0). h

- e_ ¢
de, = (dea)n 7 dn, {15)
-4 L (or A) dp
dv M Idna‘ + 1+4+e P (18)

snalytical results represented by the dashed curves
in Figure 10, 11 and 13 were calculated using
equations {15) and (16). Values of parameters used
in these calculations are shown in Table 1. In
Figures 10, 11 and 13, points corresponding to the
points of intersection of the two lines in Figure 16
are shown as p,. points. Reasonable agreement was

obtained hetween experimental and analytical
results.
6 CONCLUSIONS

In this paper the elastic strain of soll 1s assumed
to conelst of two components, one caused by changes
in stress ratio and the other by changes in mean
effective stress. These components of elastic strain
were studied by conducting by triaxilal dralned tests
with various stress paths. From these tests the
following conclusions were weached,

1) From the loading-unleading-reloading tests in

2-132

Table 1
Values of parameters used in the analysis

A 0.106 Aeg  0.0106
Me 1.50 d 0.0067
[ 0.040 G 0.0065

which the stress ratio was varied while the mean
effective siress was kept constant, n_/M ~ e

curve has the same slope during unloaﬁing as during
reloading. The slope of the n_/M v e curve under
triaxial compression is almos? equalato that of the
same curve under triaxial extension. On the other
hand, for volumetric strain, we cbserved irrevers-
ible behavior.

2) During unloading and reloading of p with n_ kept
constant, e v log p curves exhibited nearly the same
slope irrespective of n, - Changes in deviatoric
strain during swelling, while 1 is kept constant,
are megligible. However, in relcading, the distort-
tonal strain increases gradually as p increases,

3) When the stress ratie is decreased and the mean
effective stress is increased, the soll specimen
shows the so-called p -~effect in the relationship
between e {= & - (-G&)_} and ln p. In these tests
the n, n P €, curves did not appear to be

influenced by the effective stress paths.
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Acceleration Waves in a Granular Medium with Critical State
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SUMMARY :
media Ly investigated.

assmptions they appear to be considerably different.

Propagaticon of acceleration waves in three different rate-type constitutive models Tor granular
Each of the models possesses a critical state, but in regard to other constitutive
Nevertheliess, we find similarities in the spocds

of propagation of acceleration waves. all three models yield the same speed for transverse waves, bolh
for loading and unloading processes. Birefringence of transverse waves occurs in all but very special
initial stress regimes. Longitudinal wave speeds differ for the three models for loading processes, but
are similar for unloading processes. Longitudinal wave speeds need not exceed transverse wave speeds but

longitudinal waves exhibit material attenuation.
i, INTRODUCTION

Accurate characterization of the stress-strain
response of soils and other granular media
continues to pose a serious problem in the develop~
ment of analytic theories and engineering soluticns
to questions involving foundations and earthworks.
The non-linear, hysteretic, and dilatant nature of
real soil is, at hest, very difficult to medel
mathematically. Perhaps the most noteworthy

work in this field is that performed at Cambridge
University under the general heading of critical
state theories. From a qualitative standpoint,

at least, the critical state concept appeaxs to
account for most of the commonly obscrved response
charactoristices of real soils. One of the more
convenient ways to employ the critical state
concept is in a rate-type constitutive medel. Rate-
type descriptions differ from conventicnal plast-
icity descriptions in that the material response
is entirely smooth and computational efficiency

is greatly enhanced, For these and other reasons,
the rate-type approach to soil modelling has
gained wide spread acceptance, and a large number
of models have been put forward.

Unfortunately, proliferation of material models is
not always accompanied by analysis and comparison.
This seems to be true for the critical state
family of models (with the noteworthy exception

of the recent paper by Gudehus, 1979). In the
present paper, we attempt to compare three recent
rate-type theories (Romano, 1974; Davis and
Mullenger 1978 and 1979) by analysing their propa-
gation characteristics for acceleration waves.

We find that the models, while apparently guite
different, yield many similar results, especially
for the case of transverse waves.

In section 2 we briefly summarize each of the

three models. Section 3 considers the general
propagation condition and acoustic tensor for
rate-type materials., Sections 4 and 5 consider
transverse waves and longitudinal waves, respec-
tively, in each of the three models. We use direct
tensor notation where appropriate.
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2. CONSTITUTIVE EQUATIONS

The constitutive equation for a rate-type material
has the general form {Truesdell and Noll, 1965)

o

T=6 (?1 P2, ?) {1)
where G is an isctropic tensor functicn whose
arguaments are the stress tensor 7, the mass
density p, and the rate of deformation tensor

D. The left hand side of {l) is the co-rotational
Stress rate

T=49-WT4+THW (2)

{o]

where W is the spin tensor and the superposed dot
implies differehtiation with respect to time. IE
the function G is assumed to be linear in D and

polynomial in"T, then the most general form of {1}

T=(g tro+g, trTD+ g, tr oy 1

+ (g4 tr D + 9 tr TD + g6 tr TZD) T

2
+ {g7 ty D + dg tr T E + g9 tr ? ?) ?
+ 910 D + 911 (DT + T E)
+4g,,{D 4 'rzn) (3
where the coefficients 9., ..., g are functions

of the invariants of T anhd densit¥ p. We considex
only the special case of (3} where

93 = g T 97 T 95 T 99 T 9y T T 0

Thus the general material constitutive relation
and starting point for each of the three special
models is

T = t
T = (gl r

(=]

+ 9, tr E D} }

+ (g4 tr D + g5 tr T D) T+ g D



All quantities here refer to the skeleton of solid
particles of the granular medium. If a pore fluid
is present, then the stress tensor T is the effec-
tive stress. The density np represents the mass of
solid particles per upit volume.

Introducing the mean stress p and stress deviator
tensor T*

pr-junmoTrel

(4) can be decomposed into two equations describing
spherical and deviatoric respense

- 21
B = -lgy — 9P - GuP F IgP + FIyy) LD
- - * *
(g, - ggp) tr I* D

.2 2
(4% = gy + g5 9} br TED*

W=

2
+{gy - 9Pl g trbh (6}

where q denotes the square root of the second
invariant of T*

2
g = tr TrT {7)
and D* is the deviatoric rate of deformation tensor

D* =D -

L=

(tr E} i (8)

The three constitutive models we consider below,
differ in their motivation for, and ultimate

choice of, the five response ccoefficients g,

Gye Ty Fgr and g, .. All, however, are guiéed by
tge eritical stat@ concept which assumes the
existence of a unigue critical mean stress, denoted
p... which is only a function of the density p.

The function Py ™ P (p) is called the critical
state pressure. In addition, each model employs

a Drucker-Prager failure criterion of the form

q S Mp (9}

where M is a dimensionless material constant,

If p = P, and g = Mp, then the material is said
to be at the gritical state and it is assumed that
plastic flow may occur without change in volume.
Each model employs the basic assumption that the
constitutive coefficients may differ in loading
and uniocading processes. Generally, loading is
assumed to cceur when the rate of working of the
stress is positive. In the three subsections
below, we summarize the choice of constitutive
coefficients for each of the models.

2.1 The Model of Romano (1974)

For loading processes, Romano made the following
constitutive assumptions

1 -
9+ 3 99 - 9P =T (BeD)
___2p__ (g~ Mp){Moe - Mp|
9 iy 2 b
PC
g, = - 2up {10}
4 wlp 2
pc
g, = 2
5 sz 2
o
g10= - 2“
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Here | represents the initial or small strain
shear modulus of the granular medium, b is a
material constant with dimensions of (stresas)™,
and I' is a complex function of mean sbress and
density which plays the role of the tangent buik
modulus of the medium. For unleoading processes,
Romano set

E3

gy +F 9 =T, @
9, =9,=95=0 {11)
9 ™ i

where I' 2> I' is the unloading buik medulus. The
exact forms of the functions I' and I' were chosen
to represent typical void ratio-mean stress
response of soil. Since the functions are complex
and add nothing to the present discussion, we

omit them here and refer to Romano's original
paper. The initial shear modulus U was assumed

to depend upon the socil density. 1Its precise

form may also be found in Romano's paper.

2.2 The Model of Davis and Mullenger (1978)

Davis and Mullenger {1978) made the following
constitutive assumpticns for loading processes

1
gyt 39 - e =T @0
2p
g, = - S
2 o
oY
_ _ |Fer 2u
9, = [D] = (12)
M'p
Y
g = - [E’s} 2u
5 P up?
9.0 = ¥

where || is the initial shear moduius, ¥ is a
constant, pc = p (p) called the critical density,
is the inverted form of the critical state
pressure function p_ = p_(p}, and I' is the
tangent bulk modulus. For unloading processes,
the following assumptions were made

1
9, 595" 9p =T, /0)
- 2y
EP R
Mp
¥
[+
c 2
9, =- B ["E'] =L (13)
Mp
¥
g. = - B qu 2u
5 p M2p2
90 = W
where I' = I' is the unloading bulk modulus and

B £ 0 is a constant. The precise forms of the
functions T and ' in {(12) and (13) are different
from those in (10} and (11), but the two functions
play the same role in the respective models.

Davis and Mullenger assumed U to depend upon p
rather than p, but again, the fundamental role of
the function is the same for both models.



Precise forms of ' and ' (with slightly different
notation) and of W may be found in Davis and
Mullenger's paper (1978).

2.3 The Model of Davis and Mullenger (1979)

The impression that the above two models, as well
as others of the same genre, were unnecessarily
complex led Davis and Mullenger to suggest a
second simpiified rate-type deseription for soil.
The constitutive coefficients for this model, for
leoading processes, were

2
g =" 3 H
.
927 9y 2o 2
P
{14)
_ 2y
% T T 22
Pe
90 = 21
and for unloading processes
. 1 1
LA
" J
99 T 9y T 95 = 0 (15}

= 2

Comparison of (14) and (15} with the preceeding
two models reveals considerable simplification.
No special material parameters such as b or y are
present, and no bulk modulus function is required
(although a bulk modulus is implied as we discuss
below). The small strain modulus | was assumed
to be a function of density.

3. ACCELERATICN WAVES

The term acceleration wave refers to the propa-
gation of discontinuities in acceleration and
the spatial derivatives of the stress tensor,
While stress and wvelocity remain centinuous, theip
derivatives may suffer discontinuous jumps in
crossing singular surfaces within the material.
The propagation condition for a rate-type material
is
A

O o poua 0e)
wWhere @ 15 the-amplitude, U is the speed of propa-
gation, and Q is the acoustic tensor which
depends upon the unit normal to the wave Ffront n.
Principal waves result when the vector n is
aligned with one of the three principal directions
of stress. Let us assume the co-oxdinate frame
aligns with the principal directions of stress so
that

it]l = 0 o 0 (17)

L, 0 0 g,

where o, © and 0, are the principal stresses.
No ordering of magnitude among Gyr Uy and g, is
implicd here.  If we now consider tho case nl
wave front with unit normal n = (}, 0, 0), Lhun
Ly wave is a principal wave, and the voustie
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tensor corresponding to the constitutive relation
(4} follows as a special case of the hypo-elastic
accoustic tensor derived by Truesdell (1963).

_ 2
otn) = {gy *+ g10 90), " 9% 97 0@

o
L=

1
+ 3l v o) 1 - (18)

where n @ n represents the tensor product of n
with itsel¥. The speed of propagation now £5llows
from {(16) by taking a to be a unit vector aligned
with n {for longitudinal waves) or perpendicular
to n {for transverse waves). Thus, letting ull
dencte the longitudinal wave speed, we have
u 2. + + + 2 1
Pl =9y F90% 6+ 9y 0y + 950, (19
Similarly, letting U., and U denote speeds of

the two transverse waves, poiarlzed in the 2 and
3 directions,

2

1

PU, =30 -0

2_1
3

17T

%10
{20)

[ ST S

(o, - 03) +

! 1 %10

We will consider the cases of longitudinal and
transverse waves separately, beginning with trans-
varse waves because they are simpler.

4. TRANSVERSE WAVES

In all of the equations (10), (1), {(12), (13),
{14} , and {(15) the coefficient g has the value
21, Thus, for all three medels, in both lcading
and unloading processes, the speeds of propagation
of transverse waves will be

2
PU, =
2

PU, =

(01—02) o
(21)

W e

(01 -03} LT

Thus the only difference between the three models
lies in the exact functional form chosen for U.
Moreover, we see that both loading and unloading
transverse waves propagate with the same speed
implying that such waves will not exhibit material
attenuation. Subtracting equations (21) yields

8] (U122 - ”132) = % (03 - 02) {122)
exhibiting Lhe focl Ghal LransSverse waves
polarized in different directions will not, in
general, propagate with the same speeds. Thus
all three models possess the property of acoustic
birefringence.

5. LONGITUDINAL WAVES

We shall consider only the special case of
biaxial stress, where 0, = 0, . First consider
unloading processes. For thé model of Romano,
using (11) in (19) gives
2 4
o] Ull = Fu + T H (23)

For Davis and Mullenger (1978), use of (13) in
(19) gives

2 P 2u pc]Y
0 Ull = Iu + 3 u - B // [p + TTJ 011

(21)



where the relationship p + u = = ¢ has been
used. For Davis and Mullenger (19%9), use of {15}
in (19) gives

o} Ull =0T + % u {25}

- 2 {26)
Ty =73

Comparing (23}, (24}, and (25) we find several
similarities. If B in {24) is set egual fo zero,
(23) results. Thus, for one particular choice of
material parameter, the models of Romano and Davis
and Mullenger (1978) are equivalent. In (25), we
have used the implied value for the bulk modulus
given by {28). With this interpretation, the
simplified model of Davis and Mullenger (1979) is
oquivalent to that of Romano. In fackt, the two
models do not yield exactly the same unloading
wave speeds, since Romano's functional form for

I' is different from (26). Nevertheless, the two
models are qualitatively equivalent. For the

case where 8 is different from zero, (24} may give
a propagation speed considerably different from
(23} or (25).

Rext, consider loading processes. For Romano,
use of (10} in (19) gives

2
2. LTI L=
p =T +sg¥ 2

3MP
c

P U
(27}

windy

M
= (g - e p, - ol

-/

For Davis and Mullenger (1978), use of (12} in

(19) gives
oY
: 4 /2 2ng lc 0,1 (28
pUy, T =g 3.32[ kp] L

And for Davis and Mullenger {1979), use of {14)
in (19) gives

2 4 o _2u 2
P Y, ~F+3u 55 B, + 0y) {29)
M pc

In (27), {28), and (22) we have again used the
fact that p + 012= gx— q, and in (29) we have set
' equal to 2u/M°, thé implied bulk moduius for
the simplified model.

There are several conclusions that may be drawn
from inspection of (27}, (28), and (29). First,
comparing the loading velocities with their
counterparts for unloading given by (23), (24},
and (25), it is evident that loading and unloading
longitudinal waves will generally propagate with
Gifferent speeds. Closer inspection shows that
loading waves will always propagate either slower
or at the same velocity as unloading waves. In
the special case where the stress is isotropic
{i.e. =g,), (27) and (28) will agree
with {2%) ané (24? provided I' and Pu are
jdentical. In all other cases, the leoading wave
will propagate more slewly. Thus, in general,
lengitudinal waves in all three models will
exhibit material attenuation.

Next note that the term

2
/gf‘ ta - up)|p, ~ pl
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in {27) will yenerally be much smaller bhan the
other terms in that equation. This occurs because
the magnitudes of the stresses p and g will be
much less than the medulii I and 3. Also, Romano's
suggested value for the parameter b is guite large.
Thus, if we ignore the last term in (27) we see
that all three models have roughly similar forms
for the speed of propagation of loading waves.

This similarity becomes striking for the special
case where p = Par For this case P. 7 P and all
three equations reduce to

2
2
B SV . W

P Y5 t3Mo3 (30)

2
M

Py
Pursuing the same vein, if the material is at the

critical state, then g = Mpc and (30} becomes
simply

n Ull =T (31)
for all three models.

Finally, we note that there is no assurance in
any of the three models that longitudinal waves
will propagate faster than transverse waves.
whether this will be so o not depends entirely
upon the exact choice ¢f material parameters.
This fact might be employed as a constraint on
the cheoice of material parameters in the use of
any of the medels.

6. CONCLUSIONS

Our comments above seek to compare and perhaps
clarify the three constitutive models, but not

to criticise one or favour ancther. In fact,

from the standpoint of wave propagation, all

three appear to be surprisingly similar. Whether
this similarity extends to other conditions of
stress or deformation is not clear. Nevertheless,
wave mechanics has bean one of the primary tools
for investigation of material behaviour, both
experimentally and analytically, for more than a
century. Fundamental differences are emphasized
and similarities are easily placed in perspective.
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SUMMARY :

A number of published rock mass classification systems are applied to the assessment of
unsupported openings within the dolomitic shales at the Mount Isa Mine.

2 statistical model for local

variesbility in the intensity of fracturing within the shales serves as a basis for the structural data

input,
Poseible improvements in the systems are suggested.,

Results of the analysis are presented and limitations of the classification systems are discussed.
Past mining experience at the mine indicates that

the classification systems yield conservative estimates for some rock mass parameters.

1. INTRCDUCTION

One of the principal objectives of rock engineering
is the estimate of the immediate and long-term
stability of structures that are excavated in rxock
masses. This necessitates a guantitative evaiuation
of those physical and mechanical properties of rock
masses which govern their strength and deformation
charactexistics.

The need for a relatively simple rock mass
classification for practical engineering purposes
has been long recognised and numerous proposals
have been made over the last 40-50 years.

Ideally, a classification system suitable for
mining of unsupported, open stopes should yield
information on the permissible dimensions for such
openings, strength of the rock mass to enable
pillar design, modulus of the mass to permit
prediction and interpretation of obsexved
displacements during mining, and information for
estimates of the sffect of stress changes on each
of the above parameters. This information is
necessary for the optimum design of stopes that are
to be extracted at progressively deeper levels
within mines.

2. ROCK MASS CLASSIFICATION SYSTEMS
2.1 Scope of the Analysis

The aim of the present study is to assess the
usefulness and limitations of a number of published
classification systems,

Table I lists the rock mass classification systems
included in the present assessment.

Table I

Classification Source

(i) Rock Quality
Designation (RQD)
{ii) Pissuration Factor

Deere et al. (1966)

(C} Hansagi {1965)
{iii) Rock Mass Rating

{RMR) Bieniawski (1973, 1976)
{iv) Rock Mass Quality

Q) Barton et al. {(1974)
(v) Modified Rock Mass Laubscher and Taylor

Rating (Mod.RMR) {1976}
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2.2 Required Input Parameters

A detailed description of each system is outside
the scope of this paper. Eowever, to maintain
clarity, the required input parameters are briefly
listed in Table II.

Table IT
Input Parameters

Cumulative proportion of diamond drill
core segments greater than 0.1 m
within a selected depth of borehole.

System
ROD~Index

C-Factor Various parameters based on core
diameter and lengths of racovered

segments .

RMR Unconfined compressive strength, RQD,
spacing, orientation and condition of
fractures, groundwater and limited
number of excavation types.

Q ROD, number of fracture sets, roughness
and degree of alteration along weakest
fractures, groundwater, rock stresses,
excavation type.

Mod . RMR A more detailed knowledge of parameters
listed for RMR (with an associated
different classification rating), plus
adjustments for the effect of weathering
field and mining induced stresses, ané
mining technicue.

3. GEQOLOGICAL INPUT FOR MOURT ISA

The lead-zinc orebodies at Mount Isa Mine are
essentially tabular and trend parallel to bedding.
The average dip of bedding is 65° f£rom horizental.
The ore is currently being mined by cut-and-fill
and sub~level open stoping methods. The hanging-
wall and footwall of stopes are defined by moder--
ately to highly jointed and bedded shales.

The analysis is based on Orebodies 5, 7 and 11
within the dolomitic shales at the Mount Isa Mine.
These are purposely selected to embrace the ful:
range of ground conditions encountered in the
lead-zinc orebodies.



3.1 Model for FPracture Orientation

Four principal fracture sets and several other
locally common sets were differentiated for the
dolomitic shales at the mine (Baczynski, 1974}.
The range of orientations for each set is
represented on a lower hemisphere, equal area,
sterecgraphic projection plot of poles to fracture
planes in Figure 1.

Principul fracture Sets

Figure 1 - Orientation of Fracture Sets at Mount
Isa Mine.

3.2 Model for Fracture Spacing

Model for the variability in the intensity of
fractures within the mine shales is based on the
"zonal" concept for the spatial distribution of
fractures in rock. The writer describes the basis
for this model elsewhere (Baczynski, 1980). The
mean intensity for each fracture set is indicated
below.

3.3 Model for ROD-Index

As this parameter was not determined duxing field
mapping, it was necessary to establish a correlation
between fracture frequency and RQD-index rating on
basis of diamond drill core data.

A literature survey on the topic indicates marked
differences between the varicus published correlations.
The mean trends adapted from Deere et al (1966) for-
a metamorphic rock type and proposed by Barton et al
(1975) for essentially igneous rock types, by Priest
and Hudson (1978} for sedimentary rocks, and by
Kulhawy (1978) from theoretical considerations, are
illustrated in Figqure 2,

S
h=4 & 5629
N
aF &VN by %
- &
A SOTRINNGG
o 2 e ~ rfy)
2 & N ENBR
C ol - CRYE
o 3 7o, %,
=] O N¥,
o g < 1Y udy,
g ~28) 2 {197
[~} | L 1 -.--..“"'n
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AVERAGE NUMBER OF FRACTURES PER METRE

Figure 2 - Summary of Published RQD-Fracture
Frequency Correlations.

It is apparent from these results that no single
method can be considered to have universal
application.

Figure 3 illustrates the correlation established for
the dolomitic shales at the mine. This relationship
ig in extremely good accord with the results of
Priest and Hudson (1976), especially for fracture
frequencies less than 20 per metre. The trend at
higher fracture frequencies is poorly defined
because of lack of appropriate data.

Table III 8
b 5630,
Mean in situ Intensity and Corresponding Spacing ol
Set No. Intensity {mn/m?) Spacing (m} e @ * .
=2
1 2,17 0.46 o%° )
2 2.17 0.46 T gt
3 1.12 0.89 S 3
4 0.24 4.2 = —~—
5 0.12 8.2 | | L=~
° 0.2 o o 1 20 30 40
* ) AVERAGE NUMBER OF FRACTURES PER METRE
8 0.23 4.3
4 0.15 6.7
10 0.12 8.3
ii Eg 8;:;23§; g'g g“i; Figure 3 -~ Relationship Between Fracture Fregquency
11 {11 Orebody) 15.6 0.06 and RQD for Dolomitic Shales at Mount

Field investigations suggest that there is no
correlation between the intensity of bedding plane
partings (Set No. 1l1) and other fracture sets
withirn the shales.

Isa Mine.

It is interesting to note that both the Mount Isa
and Priest and Hudson {1976) trends were established
for sedimentary strata. ‘these results suggest that
one ¢f the governing factoxs in the observed
relationships is rock type. However, more evidence
is necessary to confirm this suggestion.
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3.4 Model for C~Factor Index

This index was not determined from diamond drill
cores, but was derived on the basis of
transformations between RQD and C-Factor published
by Granstrom (196%) and later by Roberts {1977).
The relationship between fracture frequency, RQD
and C-Factor for the present study is summarized in
Table IV. Non-tabulated values may be approximated
by linear interpolation.

Table IV

Relationship Between RQD and C-Factor for Mount Isa

Fracture Frequency/m ROD C-Factor
0.0 100 1.00
3.0 95 G.79
5.5 90 0.65
7.0 a5 0.56
8.5 80 0.50
9.5 75 0.45
24.0 22 0.13
56.0 [ 0.00

3.5 Model for Strength and Modulus

The mean unconfined compressive and tensile strengths
of the intact rock cores are assumed to be 180 MPa
and 20 MPa, respectively.

The mean Young's modulus of the cores is 100 GPa.

3.6 Model for Condition of Fractures

The relative frequency per metre of core of bedding
plane partings (Set No. 11) that may be classed as
“planar fractures with slickensided, graphitic
surfaces" may be described by means of a normal
probability density function with mean of 0.42 ang
standard deviation of 0.26.

The remainder of the partings and all other
fractures (i.e., Set Nos. )1-10} may be broadly
classed as "discontinuous fractures with slightly
rough surfaces which have a separation of less than
1 mm and hard wall rock” {(Baxrton et al, 1974 and
Bieniawski, 1973).

Although the broad classification cannot be
considered to be universally applicable, it was
necessary to characterize the fractures within a
particular class for purposes of the analysis.

The analysis does not extend to mine areas where
major, gouge-infilled faults are present.

3.7 Model for Stress Pield

Three principal stresses are assumed to be 36 MPa,
26 MPa and 16 MPa, respectively; with the major
principal stress acting normal to bedding.

3.8 Model for Groundwater and Weathering
Both parameters are assumed to be negligible for
parposes of the analysis.

3.9 Mining Technigues

A classification of just below "good conventional

blasting" as designated in Laubscher and Taylox
{1976) is assumed for the mine.

4. METHOD OF ANAELYSIS

Both the RQD-Index and C-Factor ratings were
determined directly from the statistical medel for
local variability in the intensity of fracturing
within the mine shales.

A simple computer program based on the "Monte Carlo"
method (Hammersley and Handscomb, 1964) was written
and used to statistically assess the ranges of

BEMR-, Q- and Mod.RMR-index ratings for the hanging-
wall shales of the orebodies investigated.
Statistical probability density function for
classification ratings was derived on the basis of
a sample of 1000 randomly generatedtest blocks
with respect to each selected block dimension.

The aim of the analyses was to evaluate the iocal
variability in ground conditions within single
stopes as well as the overall variability in mean
ground conditions between stopes within particular
orebodies.

All results are expressed in terms of means and
ranges of values withirn 2 standard deviations about
the mean. This range accounts for 95 per cent of
values that may be anticipated within the hangingwall

shales. The probability that poorer conditions
exist is 0.025.

5. PRESENTATION AND DISCUSSION OF RESULTS
5.1 Rock Mass Strength

The ranges of unconfined compressive and tensile
rock mass strengths deduced for the three orebody
hangingwalls on the basis of the strength reduction
factor proposed by Hansagi (1965) are summarized in
Table V. Estimates of rock mass friction angles
based on Bieniawski (1976} are also indicated in
this table.

The estimates appear to be ir reasonable accord with
the values commenly assumed at the mine for design
purposes.

The estimate of the mean pillar unconfined compress—
ive strength for Orebody No.7 on the basis of the
C-Factor is 87 MPa. This compares well with the

90 MPa suggested by Brady (1977) from back-analysis
of experimental stoping in that orebedy.

Although the results permit the construction of
simple Mohr-envelopes for the rock mass, it must be
emphasized that the shape of the resulting envelopes
is directly related to the magnitude of the values
assumed for the mean strengths of intact rock cores.

The use of the C-Factor method should be restricted
to rock masses with similar ground conditions to
those studied by Hansagi (1965).

5.2 Rock Mass Modulus

Rock mass modulus estimates based on RQD, as deritod
by Coon and Merritt (1970) and Cording et al., (1971},
as well as estimates on basis of RMR-rating proposed
by Bieniawski {1975) are also summarized in Table V.

Both methods yield similar modulus values. Howaver,
the results based on RRD display a greater range of
values for local variability. Similar ranges

may alsc be achieved by the use of the RMR-
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Table V

Estimates of Rock Mass Properties

Rock Mass Property Orebody Local Variability Within Stope Variability Between Stopes
Mean Range Mean Range
Compressive Strength 5 68 30-131 68 54-83
(in MPa) on basis of 7 74 37~135 74 61-93
Ransagi. (1965) . 11 35 11~130 35 19-74
Tensile Strength 5 8 3-15 8 6-10
{in MPa) on basis of T 8 5~15 8 7-11
Hansagi (1965). 11 4 1-15 4 2-8
Friction Angles 5 40 36~44 40 38-42
on basis of 7 40 36-44 40 38-42
Bieniawski {1976). 11 36 32-41 36 34-40
Modulus (in GPa) 5 19 14-80 19 17~35
on basis of 7 20 15-80 20 18-40
ROD-Index Rating. 11 14 11-70 14 12-19
Modulus (in GPa) on 5 22 18-39 22 19-26
basis of RMR-rating, 7 23 19-39 23 20-28
Bieniawski (1975). 11 18 15-29 18 15-24

Table VI

Estimate of Hangingwall Spans (in Metres) on Basis of Various Rock Classifications

Rock Mass Classification System

Laubscher and Tavlor

Barton et al,

Orebody
Bieniawski
Meah Range Mean
5 11 716 25
7 11 716 25
1l [ 3~15 15

Range Mean Range
17-33 28 16-48
18-34 28 16-48
T~32 11 4-26

relationship published in Bieniawski (1978b). The
latter values are not tabulated in this paper.

Although Bieniawski (3978a) indicates that the RMR-
method yields a lower degree of scatter of values
about the mean, there is no conclusive evidence to
suggest that this method is more reliable. fThe
similarities between both sets of results indicate
that either method may be used to estimate the
mean roc¢k mass modulus.

Moreover, both indices are, to varying extents, an
indirect estimate of the total intensity of
fracturing within the mass.

The RQD rating is not only governed by the total
fracture intensity, but is also a function of the
spatial relationship between fractures. Where
fracture clustering occurs, a higher RQD xating is
achieved and hence a higher modulus is estimated.
For example, the same fracture freguencies per
metre of core at Mount Isa yield a scatter of 30
per cent in R)D estimates.

On the other hand, estimates of the RMR-index
incorporate parameters that have little or no
effect on modulus.

This problem is best illustzated by means of a
simple example. If the "unconfined compressive
strength” and "spacing of fractures" parameters of
the RMR-classification are considered, then similar
rating reductions could be achieved for two
different rock mass conditions. In the first
instance, a mass with no fractures and strength of
3-10 MPa would contribute 31 points out of a
possible 45 towards the total rating. In the
sécond case, a mass with fractures spaced 0.3-1.0 m
and an unconfined compressive strength in the range
100-200 MPa would contribute 32 points. In brief, .
both masses contribute a similar point score
towards the cumulative RMR rating. However, both
masses should have different modulus reduction
factors. In the first case, this factor should be
close to unity since there are no fractures in

the mass and the modulus of intact cores should
reflect the modulus ¢f the mass. In the second
example, the reduction factor will be governed by
the stiffness of the fractures and its value will
be less than unity, possibly 0.7 or lower.

It is apparent from the above discussion that there
are real difficulties associated with each method.
Neither method can be expected to yield anything more
than an approximate estimate of rock mass modulus.
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However, as the RQD-index iz far easier to derive
in the field, the writer would recommend its use
over the more complicated RMR geomechanics
clasgification rating for modulus determinations.

5.3 Stable Spans for Hangingwall of Stopes

Stable hangingwall spans have been estimated on the
basis of the RMR-, Q- and Mod.RMR-index ratings.
The results are summarized in Table VI.

The results indicate that Bieniawski's RMR
classification sysztem yields conservative estimates
for unsupported spans, especially since stopes with
hangingwall spans in excess of 30 metres have been
mined in 5 and 7 Orebodies at the mine.

However, it must be appreciated that the RMR
system was basically designed for the evaluation of
near surface structures and was never intended to
embrace mining situations. Its principal
applications are to permanent engineering
structures within rock masses that are subjected to
relatively low stresses. With respect to these
structures, the classification provides an
excellant system which is no more conservative than
any of the others.

For example, on the basis of Barton's ESR value of
1.0 for "major road and rail tunnels", the mean and
range of unsupported spans detexmined for the 5
Orebody structural environment are 5.5 and 2.0-30.0m
rospectively. These values are even more
congervative than those derived by the RMR-system
for the upper limit of applicability.

The following three main factors confound the
application of Bieniawski's RMR-system to mining
situations:

(i) The system does not provide for the
incorporation of stress effects on stability.

{ii} although the system attempts to determine
stand~up time which ceould then be
indirectly related to stability in mining
situations, the proposed times appear to be
conservative with respect to past
experience at the mine.

(1ii) fThere is an upper limit of 20 metres for
the maximum permissible span dimension.
This wvalue is extremely conservative.

It is considered by the writer that none of the
above factors c¢an be resolved without considerable
redesigning of the existing system. This prospect
makes the RMR~-c¢lassification unacceptable to open
stoping situations.

Both Laubscher and Taylor's Mod.RMR-system and
Barton's @Q-index yield similar estimates for

stable unsupported spans. The values again appear
to be conservative. However, the results are
considerably better than those derived on the

basis of Bieniawski's RMR-classification. Moreover,
the derived spans for 5 and 7 Orebedies are
prebably within 30 per cent of the average values
suggested by past mining experience.

It is apparent from the input parameters in Table
II that both systems were proposed for or extended
to embrace mining situations. In fact, Laubscher
and Taylorx's classification was designed
specifically for mine assessments.
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Each of the two systems permits stress effeets to
be incoxporated into the analysis. 'This provides
an opportunity for assessment of stope stability at
various stress levels expected in the mine workings.

Unfortunately, practical difficulties are
encountered in application of stress factor
adjustments te ratings.

The basis for Laubscher and Taylor's stress
eriterion is poorly defined. Only a range of
permissible adjustment ratios is indicated without
any discussion or formula by which the appropriate
ratio may be ascertained. This limits the
usaefulness of their system.

Barton's stress reduction factor (SRF) appears to
offer considerable scops. However, a degree of
personal judgement is permitted, especially in the
case of extreme ground conditions. thus, a
likelihood exists that personal bias may enter and
distort an analysis. It should he noted that small
differences in the SRF-value will vield markedly
different ratings and span estimates. This cccurs
because the Q-index is extremely stress sensitive.

The main disadvantage of the D-system is its failure
te include the effect of fracture orientation in

the assessment procedure., All engineering
structures are presumed to be already orientated

in the most favourable direction with respect to
gealogical structure. This situation does not
comronly exist in mining where orientation of

stopes is basically governed by economic geology

and not entirely by structural considerations.

It is considered by the writer that the
effectiveness and sensitivity of Barton's
classification would be improved by the
incorporation of the following three parameters in
the assessment procedurea:

{i) Adjustment factor (GEO) for orientation of
geclogical structures with respect to
geometry of the excavation.

{il) Use of a "blockiness reduction factor (BRE) ™,
The bleckiness of a2 rock mass is a function
of the number of fracture sets, as well as
their intensity and continuity. &as the
intensity of these fractures increases, the
same relative degree of blockiness or
complete block isolation will exist, even
with lower mean fracture continuity. Thus
for a given rock mass, the value of the
BRF-parameter is largely governed by the
total intensity and mean continuity of
fractures. The overall rock mass rating
could be reduced by some ratio proportional
to the BRF-value.

(iii) Use of an "orthogonal fracture Ffactoxr (OFF)".
iIn sitwations where fractures are
essentially orthogonal with respect to the
effective stress field, normal forces avei .y
on the planes will be proportional to thi.
field. These foreces contribute towards
interiock between fracture surfaces and
thus act to stabilize the mass. Rock mass
rating should be increased by some ratio
which is directly, or possibly logarithm—
ically, propertional to the relative
frequency of athogonal fractures within
the mass.



5.4 Correlation Between Classification Ratings

The following linear relationships were established
betwaen RMR-, Q- and Mod.RMR-ratings for the
dolomitic shales at the mine. The trends are
based on a SRF-value of 2.0 with respect to the
Q-index.

(i) RMR = 7-5 LognQ + 42

(ii) Mod.RMR = 7.5 Log,Q + 19

{iii) RMR, C.93 Mod.RMR + 25

The analysis is based on a sample of 2000,
statistically generated rock mass blocks for 7

and 1 Orebodies. Correlation coefficients
between RMR, Mod.RMR and Log @ are in the range of
0.8 - 0.9, n

The first eguation is in close agreement with the
trend proposed by Bienlawski (1976):

R = 9 logQ + 44
However, it must be strongly emphasized that the
correlations are stxess dependent. The relationship
will be significantly altered if, for example,
different SRF-values are assumed in the
determination of Barton's Q=-rating. It is therefore
important that any relationship for the
transformation from cne classificatien rating to

another is not assumed to have universal application.

6. CONCLUSIONS

There are certain difficulties associated with the
application of each rock mass classification system
to unsupperted openings such as the lead-zinc
orebodies at the Mount Isa Mine. Moreover, none of
the published systems appear to be completely
satisfactory. Howevex, a number are considered to
be potentially useful c¢lassifications which could
be modified to suit local mining requirements.

hspects of the following rock mass classifications
appear to be potentially useful with respect to
underground mining:

Table VII

Rock Mass Parameter Classification System

Unsupported Spans (i} Barton'’s Q-index, or
{ii} Zaubscher and Taylor's
Modified RMR-index.

Strength (i} Hansagi's C=Factor in
conjunction with
Bieniawski's RMR-index.

Modulus (i) Deere's RQD-index, or
{ii) Bieniawski's RMR-index.

Overall, Barton's {~index appears to be the most
promising classification for the determination of
stable spans within the dolomitic shales at Mount
Isa Mine. However, the system needs to be modified
to suit the structural environment at the mine.

Use of the "Monte Carlo® method for the generation
of statistically valid input for geological
structure and possibly some of the other input
parameters, offers a technique by which it is
possible to make a rapid assessment of the ranges
of ground conditions that are likely to be
encountered during mining.
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SUMMARY The behaviour of a stope of cemented £iill at ZC/NBHC Mine, Broken Hill, which failed twice during

excavation of adjacent ore has been analysed.
near the base to 3% at the top.

The fill as designed had a cement content ranging from 9%
The variations,with cement content and time, of the elastic and strength
parameters of fill were estimated from laboratory tests.

A series of plane strain finite element analyses,

using an elasto-plastic limited tension material model for the fill, has been performed to simulate the

sequential filling of the stope and the subsequent mining of cre at one side.

The side boundary conditions

at each stage of stope filling, and the material parameters used for each lift of fill, have been chosen to

simulate the progressive curing of the f£ill.
calculated £ill stresses.

Arching in the £ill is shown to significantly affect the
Adjacent mining is modelled by removing in two stages the support at one side of

the £ill. fThe predicted failure zones are examined as functions of fill strength and other variables, and

compared with the failure surfaces actually cbserved.

1 INTRODUCTION

Cemented £ill is placed in stopes in underground
mines to provide support during subsequent
operations to recover remnant pillars of oxe. The
success of the pillar recovery relies heavily on
the stability of exposures of cemented fill, as
£il1 failure may reduce the efficiency of ore
recovery by diluting the ore. FEconomic
considerations require that {he cement content of
the £ill should be kept to a minimum. The object
of fill design, therefore, is to determine the
cement content that will just develop sufficient
strength in the fill to ensure its stability.

The study of the behavicur of cemented fill at
Mount Isa Mine has becon once of the ohijecis of a
racent research project which was jointly sponsored
by CSIRO (Commonwealth Scientific¢ and Industrial
Research Organization) and AMIRA (Rustralian
Minerals Industry Rescarch Association Limited).
The use of cemented f£ill at ZC/NBHEC Mine, Broken
Hill, has beern described by Askew et al. (1978}.
They discussed the properties of the hydraulically
placed sand fill and the design methods employed
for determining cement content, and reported a f£ill
failure that occurred at the time of excavation of
an adjacent ore pillar. This particular volume of
fill is analysed here using the technigues
developed in the CSIRO-AMIRA project (Barrett et
al. 1973). It is shown that its failure can be
understood Lf a suitable factor of safety is
applied to the cohesive strength of fill to allow
for the uncertainties and simplifications implicit
in the analyses.

2 THE FATLED PILLAR

An attempt was made at NBHC in 1973 to expose
cemented £ill at Panel 8 South during mining of the
remnant pillar between the fill and the open stope
at Panel 8 Centre, The exposure, which was to have
been 60 m wide and 49 m high, failed after the
initial blast, causing some dilution of brxoken oxe.
Another failure followed the second blast, and
ultimately resulted in the loss of ahout 15,000
tonnes of high grade ore. The stope and failure
geometries are shown in Figure 1.

2-145

. REMNANT
PANEL'S  poiap PANEL §
i SOUTH ) CENTRE
—
asERveD | | et ///
FAILURE T3 \ g
\ . [BLasT wen
ez \\ y
S \_\ ~ ‘<E
3 AN\
[BLAST o2
PRIMARY STOPY PRIMARY OPEX
s leoxenceo \\\\\ STOPE
L LEL I f

Fig. 1 Vertical section of exposed backfill faiiure
(aftexr Askew et al.) at mid-stope.

as discussed by Askew et al. (1978), the fill
design was based upon a simple two-dimensional (2-@)
finite element moedel which made no allowance for
progressive curing of or development of arching in
the bhackfill. The design resulted in the use of
veriable cement content, reducing from 9.1% at the
toe to 3.2% at maximum height. &skew et al. found
that their design procedure, which was based on
Terzaghi's arching model, predicted failure of all
but the 9.1% cement content f£ill.

The locations of the various zones within the fill,
and the corresponding mean cement contents
calculated from production records (ZC/NBHC, private
communication), are shown in Figure 2. A polymer
was added to the fill to reduce the loss of cement
in decant water (Askew et al, 1978}, but the actual
cement contents may be somewhat less than those in
the Figure. The records of stope filling also
indicated that narrow, weakly cemented bands of
£ill were present at several horizons (Askew et
al.)
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Fig., 2 Geometry and filling details of stope.

Details of the £illing rates, which are required so
that the development of curing of the fill can be
adequately modelled, are also included in Figuxe 2.

Material parameters which describe the changing
elastic and strength propexties of curing cemented
£il1l have been deduced from results provided by
ZC/NBHC and from data reported by Askew et al.
(1978).

Unconfined compressive strengths {(UCS) for £ill of
varying cement contents have been plotted as a
function of time in Figure 3 (ZC/NBHC, private
communication). ZIntermediate results for different
cemaent content have been obtained by interpolation.
while the experimental peints can be reasonably
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#ig. 3 Unconfined compressive strength of fill as
function of time and cement content.
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fitted by straight lines on this log-linear plot,
it is unreasonable to extrapolate these fits to
give UCS beyond 224 days (the oldest fill tested}
as the fill cannot be expected to continue to
increase in strength indefinitely.

Values of the friction angle of £ili, deduced from
triaxial tests, were given by Askew et al. Because
the variation of their f£riction angles with both
cement content and with time appear anomalous,
constant values, arbitrarily obtained from Askew et
al.'s curves at 50 days, have been used in this
work. ,The variation of cohesion with time for each
f£11l component has then been calculated from the
ucs values in Figure 3 using

UCs (l-sing)
2 cosgd

Variation with cement content and time of the
elastic modulus of £ill is given in Figure 4

. (Z4C/NBHC, private communication). Values have been
interpolated from these curves where required.
Poisgon's ratio for different stages of curing has
been estimated, taking into account the relative
incompregsibility of newly poured, semi-iiquid f£ill
and the expected value for cured, drained fill.
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Fig. 4 Modulus of elasticity of £ill as function
of time and cement content.

The density of fill used (23 kN/mS} represents an
average from several core samples taken recently
from £ill remaining in the Panel 8 South primary
stope, This value is s%gnificantly gigher than the
values of about 15 kN/m™ and 20 kN/m” used in
different analyses by Askew et al., and reflects

the best information currently available to the
mine.

3 FINITE ELEMENT MODEL

The vertical section of the Panel 85 fil), as

rhown in Pigure 2, 1s 13 m wide and 49 wm hlgh, The
other horizontal dimension of the f1ll (the width

of the exposure} ig about 60 m. As the failure
profiles were observed to be fairly constant across
the exposed face, a 2-d, plane strain, approximation
to the f£ill can be expected to be reasonable. The
analyses of construction and expwsure of the fill
were therefore performed using a 2-d finite element
program developed (Barrett et al., 1978} from Chang |
and Nair's (1972) program TNJTEP. This allows
consideration of material non-linearities arising

from elasto-plastic behaviour and limited tensile
strength.



AsS a stope is filled, shear stresses develop at the
£fill/stope wall interface and lead to arching
within the fill. The vertical stresses generated
within fill can thus be significantly less than
those indicated by a simple overburden pressure
calculation. It has been demonstrated by Barrett
et al. (1978) that the inclusion in analyses of the
sequential filling of a stope and the progressive
curing of the fill both significantly affect the
calculated stress distributions. The stresses
calculated using their technigque have been found to
agree well with those measured in filled stopes at
Mount Isa Mine (Cowling, 1978 private communication).

3.1 Pillar Construction

For a stope 200 m high and 40 m wide, Barrett et al,
showed that a construction sequence of 10
{horizontal) lifts was sufficient; more lifts did
not greatly altexr the f£inal calculated stresses.

In their analyses, curing was considered to occuxr
in three stages. At each stage of the construction
caleulation, the newly piaced lift of semi~liquid
£ill was taken to have an elastic modulus of 1/1L0
the long term value, and a Poisson's ratio of 0.45.
The relative lack of shear interaction between the
fill and the stope walls was modelled by using
vertical roller boundary conditions for the new
Lift. The full load from the weight of this lift
was thus transferred to the top of the previous
lift, which was taken to ke partly cured - its
modulus was % the long-term value, Poisson's ratioc
was (.30, and the developing shear interaction was
modelled by fixing the nodes at the fill/rock
interface, Material in all lower 1ifts was
described by the long-term materiai parameters, and
the sides were alsc fixed.

whilst it is recognized that this model is a gross
simplification of the actual number of pours, of
the time scale of the pour and of the material
inhomogeneity caused by the filling gecmetry,
segregaticon, degradation and variable cemention of
the fill, it is a significantly better
approximatien than the "overburden" initial
strasses used by Cundall et al. (1978). TFor a
nenlinear material such as cemented fill it is
important that the stress path he modelied
realistically if confidence is to be placed upon
results of analyses of the stability of subseguent
£ill exposures.

The same technigue for modelling stope f£illing was
used in this study, with the additional feature
that the cohesion of £ill was reduced almost to
rero for new fill, and to half the long-term valye
for the penultimate 1ift at each stage. This
should further improve the modelling of fill
curing. A more detailed calculation, in which the
material parameters used at each construction stage
have been closely related to the actual pouring
schedule, is discussed in section 4.1.

As with other cemented granular materials (e.g.
Metcalf and Frydman, 1962), the tensile strength of
fill is low. Therefore, in most of these analyses,
a limited tensile strength of half the cohesion was
assumed for the f£ill. %he measured (long-term)
density of fil} was used in calculating the loads
applied to the system by each newly placed lift.

No account is therefore taken of the water which
drains from the f£ill after placement, or of the
consolidation of fill whilst filling proceeds, as
these effects would cause compensating variations
in density.

Additional approximations which are implicit in the
treatment of boundary conditions at the £ill/rock
interface are :
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{a} The rock walls are assumed to be rigid
relative to the fill, so only the £ill itself
is included in the finite element mesh, and
wall closure during subsequent adjacent
mining is not allowed for. Three-dimensional
calculations of wall closure during exposure
of a sguare fill pillar are discussed by
Coulthard (1979). For the exposure being
considered here, hanging wall closure was
about 75-100 mm {2ZC/NBHC, private
communication}, which is unlikely to be
important because of the essentially 2-d4
geometry of the fill.

(b} The fill is assumed to be in intimate contact
with the rock walls, so that the full shear
strength of the f£ill can be mobilised along
the interface.

The finite element mesh used in the analyses is
shown in Figure 5. The horizontal spacing of nodes
is 1.5 m, except near the stope sides where
previocus experience indicates that stress gradients
are greater. The average vertical nodal spacing is
about 1.3 m, and has been chosen to allow at least
two lifts of two or more layers of elements to be
used in modelling the placement of each zone of
fill shown in Figure 2. A finer vertical mesh was
used in the lowest zone because this was poured
more slowly and so may need more lifts to model it
adequately.
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Fig. 5 Finite element mesh for analyses

The variations in caleulated post-construction
stresses which arise from changes in material
parameters and from the use of different numbers of
construction lifts, are reported in section 4.1.

3,2 Stability of Fill Exposures

In this particular case, the remnant ore wasf blasted
inte an adjacent open stope. As a result, the part
of the side of the fill adjacent to the blast would
be almost totally free, with no leading from broken
ore, The effécts of this removal of the lateral
and shear support from the side of the £ill are
modelled by freeing the nodes along the exposure
and applying to the nodes forces equivalent to the
negative of the previous effective support. These
unloading forces are calculated from the shear and
horizontal stresses existing in the f£ill near the
stope walls.



TABIE 1
STRENGTH PARAMETERS USED IN ANALYSES

cement E{MPa} v c{kPa) ] pg c(kpPa}
content long~term long-term 50 days (Geg.) (kN/m3) (224 days)
2.9% 25 0.15 60 37 23.0 80
3.9% 35 0.15 75 37 23.0 120
5.0% S0 0.15 110 36 23.0 160
6.1% 80 0.15 160 35 23.0 240
B8.2% 120 0.15 270 33 23,0 400
As exposures were created more than 1 year after
the completion of filling of the stope, the "long- -0 .
term" material parameters used in the construction %0 - 0
are inappropriate. Estimates of the subseguent }F‘“'—___"'\\ -89
increase in eohesion of £ill have been made (see 150
Table 1), and these properties used in some of the -200 (:::> S
stability analyses.

It has been found (Barrett et al. 1%78) that, if
redistribution of excess stresses in the £ill has
not converged within 30 iterations, numerical
instability has usually developed. This is
arbitrarily taker to indicate failure of the £ill
material, and thus is used to estimate whether, and
to what extent, exposures of £ill will be unstable.
Elements which have "failed" in the first stage of
the exposure cannot readily be removed from the
mesh, and so are included in the analysis of the
second stage also.

The fill/rock contact at the sides of £ill zones
has someitimes been cbserved to be broken (Barrett,
1978, private commumication). This may be due to
shrinkage and consolidation of £ill, but could also
arise from blast vibration reflection. In these
analyses, a variety of different boundary conditions
have been applied along the opposite side of the
f£ill from the exposure to investigate whether

fill stability might be thereby affected. These
include fixed and vertical roller boundaries, and

a case where the cohesive bond between £ill and
rock wall is assumed to have broken so that only
the frictional component of shear strength remains.

4 RESULTS AND DISCUSSION

4.1 <Construction Sequence

fhe number of lifts used to model construction of
each layer in the fill has been chosen so that each
1ift corresponds approximately to the same f£illing
time - for 18-, 10~ and 6-1Lift construction
sequences, a lift is equivalent to about 1%, 3 and
4% weeks of f£illing respectively.

A 10-1ift construction has been performed in which
the material parameters used for each Lift at each
construction stage have been obtained, from Figures
3 and 4, to correspond c¢losely with the actual age
of the Fill. Contours of the stresses developed
during this sequential construction of a pilliar are
shown in Figure 6 and the corresponding centreline
vertical stress and side horizontal and shear
stresses are plotted, as functions of height in the
fill, in Figure 7. These results are typical of
the caleculated "initial" stresses within £ill.

The development of arching is clear from the shape
of the vertical stress (¢ ) curve in Figure 7.
Near tho top o ineroapen snteadlly with depth.  in
thes bealy of e £hil, slde shear sLresses are able
to carry most of the weight of the f£ill, so o
remains at a fairly constant value until it
increases again near the base as the side shear
stress drops to near zero.
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Because of the roller boundary conditions, the
stresses within a new lift are almost uniform
across the £ill, with the vertical and horizontal
stresses varying lineaxly with depth. The sides of
the penultimate 1ift, however, have just heen
fixed, and the stiffness and strength of the £il)
increased. Application of the load from the new
lift then results in a sharp increase in the shear
stress near the top of that 1lift. The construction
sequencing thus leads to an oscillation of the side
horizontal and shear stresses between successive
lifts, which may be reduced if the strength of the
fill is such that some yielding and stress
redistribution occurs at the sides.

It is generally not realistic to attempt to model
fill property changes as in the above analysis.
When curing is modelled in three stages, as done by
Barrett et al. (1978}, the calculated stresses are
found to differ wvery little from those in Figures 6
and 7. This indicates that only broad details of
the strengthening and stiffening of fill need to be
accounted for in the analysis of construction. 1In
a further analysis using a two-stage curing
process, the stresses again changed little, except
that the horizontal side stresses were somewhat
lower because of the more rapid decrease of
Poisson's ratio. All other analyses discussed
below use a three-stage curing model, which has
been shown to provide a reasonable compromise.

Variations in the initial stresses with the number
of construction lifts are illustrated in Figure §
for analyses in which a lower density of 16 kN/m
ané zero tensile strength were used. The
corresponding 10-1lift curves differ little from
those in Figure 7 apart from a scaling factor.
With more lifts, (Figure 8(a)), the increase in
vertical stress in a new lift is restricted to a
shallower region and arching begins to develop
sooner. The resulting stresses are thus generally
smaller in magnitude and the oscillations of the
side stresses are alsc decreased. The mid-stope
vertical stress level for the 18-, 10~ and 6-1ift
constructions are 192.6, 203.9 and 240.7 kPa
respectively, These results suggest that a 10-1ift
approximation will be adeguate for use here, as it
was in the work of Barrett et al. (1978}.

A number of other construction analyses were
performed to determine the influence of tensile
strength and elastic properties of the £ill on the
calculated stresses. Comparing results obtained
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with tensile strengths of c¢/2 and zero, vertical
stresses in the former were generally about 3%
higher and the oscillations in side stresses were
enhanced because slightly less yielding cccurred
near the sides of the £ill.

Increasing the long- and medigm-term Poisson's
ratios to 0.25 and 0.35 respectively increased the
norizontal stresses by about 10%, but had little
effect on the other components. The uncertainties
in the values of Poisson's ratio as used are
therefore unlikely to be of great significance.

The calculated stresses were zlso affected little
by halving the long- and medium-term Young's moduli.

Given the relative insensitivity of the initial
stresses to these parametric variations, and the
reasonable agreement obtained using this numerical
technique with measured fill stresses at MIM, the
three-stage curing results corresponding to those
in Figures 6 and 7 should be adequate for use in
calculations of the stability of exposures of this
volume of f£ill,

4.2 Stability of Exposures

As discussed above, the upper half of one side of
the fill was exposed after the initial blast of the
remnant ore, and the exposure was completed
following the second blast, After the first stage
of the exposure, and the associated removal of
shear and lateral suppcort from the £1ll, the
stresses typically change as shown in Figure 9.
These can be compared with the corresponding pre-
exposure stresses in Figure 7. The vertical
stresses in most of the f£ill and the side stresses
below the exposure all increase as the loads are
redistributed., Stability of the exposure is
estimated from the extent of unconverged plastic
and/or tensile yield remaining after 30 stress
redistribution iterations, whilst the shape of a
potential failure can be deduced from the location
of unconverged elements and/or from the contours of
shear stress and shear strain, The results in
Figure 10, which are from the same calculation as
Figure 9, indicate the development of a curved
shear band extending from the toe of the exposure
up thzough the £ill. The zones of unconverged
yield indicate that a substantial failure of £ill
is likely. When the full exposure is completed,
the corresponding results in Figure 1l suggest
massive failure of the fill,
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Fig. B Effects on calculated stresses of number of lifts used in construction. Material parameters as in

Table 1, except v = 16. Key as for Fig. 7.
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{a) 18 lifts,

{b) 6 lifts.
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Fig. 9 Calculated stresses after exposure of upper
half of pillar; initial stresses as in Fig. 7. Rey
as for Fig. 7, with horizontal and shear stresses
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{a) Plastic and tensile yield {x and + respectively}
and failure (X and - respectively) (b) Maximum
shear stress (c¢) Maximum shear strain.

This procedure has been used to study the effects on
calculated fill stability of variations in initial
stress levels, of changes in the boundary conditions
imposed on the face opposite the exposure, and of
different fill strengths. The results of these
caleulations are now discussed and the "best"
prediction of stability of these £ill exposures is
described and compared with the actual failures.

The resulis in Pigure 9 and 10 were cbtained using,
in the exposure analyses, the 50-day fiil strengths

which had alsc been used in the final (third) stage
of curing in the construction model. The areas of
shear and tensile failure calculated, for the same
pest-construction stresses, but using 224-day £il1
strengths (the maximum available from the
experimental curves in Figure 3) are given in
Figure 12. These suggest that the first exposure
would be stable, but that shear yield in the middle
of the fill and non-convergence around the back
face could lead to failure when the full face is
exposed. The actual exposures were created more
than one year after the completion of filling, so a
further analysis was performed for strengths
extrapolated approximately to 700 days. In this
case, the fill appeared to remain stalle for hoth
exposure heights, with only a small amount of
unconverged yield near the side of the pillar
opposite the exposed face.
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The greatest effect of initial stresses on stability
might be expected to occur if arching was not
allowed to develop in a sequential construction,
and hydrostatic initial stresses were used instead
{¢.f. Cundall et al., 1978}, For analysis of this
case, all the fill was considered to be placed
instantaneously, with "uncured" properties and
reller boundary conditions for the entire stope.
Although the vertical and horizontal stress levels
are then much higher than those in Figure 7 and

8, shear stresses are virtually zerc. Exposures
appeaved to be Slightly more stable than those

in Figures 9 and 10, for the same long-term £ill
properties. This indicates that an unconservative
design could result in this case if arching in the
£ill is not allowed for in exposure analyses.

As discussed in section 3.2, it is possible that
blasting of the remnant ore may lead to a breaking
of the bond between £ill and rock along the side
of the stope far from the exposure. This effect
has been modelled by reducing to zero the cohesion
and tensile strength of the left-most column of
elements opposite the exposure, but retaining for
them the long-term frictional strength and elastic
properties of fill. fThe resulting stress fields
and zones of yield/failure were found to be
almost identical with those obtained when the
fill/rock bond was assumed to remain at full
strength. In each case several columns of f£ill
elements near that side failed in tension and
shear (see Figures 10 to 12, for which the bond-
breaking model was used).

The strength of f£ill at the time of the exposures
was likely to have been at least as great as that
used in the analyses shown in Figure 12. Therefore,
in spite of the movement away from the far wall
which is implied by the areas of failure there,
the first exposure would be expected to be stable.
For the full exposure, the analysis indicates that
extensive shear yield develops within the £ill and
may lead to failure., It is uniikely, though, that
predicted failure would be nearly as extensive as
that which occeurred {see Figure 2),.

In summary, analyses with 50-day f£ill cohesive
strengths yield zones of failure which are
consistent with those which actually occurred,
whereas much greater stability of fill exposures
is implied by analyses with the apparently more
appropriate longer term strength. From Table 1,
it can be seen that the two sets of cohesions
differ by a factor of about 1.5. These results
therefore suggest that the uncertainties and
simplifications implicit in the analysis can be
approximately allowed for by inclusion of a factor
of safety of 1.5 on the cohesive component of f£ill
strength. However, before such an appreach could
be used confidently for routine £ill design, it
would need to be checked further by comparison
with other case histories of stable and failed
£ill exposures,

5 CONCLUSIONS

The finite element method has been used to simulate
the sequential construction and curing of a volume
of cemented mine £ill, and to model the subseqguent
excavation of an adjacent remnant pillar of ore.
The material parameters used for the fill were
mainly obtained from conventional gecmechanical
tests, but some had to be estimated.

The finite element model necessarily neglected
some factors which could affect fill behaviour,
e.g.:
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(1) dinhomogeneities in the £ill, apart from the
variation of cement content, as designed
- the narrow, weakly cemented bands of £ill
which are known to have been present (section
2 and Askew et al. 1978) were not included,
but could have been critical in initiating
failure;

(ii) Blast vibrations and/or drawdown pressures
exerted by the breken ore, which could alsc
affect £ill stability;

(1ii} the real stress-strain relationship for fill
is more complex than the elasto~plastic
limited-tension model used.

However, results of the numerical analysis of these
particular failed fill exposures have suggested
that these and other factors may be allowed for by
way of a factor of safety of 1.5 applied to the
measured cohesion of f£ill for the design cement
content(s). As fill cohesion increases rapidly
with increasing cement content (see Table 1), it
follows that much less than 50% additional cement
should have been sufficient to prevent these
failures. Analyses of other case histories of Fill
exposures need to be performed to further test this
approach.
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Three-Dimensional Analysis of Rock Fallure Zones Around
Rectangular Mine Openings In Room and Plllar Workings
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Department of Mining Engineerlng, University of Nottingham, U.K.

SUMMARY

The stability of rectangular-shaped mining tunnels in stratified mineral deposits of sedimentary
origin is discussed with reference teo geclogical and mining factors.
ted upon with specific reference to coal and ironstone mining conditions.
mining tunnels and associated intersections is also discussed.
{or stability assessment in difficult geological and mining conditions are compared.

Design of support system is commen-

Assessment of stability of such
Successful designs of instrumentagion used
The application of a

three dimensional rock fracture analysis program to assessing the stability of the roof strata overlying a
four-way intersection {cross-cut} of rectangular mining tunmnels is described and compared with ficld

results.

Computer derived results compare favourably with [ield observations and it is penerally conclud-

ed that such analyses can provide valuable guidance to design of mine openings in this form of conmonly

encountered mining and geological situation.
1 INTRODUCTION

Stratified mineral deposits which are predominantly
flat frequently offer conditions which permit ex-
tensive use of rectangular shaped mine openings
within the mineral bed. The systematic removal of
mineral by a pattern of intersecting rectangular
mining drivages leaving regular pillars of mineral
for support of the overburden between the mining
horizon and the surface, is often known as room-
and-pillar mining. It is used throughout the world
for a range of different types of minerals espec-
ially coal and ironstone. Although the pillars
are left to provide support for the surface, the
mining rooms frequently require some form of supp-
ort other than the natural bridging of the strata
acrass the mining excavation. Roof bolting is the
main form of support used although in some coun-
tries rectangular sets of steel girders and props
are popular wheve the mining excavation height is
less than 3 m. For wide and large scale mining
operations the rectangular shape-of mine opening
hzs major economic attractions in terms of drivage
when compared to other shapes within a mineral
bed. The form of induced rock stress configuration
which cccurs with rectangular openings does not
however possess the increased degree of natural
stability inherent with arched profiles. The
increased intensity of rock stress at the corners
of the rveof in room and pillar mining frequently
governs the maximum permissible excavationm width
especially at the intersections of such drivages.
Knowledge of such stresses and their likely effect
an excavation stability forms a major objeoctive of
the research described in this paper.

2. STABILITY ASPECTS OF RECTANGULAR MINE
QPENINGS
The minimun width of rectangubar mine openings in

proedaminantly herizontal bedded formations is
generally 4-9 m for single drivages, whereas 6-8 m
is common for ceal and ironstone room and pillar
workings owing to the need for adequate width to
cater for mine vehicles of sufficient economic
capacity. When the width of mining room is less
than 6 m, significant problems arise for mine
vehicles manoeuvring around pillared workings.
Consequently, the minimum width of such mining
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rooms is often governed by what is acceptahble to
the mining operations for economic working.

The strata immediately overlying the mineral bed
has a major influence on the stability of mining
rooms, cross-cuts and juanctions. Where competent
sandstone is present as a massive bed immediately
above the mineral horizon, stability of the rooms
is rarely a problem and natural support with occa-
sional roof bolting may be all that is required.
However, the strata overlying coal and ironstone
beds are more frequently fairly weak sedimentary
rocks such as mudstene cor clay and do not permit
natural spanning unless supplemented with support
by rock bolts or rectangular sets of girders and
props. Cecal mine rectangular drivages generally
use the seam roof level because this often provides
a good natural parting and is convenient for reck
bolting or setting of rectangular sets. Ironstone
beds do not normally have a well-defined parting at
the top of the bed and often require a thickness of
ironstone Lo be left to promote bridging of the
strata across mining rooms. Depth of working and
the percentage extraction (in plan) of mining in
room and pillar layouts also present major stability
factors which must be considered together with the
pillar height to width ratio and the strengths of
the associated vocks. Pillar design for long-term
strength against ultimate collapse is well documen-
ted in the case of coal mine workings and much
experience exists regarding choice of stable pillar
designs in iroastone room and pillar workings. The
most common form of instabilfty In such workings is
the occasional collapse of roof at junctions of Lhe
rooms;  the barpest expansc ol exposed rool strata
occurs here and is accompanicd by high stress
changes in the immediate Toof strata, and special
considerations must he piven to support reguire-
ments.

3 ASSESSMENT OF ROOF STABILITY

Underground instrumentation schemes can make a
considerable contribution to assessing roofl stabil-
ity in mining rooms and at junctiocns of rooms and
cross-cuts. Such schemes are generally installed
during normal mining operations which are then used
to provide data on voof stability during subsequent
operations, or even throughout the operational life



of that part of the mine. Displacement measure-
ments of roof sag and room convergence have proved
the most reliable and convenlent means of assessing
stablLlity. Instrumentation schemes developed at
Nottingham University for room and pillar mine
workings have been proved over a number of years

of continuous operation by mine personnel and are
referred to here. Room convergence is measured by
a stainless steel tape suspended from the ceatre of
the junction; a weight of 8 kgf is used to tension
the tape. A micrometer, incorperated in a frame-
work which is seated on a speclally designed mine
floor veference point {grouted rock bolt), is used
to measure to the base of the weight; special
guides eliminate any tendency for the tape te swing.
An electrical circuit is used to indicate micromet-
er contact. The entire measuring assembly is
conveniently set up and measurements can be made

in a few minutes; the instrument is then taken to
another observation station. The room conmvergence
measuring equipment is used in room heights of up
to 8 m and a measuring accuracy of 0.0l mm can be
achieved.

Roof bed sag has been most conveniently observed
{as continuous recoerding or as spot readings bet-
ween mining operations) by means of steel rods sus-
pended from different horizons in the same borehole
drilled vertically in the immediate roof of the
mining room. The Nottingham University type of
scheme for measuring roof sag invelves placing each
measuring rod within a protective plastic tube and
grouting the entire unit {between borebole wall

and plastic tubes) throughout the full length of
the borehole; the point of suspension of each red
has special wings which become embedded in the
grout, Consequently, the borehole is effectively
sealed and prevents water escaping from upper hor-
jzons which can interfere with voof sag measurements
In addltion Lo bering a nulsance Lo mining opera-
tions. A surface ground platen located en the
standpipe is used to scat a depth micrometer for
making measurements to the stainless steel rods
suspended in the borehele. The standard system
involves suspending four teds at different heights
in a 4% om diamcter borehele up Lo a maximum

height of 10 m above the roefl level of the mining
room., This system has proved convenient for
coupling to linear voltage displacement transducers
and an ultra violet recording system for continuous
monitoring of roof sag behaviour during rock blast-
ing operations within the mining rooms. Accuracy
of roof sag measurement is normally to 0.0l mm.

These methods of observing room convergence and
roof sag have proved valuable bases from which

roof stability can be assessed. Comparisons can

be made of the influence of changing the roof
support method and also the sequence of forming the
mining rooms in addition to changes in layout. The
influence of time on roof stability is readily
assessed by these two instrumentation methods.

-

o 30% + O

Figure 1  Multi-linear envelope

& COMPUTER MODELLING OF MINE STABILITY AND
ROCK FAILURE DETERMINATION

The Griffith and modified Griffith criteria of

rock failure have been used here. The strength of
intact vock at a given point is determined to a
large extent by k (the ratic of minimum principal
stress 93 to maximum principal stress g1). Failure
at any point in the rock mass is predicted by sel-
ecting one of a series of related equations, the
choice of which depends on the value of k at that
particular point. The relevant rock parameters
needed for this analysis are obtained from triax-
ial testing of prepared rock specimens, that is
angle of internal friction acting over the negative
part of the envelope (¢(), and a series of values
of cohesion (c} and angle of internal friction {¢)
for each stratum to be included in the analysisipc
is determined by graphic analysis as shown in
Figure 1. The Griffith criterion is a two dimen-
sional model with cracks represented by randemly
orientated flat ellipses. In order for the pre-
dicted strengths to agree as closely as possible
with reality the applied stress field must be of
the order o3/9; £ -~ 0.33, i.e. there are tensile
stress fields in the material. To clarify this
point consider uniaxial tensile stress conditions,
which under this type of stress field the fracture
stress is known as the tensile strength (-oy). When
these conditions exist the ratio of minor to major
principal stresses is {-g4/0) = - . When Griffiths
criterien is applied to a biaxial state of stress
with k = «0.33 the predicted fracture stress is also
=8+. Thus the first condition for failure will
apply when @3 equals -o, if - @ % k & - 0.33,

Research by Morlier and Parate (1971) on the tensile
strength of an isotropic fine grained granite under
several different strossing conditlons (Table 1)
demonstrated that the criterion is valid uwndex

these condltions., Note that the intermediate prin-
cipal stress has no influence on the strenpgth.

When k is greater than ~0.33 failure determination
is made by applying the modified Griffith criterion,
The transitfon from Griffith to modilled Griffith

is made by utilising the multi-1incar cnvelope,

as shown in Figure 1.

The equation predicting failure over cach linear
section of the envelope is derived as follows:-

o, = c3tan2(as+¢/2) + 2ctan{45H8/2) (1)
£
94
letting k = —
=3
1
we obtain 01 - 2¢ctan({45+p/2) (2)

f 1-ktan2(45+¢/2)

In order tec establish which values of ¢ and c are
to be used to determine the failure stress a table
is constructed of limiting values of k. These
correspend to the maximum and minimum values of k
at which failure can occur on that section of the
envelope. If k is less than the minimum tolerable
value failure occurs on a lower section, if greater
it occurs on a higher section. There is a maximum
value of k above which failure cannot occur, this is
explained towards the end of the section.

These limiting values are determined for each sec-
tion by finding the value of k at which o], is the
same when either 9 and ¢ from the current section
or ¢ and ¢ from the previous section are substituted
in equation (2). For example the limiting value of
k between sections % and 2 (Figure 1) is found as
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follows:-

2c1tan(45+¢1/2)
s tan(45t /20 Lok tan2 (454, /2)
12 1 12 2

2c2tan(a5+¢2/2)

rearranging gives

cltan(&5+¢1/2) - clkiztan(45+¢1/2).tan2(45+¢2/2)

= ¢ tan(45+9,/2) - czklztanz(as+¢2/2)canzta5+¢1/z)
restiting in
. cltan(45+¢1/2) - cztan(45+¢2/2)
2 ¢ tan(ast,/2) tan’ (454 ,/2) +A
A= -cztan(45+¢2/2)tanz(a5+a1/2) (3}

From cquatton (2) ir is apparont that there exists
an asymplotic vatue of I ahove which failure can-
not occur. This is given by:-

1
ko, =5 (4)
asy tanz(&5+¢/2)

This value of ¢ belongs to the last section of the
envelope.

Since we are dealing with an elastic case (see
later) it follows that the magnitude of the prin-
cipal stresses are directly proportional to the
total load applied. Thus if the depth to the
workings is doubled the cover load and the princi-

pel stresses in the rock mass would also be doubled.

Hence a cover load factor ox failure factor could
be defined as

g1

E~£ for the modified Griffith criterion and
1

o
EE for the Grifficth eriterion.

w

4,1 Description of Failure Program

A computer program was written utilising the theory
described in the previous section.

4.1.1 Input to the Program

The input to the program was obtained from finite
element analysis. Since most finite element pro-
grams use the convention that compressive stresses
are negative, tensile positive, the imput follows
that convention. A subroutine in the program
chanpes the sipgns of the principal stresses and
values of the relaled angles to the conveation used
in rock mechanics, namely compressive stresses
positive, tensile stresses negative,

Triaxial strength characleristics are also required
as inpuel data,  AMboupgh o qead-1inem ertvelope is
shown in Figore 1oa strenglle envelope consist ing
of up Lo tea linear portions can be handled by the
program.
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Figure 2 Modelled region of room and pilfar mine
workings

4.1.2 Qutput of the Program

The program gives as outpul a listing of node
numbers, X,Y,2 co-ordinates, Tailure stress and
failure factor. Also if desirved a graphical plot
can be drawn.

4.1.3 Two Dimensiomal and Three Dimensional
Analyses

The program was written originally to deal only
with two dimensional problems, however it has now
been extended to deal with problems in three dimen-
sions. This could be accomplished because the
intermediate principal stress 2 has insignificant
influence on the predicted failure stress according
toe the failure criterion employed.

v\épplkd stress

=216 MNm#

Pipure 5 #inlte emenl Medh



TABLE I ({after Morlier and Parate, 1971)

]
Loading conditions —03 at failure
L—.:I MNm™2
00, a, =0, =0 8-14
0—@—5 g, =<0, 0, =0 10
= = g.<
’@’ O3 =9y =<0 10
950, 0,70 &>0 10
’ ) for O<c <
150
°j<0’ g, = G2>0 8-10
for 20<crl<100
\@ 0'3=—C'l, 0'2=0 13

% Tests carried out on granite

When dealing with problems in three-dimensions the
most suitable elements Lo be employed in the orig-
inal finite element mesh are brick-shaped vather
than prismatic or move complex shaped elements.
This is due to the Tact that the fallure 2ones are
observed in slices at user specified increments
along the X, ¥ or 2 axes. From these two dimen-
sional views a three-dimensional picture of the
faiture zome can be built up. The assumptiors made
for finite element analysis and failure analysis
are listed as follows:-

{i) LEnading ccecurs in an elastic manner.

(il) Statlc loading only is considered, with no
redistribution of stress occurring after the rock
has failed. Also connected with this point is the
assumption that the rock is held in place after
failure has occurred. If the rock were allowed to
move appreciably stress redistribution would occur,
with a consequential increase in the size of the
failure zone.

3 STRESS AND FAILURE ANALYSIS APPLIED TO
ROOM AND PILLAR WORKTNGS

Since rool stability is ol mosl voncern at the
junctions of rooms in a room and pillar minc layout
this study has directed attention specifically
towards this area and its influence on the stress
patterns encountered within and around the pillars.
The authors have chosen an ironstone mining system
for the purposes of computer modelling, since the
ironstone geclogical, and mining conditions proved
a suitable test case for a realistic model. It
was considered a valid assumption that the mining
situation in this case could be represented by a
linear elastic model.

The specific test case uscd here cotrresponds te a
mining depth below surface of 100 wm in a flat iren-
stone bed of 9-10 m thickness which is overlain by
a mudstone. Mining experience at this depth has
indicated that for room stability it is neccssary
to leave an iromstone roof beam of about 1.5 m for
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room and cross-cut widths and heights of 6 m and
square pillars of 15 m side length. Experience has
shown that when the thickness of ironstone roof
beam is appreciably less than 1 m there is a signi-
ficant pessibility of roof failure resulting in
possible collapse. The main requirements of the
computer model in this particular test case were
firstly to investigate the stress configuration
agsociated with this particular room and pillar geo-
metry and secondly to establish the validity of the
failure criteria utilised in the rock failure anal~-
ysis program described in this paper.

The stresses were obtained from a three dimensional
finite element analysis program, {(PAFEC 75) devel=
oped by the Department of Mechanical Engineering,
Nottingham University.

The program was used Initially for two test cases,
firstly a known stable mining situation with an
ironstone Toof beam of 1.% m thickness, and secondly
a known upstable situation having an ironstone ruof
beam of .9 m thickness. Filaally a third test case
was considered where a much higher degree of stab-
ility was known to exist since the ironstone roof
beamwas 3.5 m thick,

5.1 Finite Element Mesh

Since two axes of symmetry exist, one halfway along
the side of each pillar and one at the mid-point of
the extracted room height only one quarter of a
pillar and associated rooms were modelled {Figure 2}.
The finite element mesh used is shown in Figure 3.
The same mesh was utilised in all three test runs.
The mesh consisted of rows of clewments arranged in
the horizental (X,Z) planc. 1In cach indlvidual run
the vows of elements were asslgned different prop~
erties to simulate either wmudstone or ironstone.
Thus the three different thicknesse- of ironstone
(0.5, 1.5 and 3.5 m) in the roof could be simuylated.

An eight noded isoparametric brick element was used
in the anaiysis. This type of element was specifi-
cally coded for use in laxrpe D prablems in preler-
gnce to the normal 21 noded brick ciements due to
the savings that can be achieved in both core
requirements and run time. The choice of brick ele-
ment as cpposed to other shapes of elements has
previously been discussed.

5.2 Loading Conditions and Strength Properties

The loading at the top of Lthe block of elements

(Y = 8.5 m) was assumed to be due to cover load
generated by the weight of overburden. An average
density value of 2200 kgm™? was used to represent
the stratla belween the Ironstone bhed and the surface
This produces a vertical component of pvostalic
stress of 2.16 MNm~2 at the upper horizon of the
ironstone mine workings. In addition it was nec-
essary to establish values for the elastic constants
of the ironstone and mudstone strata. Young's
modulus and Poisson's ratio values were determined
from laboratory tests and the results are summarised
in Table II.

5.3 Stress Qutput

The relevant information required for the second
part of the analysis (03, 03 and their nodal co-
ordinates) was output to a computer file for each
of the three scparate test runs. The vertical
stresses obtained {rom the finite element analysis
for a stable case (ironstone roof beam = 1.5 m) are
shown as contoured plots in Figures 4 and 5. Each
of these plots represents the stresses along a con-
stant horizontal {X,Z) plane through the mesh. The



Vertical Stresses in Pillar and Roof Strata
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TABLE 11
ROCK STRENGTH PARAMETERS
2 Mudstone Ironstone

Young's Modulus (CNm ) 0.5 15
Poisson's Ratle 0.3 .15
U.C.5 (MNm~Z) 2 3 36
Tensile strength (MNm ) N.A. 2.25
Cohesion (MNm-Z) Ironstone Triaxial Data

¢y = 4.5 #1 = 47°

cy =9 gy = 40°

cy o= 20 @7 = 267

[T ga = 127

vertical stresses were selected so as to enable a
direct comparison between the cover load of 2.16
MNm~“ and the distribution of stress throughout the
pillar, roof and pillar intersection and in the
roof. The stresses are shown in Mim~2

The highest stresses occur in the pillar below the
level of the roof. This is to be expected since
the pillars must support the load originally borne
by the whole area priov to wmineral exiraction.

Vertical Stresses in Pillar and Roof-
Pillar Intersection

Figure 3
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These plots illustrate how the stresses in the
pillar and up to 1.5 m above the Toof level slope
away into the centre of the pillar area from the
stress concentrations at the sides and the peak
stress occurring at the corner, The Jowest stress=
es orcur in the strata directly above the roadway
wilh the area of greatest stress relbel occurting
above the junction. At 3.5 m above roof level

(Y = 6.5 m) the stress field is virtually uniform.

5.4 Failure Condition

The information obtained from the Finlte element
analysis topether with the triaxlal strenglh charvac-
teafutles of Lhe Tronslona were used as data [or the
[alturce predlctlon program. Since the overlying
mudstone was a weak rock no triaxial data were
assigned to it. The assumption being that if fail-
ure was predicted in the ironstone roof beam up to
or very close to the intersection of the mudstone
bed then significant failure of the roof will occur.
The reason for this assumption becomes apparent when
it is realised that at the mine concerned rock bolt-
ing is utilised as the only method of support with-
in the mining rooms. One of the important design
factors of rvock holtlng ix a lfrm anchorage Lo
enable Lhe load to be carrled, and this requirement

.
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cannot be met effectively by o weak mudstone bed.

5.5 Results

Computer plots of depth to failure contours (fail-
ure factor multiplied by depth of initial analysis)
were obtained for all three cases tested. Thus the
failure surface (zones of instability) could be
predicted for similar extraction methods at a
variety of working depths. Due to limitations of
space only two of these plots are shown in Figures
7 and 8. These are for the most stable cases where
the ironstone roof beam was 3.9 m thick.
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Figure 7 Computed Depth to Failure Contours for

y = 3.9m

2-159

Ironstone roof beam = 1-5m.

Thickness of computed failure in roof
of mining room = 0-5m,

%

Conputaed Pailure Surface Tor Depth of 100m and 1.% w0 Thickness ol Rool Beam

Lit one of the cases Lested (1oof beam = (4,5 m)
failure was shown te cccur up te the ircastoenc’
mudstone interscction, Therefere according to Lhe
assumption previously mrde . ore would occur if
rock bolting was used as tne ouly method of suppeort
(wire mesh and/or trusses with bolts inclined over
the sides are used to supplement bolts in special
¢ircumstances). Since the failure zones can only
be shown as roof slabs of up to 0.5 m thickness
(failure zones in the mudstone being indeterminate)
a plot of these has been omitted from this paper.

A three dimensional representation was constructed

Figure 8 Computed Depth to Failure Contours for
y = 4.5 m



showing the zones of instability existing at the
working depth of 100 m for the case where the iron-
stone bed extended 1.5 m into the roof, see Figure
6., The failure surface extends up to 0.5 m above
the level of the roof. It is limited in extent to
the central portion of the roadway and junction
area with no failure occurring within ome metre of
the pillar. Even though zones of instability are
indicated there vemains a sufficient thickness of
intact ironstone to act as a firm anchorage for
bolting. In the third case tested (ironstone beam
= 3.5 m) a zone of instability was predicted exten=-
ding 0.2 - 0.3 m above the workings for a depth
below surface of 100 m. Contoured depth to failure
plots given figures 7 and A show that if the work-
ings were sitwated at a depth of 200 m then failure
would extend approximately 0.7 m into the roof.

For fallure to occur up to a localised maximum of
1.5 m the corresponding depth to the mine workings
would be 300 m. It should be noted that the dis-
tances stated for the failure zones are design
guide lines for roof support by holting. The three
dimensional nature of the failure syrface is showm
in Figure 6.

6 CONCLUSION

The main conclusions drawn from this study are
listed as Tollows:-

(i} Design of workings in room and pillar min-
ing will always require underground instrumentation
methods as a means of assessing stability. Dis-
placement measurements of room convergence and
roof sag have been found to be very useful para-
meters for investigating rcom stability.

{ii) Computed stress configurations in three-
dimensions have allowed a better appreciation to be
attained of the likely effects of making changes to
the dimensions of room and pillar mine workings.

(iii). The three-dimensional stress analyses des-
cribed here are particularly helpful in ascertain-
ing the influence of making changes im the thick-
ness of competent roof beam spanning room and pill-
ar openings.

{iv) The computed extent of reck failure in the
roof of a mining room compares (aveuwrably with
firld observations in an ironstone mining situation.
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SUMMARY: The optimisation of crown pillar dimensions is of concern to the metallifercus mining
industry throughout the woxld. Excessively large pillars may sterilize valuable ore reserves whilst
undersized pillars may be prone to failure, leading to hazardous situations and/or loss of reserves through

premature interruption to mining operations.

The work described in this paper was carried out at the

Mt. Isa Mine of Mount Isa Mines Pty. L&d. and at the New Broken Hill Consolidated Mine of Australian
Mining and Smelting Pty. Ltd. apd was concerned with monitoring to assess the status of crown pillars in

relation to cut and £ill and open stoping operations respectively.

The work was part of a wider program

concerned with the rational design of c¢rown pillars and was undertaken to provide in situ information on
the performance of crown pillars for comparison with the results of predictive models,

Monitoring techniques employed included static measurements of deformation and point stress changes as well

as geophysical measurements (microseismic noise, transmitted wave velocity).

acquisition system was also developed.

An automatic data

This paper describes the ingtrumentation and methods of

application, and summarises and discusses the results obtained.

1 INTRODUCTION

The use of crown pillars to limit stope wall
movements and reduce the possibility of large scale
failure affecting surrounding development is a well
established mining practice. The pillars left must
be large enough to remain stable, often for
extended periods of time. However, since crown
pillars are often formed within an crebody, large
pillars could represent a substantial loss of
reserve or involve the need for costiy pillar
recovery techniques. Crown pillar dimensioning has
to date relied largely on experience of past pillar
behaviour. Increase in depth of mining and new
mining practices coupled with depletion of
valuable resexrves is, however, highlighting the
need for a more guantitative approach to crown
pillar design.

To achieve this it is essential to gain an
understanding of the bulk strength {including
reinforcement) of crown pillars, as well as the
nature of loadings generated as a result of mining.
This is particularly true in the case of crown
pPillars associated with large open stopes where
stoping limits and pillar dimensions are often
decided prior to commencement of mining with little
if any scope for modification of final pillar size
once mining has started. In this sitvation, failure
of crown pillars arising as a result of inadeguate
initial dimensioning may lead to excessive
dilution as well as possibly endangering the
regional stability of the mine.

In overhead cut and fill stoping there is often
scope for deciding on "pillar" thickness during
the wining operation, based on progressive
assessment of the stability of the material
remaining above the stope back. "Pillars" left at
any stage may subsequently be reduced by further

cut and £ill lifts, if and when conditions permit,
provided this is done cautiously by taking small
lift heights. Refinement of this approach requires
the development of practical monitering technigues
that can describe the relativ~e stability of a
"pillar®. Such techniques wi.l make more cobjective
decisicns on when to stop mining, and when Further
mining is possible.

The work described in this paper forms pavt of an
ongoing project concerned with crown pillar design,
being conducted by CSIRC Division of Applied
Geomechanics in collaboration with Australian mining
companies, with financial sponsorship through AMIRA
Ltd. The work is being undertaken with the dual
aims of gaining a quantitative understanding of
crown pillar performance in general as wall as
attempting to develop procedures for predicting the
onset of pillar failures. Experience gained during
the monitoring of crown pillars in eut and Fill
mrining (8 Orebody, Racecourse Orebodies, Mt, Isa
Mine) and open stoping {B Lode Orebody, New Broken
Hill Consolidated} situations is presented.

2 8 OREBODY, RACECOURSE AREA, MT. ISA

The Racecourse Orebodies consist of an en echelon
series of thin, tabular, steeply dipping silver-~i.ad
-zine deposits mined by an overhead, mechanised,

cut and fill technique (Goddard and Bridges, 1977).
The plan of the orghodies at 11 level is shown in
Figure 1. The locations of the two sites selected
for study in 8 Orekody are marked. HNumber 8 Orebody
is one of the major orebodies occurring in the
series, and at the time of the monitoring program
was being mined between 13 and 11 levels, having
been previously mined from 12 m above 11 level to

9 level (Figure 2). &t the commencement of the
monitoring program the total height of the 11 lewvel
crown “pillax" of 8 Orebody was approximately 30 m.
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8 Orebody.
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Fig. 2., Vertical cross section at northern test
site (Fig. 1) showing mining development
at the time of commencement of the
monitoring program,

The monitoring period described extended from
September 1975 to June 1976 during which a total of
four lifts (each approximately 2.5 m high) were
mined along the length of 8 Orebody, reducing the
average thickness of the material remaining below
11 level from approximately 18 m to 8 m, at which
time the pillar was noticeably cracking. Mining
was discontinued shortly after. During the same
period, the adiacent orebodies of the Racecourse
gseries were being mined. Number 9 Orebody was of
particular importance in this regard as it was in
very close proximity to 8 Orebody and was being
mined at approximately the same elevation. Mining
was resumed in 8 Orebody approximately two years

after completion of the monitoring program.

During the intervening pericd, considerable mining
activity had taken place in the parallel stopes of
the Ragecourse series. Upon resumption of mining,
the remaining material in B Orebody up to Il level
was removed with little difficulty.

hbsociunte stress measurements were conducted at the
approximate mid-height of the "pillar" using the
stress relief overcoring technique, in conjunction
with a USBM borehole deformation cell and the CSIRO
hollow inclusion gauge (Worotnicki and Waliton, 1878)
in December 1975 (i.e. at the commencement of the
monitoring program) and in December 2977 (i.e. well
after its completion). The results for the northern
most test site are given in Table No., 1. Severe
core disking wac encountered at both sites during
the earlier measurements. This is consistent with
the stress magnitude reported, in particular the
very high cross-stope (approx. E-W) stress

component which approached the measured uniaxial
compressive strength of the rock forming the crown
"pillax® {Miller, 1977). The reduced stress magnitude
indicated by the latter measurements is consiatent
with the relative ease with which the "pillar" was
mined subsequent to the menitoring program (see
earlier). In faect it was partly on the basis of the
latter stress measurements that mining was recommended
in 8 Orebody. The actual mechanism by which the
stress relief took place is as yet uncertain, but a
combination of bedding plane slip, stress shielding
and cracking has been suggested. 1In this regard,
significant subsidence and bedding plane movements
have been observed by Mt. Isa personnel.

TABLE 1

RESULTS OF ABSOLUTE STRESS MEASUREMENT {STRESS
COMPONENTS IN MPa}, 8 OREBODY 11 LEVEL CROWN PILLAR

Date a1 (approx) ap {approx) o3 {approx)
- N5 Vert.
Dec. 1975 o3 46 27
Dec. 1977 19 13 7

Stress change monitoring was undertaken to provide

a continuous record of the magnitude of cross-stope
stress changes. A number of uniaxially senmitive
rigid inclusion stress meters were installed at
various locations between the stope back and 11 loevel
at both sites. Although results were obtained from
both sites, 1t was only from the northern-most aite
that a continuously reliasble record resulted.

The National Coal Board (U.K.} instrument (Enever,
1977) was used for the monitoring. This device
consists of a tapered steel plug (Fig. 3) fitted with
electrical resistance strain gauges oriented to
measure diametric strain changes. The device is
forced into a matching tapered socket prepared at
the bottom of & hole drilled to the required
location. JIncreases in uniaxial compression
cccurring in the host rock, in the sensitive
direction of the instrument, are transferred to the
stressmeter and registered as strain changes.
Calibration of the instrument/rock system enables
electrical output to be related to changes in rock
stress.

For the work in B Creboedy, a number of holes were
drilled from 11 level, parallel to dip, and one
instrument inserted per hole, at the required
depths, with the required orientation. Instrument
cables emerging from the holes were terminated at
secure locations on 11 level near to the respective
test sites. Signals from the instruments were
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instrumented plane
{sensifive direction)

Mational Coal Beoard (U.K.} Rigid Inglusion
STressmeter.

Fig. 3.

transmitted up tc 500 m to a central recording site
(Fig. 1) where they were registered on a data
logging system providing the capability for
continuous monitoring. Results were provided both
in hard copy format (for immediate inspection and
manual reduction) and in the form of magnetic tape
records permitting auvtomatic data reduction. This
aystem proved effective in providing essential data
at critical times, but did present maintenance
problems., These were largely overcome by providing
strict environmental control for the logger
{spathis, 19%78).

Figure 4 shows the results of monitoring of cross-
stope stress in 8 Orebody at the northern site, for
a period during which three 1ifts were mined in
both 8 and 9 Orebodies. Incremental stress changes
associated with specific events in the mining

history for the pericd concerned are shown in respect

to their relative location in the pillar as it
existed at that particular time. A significant
increase in cross-~stope compression oceurred up to
approximately 5 metres above the new stope back
formed by removing a lift in 8 Orebedy. The peak
stress change ogcured approximately 2 to 3 metres
above {he back. The displacement of the peak
stress change away from the back can be explained
in terms of the superpositioning of induced
increments of compressive stress from previous
1if+s on the aiready high cross-stope stress (see
abhove) leading to failure of the rock near the
stope back. This condition would be aygravated by
blast damage. This zegion is therefore unable to
accept further stress increase.

i P
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Fig. 4. ZIncremental cross-stope stress changes for
various stages of mining sequence, 11
level crown pillar, 8 Orebody, Mount Isa

Mine.

A nunber of interesting observations regarding the
interactive effect of parallel mining in 8 and 9
Orebodies on the 8 Orebody crown pillar can be
deduced from Figure 4. On one occasion, a
reduction in cross-stope stress was measured when
mining of lift B in 9 Orebody passed the test site.
At this stage, the height of development of 9
Orebody, measured in the dip plane, exceeded that
of 8 orebody at the test site. This partial
destressing effect was attributed to stress
"shielding" of the B Orebody crown pillar by 9
Orebody. On two separate occasions a large
increase in compression was noticed at the test
site when no mining was being conducted in the
immediate wicinity. In both instances a "pendant®
blecck had been left in 8 Orebody close to the test
site, from the preceding 1lift, and mining of 9
Qrebody was proceeding past the viecinity of the
south "abutment" of 8 Orebody. The postulated
explanation is shown diagramatisally in Fig. 5. It
was noticeabhle that when the “pendant" block was
subsequently mined, a stress decrease was recorded
at the test site. The effects observed demonstrate
the need for attention to mine scheduling to avoid
potentially troublesome situations and/or to take
advantage of the benefits offered by the concept
of "shielding".

Steasx previousty carried Hthrough 9 048 is
dafirctad tousing mcres3e 1 reiotine propertion
of shress cocrisd Throuph Bodk

LN
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L
o 4
i PN
h w—" soia st sithgopy 4
x
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mateticl mifed

Representation of proposed interaction in
longtitudinal direction between 9 Orebody
and 8 Orebody.

Fig. 5.
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Incremental ultrasonic wave velocity and
attenuation measurements were made along the centre-
line of the crown piilar, in the dip direction. A
piezoelectrie crystal detector was lowered down a
water-filled hole drilled from 11 level, at the
northern site. Ultrasonic pulses were generated
near the collar of the hole by means of a magneto-
gtrictive transducer attached to a large pad of
concrete. Thisz system was arranged to produce
pulses travelling nearly parallel to the direction
of the hole {Flg. 6}. The fastest travel path for
the pulses was through the rock in the hole wall
and then, via the water, directly to the detector.
By recoxrdiny the arrival time and the amplitude of
the first peak of repeated pulses, at a series of
s 2y points down the hole, it was possible to
dete mine incremental transmission velocities and
signal attenuations for waves travelling in the
rock {McKavanagh and Lee, 1972). Periodic surveys
of this type were made of the B Orebody crown pillar
at various stages during the monitoring period and
continuous profiles of velocity and attenuation
preduced, as shown in Fig. 7.

Concrete pad Transmitter

Pulse 'generator
qﬁkws

Detectaor

Fig. 6. Photo of ultrasonic set-up Mt. Isa.

The first survey (6/12/75) shows a marked

decrease in incremental velocity from approximately
5 metres above the stope back to the back. This
can be readily attributed to increasingly severe
development of cracks approximately parallel to the
stope back, causing increase in travel path length
with commensurate apparent decrease in incremental
velocity. This cobservation is generally consistent
with the results of the stress change monitoring.
The marked change in velocity approximately 7
metres above the back was attributed to a large
single crack thought to exist at the location.
Smaller scale variations in velocity were observed
to be due to different rock types. The lathtex
surveys (10/1/76 and 7/2/76) yielded substantially
similar results, both indicating a tendency for
reduction of incremental velocity in the region
approximately 5 metres above the new stope back.
The other interesting facet of the latter surveys
was the relative reduction of velocity for the
higher regicn of the pillar, which may be
indicative of the development of ubiquitous
cracking in the pillar.
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Fig. 7. Ultrasonic velocity profiles, 8 Orebody

crown pillar, Mount Isz Mine.

A number of CSIRD microseismic detectors

{McKavanagh, Enever, Siggins and McKay, 1978) were
installed in the footwall adjacent to 8 Orebody, in
order to study the effect of progressive mining on
the level of local microseismic activity. It was
established that there were high levels of broadband
microseismic noise, existing up to 30 minutes aftex
orebady firings occurring within 30 m of the test
site. It was felt that there was sufficient activity
to warrant further development of a microseismic
warning system.

A number of rod and resistance wire extensometers
(Enever , McKavanagh and Carson, 1977} were installed
in holes drilled parallel to the dip of 8 Crebody to
monitor “pillar” dilation. These instruments were
connected to the automatic data acquisition asystem
described previcusly. As a general comment it was
found that dilation was of a negligible magnitude
during the monitoring period.

3 PANEL 10, B LODE OREBODY, BROKEN HILL

Panel 10 is one of the series of large open stopes
developed to extract the lower, northern, portions
of the zinc rich B Lode Orebody. Figqure 8 is a
generalized longitudinal section through the major
orebodies in the region, showing the location of
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Panel 10. The designed height of the opening was
120 m and the maximum length at mid-height, 44 m.
The stope was mined by develcping a vertical cut—off
siot at the southern end, progressing from ecast to
west, followed by larger ring firings, extending to
the full width of the stope, progressing towards
the north. The crown pillar above the stope

{below 12 level) was planned to be 12 metres thick,
Due to overbreak, however, the actual height of the
pillar was reduced over part of its length to
approximately 6 metres. During extraction of the
stope, the crown pillar began to "bump" and drives
contained within the pillar suffered spalling and
timber damage. The pillar was reinforced by
installation of fully grouted cables at this time
(approximately half way through the 1ift of the
stope}. Tt was concurrently decided tc commence
monitoring of the pillar. The detailed gecmetry of
the crown pillar and the arrangement of instrument-
ation is shown in FPigures 9(a & b). Bebtween
October 1976 (when mining was completed} and
February 1977, sporadic signs of increased activity
[large audible bumps) were reported from the crown
pillar, one event being large enough to be recorded
on a nearby seismic station (21/1/77). TFrom
shortly after this latter cvent, however, the
pillar appeared to boecome stable with no further
signs of significant activity.

Absolute stress measurements were made, using

the stress relief overcoring method in conjunctiecn
with the CSIRO hollow inclusion gauge (see earlier)
at three stages during the monitoring program; at
the commencement of monitoring (August 1976}, at
the completion of excavation of the stope (October
19768) and after a further periocd of approximately
four months (February, 1977).

The results of the absolute stress measurements
conducted during the course of the monitoring
program are given in Table No. 2. The first two
measurements show essentially uniaxial E-W loading
of the pillar with an increase in B-W stress between
August and QOctober that can be attributed to the
mining that took plage during that period. The
difference between the results of October 1976 and
February 1977 is particularly interesting. In
general terms the stress fieid in the pillar during
this pericd tended £o bacome more isctropic, with
an increase in the intermediate and minor stress
compeonent magnitudes without any substantial change
in the E-W stress. It was during this period that
the significant seismic activity montionoed oarlier
occurred, even though the size of the stope was not
increased (the stope was in fact being filled with
dry £i11 during this pericd). It may be postulated
that during this period the pillar, which had been
effectively overloaded due to mining, suffered an
extended phase of instahility., This was due,
possibly to a combination of the effects of time
dependent material and/or discontinunity behaviour
and continuing stress readjustments resulting from
sequential small scale failures near the stope back
In this region the highly concentrated stress may
have exceeded the uniaxial strength of the rock
{McKavanagh, Tillman, Alexander and Enever, 1978}.
This could eventually iead to major failure of the
pillar under the action of the predominant E-W
stress., Yielding of the pillar in the E-W direction
under approximately constant stress can be imagined

to have caused a sympathetic increase in the vertical

and N-S5 stress components, due tc a "mutual
confinement" effect. As such a process continued, a
point was presumably reached when the net stress
condition in the pillar resulted in the pillar

becoming stable, due to the strength enhancing effect

of the confinement provided by the vertical and
¥-5 stress components.
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TABLE 2

RESULTS OF ARSOLUTE STRESS MEASUREMENT (STRESS
COMPONENYS IN MPa), PMIEL 10 CROWN PILLAR.

Date oy {approx ay (approx o3 (approx
E-W) VERT) N-5}
30 nugust 76 33 5 3
21 October '76 58 6 -5
18 February '77 56 26 25
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A number of rod extensometers were installed, in
August 1976, to monitor dilation of the pillar.

Most of these were read manually on a periodic basis
by mine personnel. As such they provided a means of
keeping track of the magnitude of deformations, but
not necegsarily of being able to locate precisely,
in time, the point at which sudden movements
occurred. For this specific purpose, one
extensometer was fitted with a continuous deflection
transducing and recording system (DC-LVDT attached
to analogue chart recorder).

The overall history of pillar stability can be
observed from the extensometer results (Fig. 10).
For the period of active mining up until the end of
October all extenscmeters revealed an approximately
linear pillar dilation of modest mganitude, that
san be attributed to the guasi-elastic response of
the pillar to the increase in E-W compression
generated in the pillar by mining. The period
between the end of Qctober 1976 and February 1977
is typified by two pronounced jumps in dilation,
corresponding to episocdes of violent pillar failure,
with an intermediate phase of steadily increasing
dilation occurring at an accelerated rate reiative
to the movements prior to October 1976. This mode
of behaviour is consistent with the mechanism
postulated previously, with two distinct large
scale pillar failures occurring about the end of
October 1976 and approximately mid Japuary 1977,
goon after the event of Januaxry 1977, the pillar
reached a stable condition with negligible further
dilation. This implies that the event in January
eventually resulted in the pillar reaching a stable
condition.

i1 o

0

’_A——‘»_r—"”“*_.l 45

EXTEHSOR  (mn)
W4 20 4 08

8L
[4]
IR EPU S WP WU N A T S
G LD 80 20 100 120 1.0 60 180 200 220 240 260 00 30 320 3o 360 340 400

0 2
™) AUG |SEPT § 0CT | Hov | DEC | tAn | FEB [MARCHIAPMIL | HAY | 3UKE | JuLy § AUG
1976 1977 w

i)

<

Fig. 10. Pillar @ilation measured on the west side
of the Panel 10 crown pillar. Two
extenscometers per hole S:shorter,

L.:longer.

In order to identify precisely when the pillar was
displaying seismic activity, a CSIRD microseismic
detector was installed in the pillar near to the
anchor location of the extensometer fitted with
the contipuous recording system. Microseismic
noises detected by the device were transmitted to
a recording station lcocated on 12 level, where a
CSIRO "count rate converter" was used to filter
out background noise below a freguency of 10 kHz
and then to convert each remaining analogue signal
to a digital count representative of the intensity
of the signal. 7The principle of operation is
illustrated in Fig. 11 for a microseismic noise
recorded from the 10 Panel crown pillar. The
total cumulative count for repeated noises
detected in the crown pillar was displayed in
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Fig. 11. ‘fTypical microseismic noise, recorded in
Panel 10 crown pillar at 23.05 h
29 October, 1976 showing principle of

noise counting.

analogue format on the same chart recorder that was
ugsed for the continuous record of deformation, on
the same time base. This meant that periods of
high activity in the pillars, which appeared as
high count levels, could be directly compared with
the occurrence of deformations.

A single Naticnal Coal Board rigid inclusion
stressmeter was installed, in early November 1976,
to monitor changes in the vertical stress component
in the upper portion of the pillar. The aim of
this was not so much to gain a complete
understanding of the changes cccurring in the total
state of stress, but to be able to record, in time,
for purposes of correlation, the tceurrence of
sudden changes in stress.

Figure 12 shows the combined results of the
continuous monitoring for the period, NWovember
1976 to February 1977, with displacement, change in
vertical stress and cumulative noise count
displayed on the same time scale. The pronounced
changes in all guantities recorded early in the
pericd of monitoring may be attributacle to the
after-effects of the activity knowmn to have
occurred around the end of October. The equipment
had not been operating long encugh, however, to
get a reliable record of the complete behaviour.
There was certainly some evidence of a specific
event of pillar failure occurring on 15 November.
This event was not nearly as significant, however,
as the major event that oceurred on 21 January,
1977 for which a complete record was obtailned.

At this time all guantities showed a dramatic
increase. Pillar dilation increased by
approximately 50 mm, and at the same time a very
iarge increase in vertical stress was observed.

The interpreted magnitude of this latter change was
considerably greater than the net change in the
approximately corresponding stress component
indicated by the absolute stress measurements.
discrepency was most likely the result of the
application of an incorrect calibration factoxr
for the interpretation of stress changes from the
stressmeter strain changes. This discrepency in

the magnitude of the stress change has not been
satisfactorily resolved. The important aspect

is, however, that an increase in vertical stress

of significant magnitude was noted to occur
contemporanecusly with the pillar failure, after
which, for the relatively short period of monitoring
remaining, the stress appeared reasonably constant
{as did displacement and noise count). This
behaviour is consistent with the mechanism
postulated previcusly in which it was the event

of January 1977 which eventually marked the advent
of pillar stability.

this



= 2471 menitaring discontinued
i s 4 for pxperimental reossns
H
i
~ gr l
% ol
L 2| . !
:
& b
A -
w =} ol
= el 2
5
a3
=
-
a w2
Lol X s}
- alk
5 w“
S ] = vaist Coant
w Eal =
= nS Eal
% ep £
E| A3
= &
L at P af
” Sress
=}k
Dtsplnt!mﬂ\'
= /'_//
ok
-l

HOVEHBER | DECEHBER angARY | FEBRUARY |
197 wn

Fig. 12. Extensometer movement., vertical shress
and noise measurcd in Panel 1) crown

pillar,

Figure 12 shows clearly that the sudden jump in
noise count that cccurred as a result ef the event
of January 1977 was preceded by a significant
pericd in which the background noise count rate
noticeably increased {at least one week) without
corresponding acceleration of stress and
displacement. For approximately half an hour
immediately prior to the event, the noise count
was observed to drop to a negligible lewel. This
form of behaviour has been previously observed in
relation to mieroseismic monitoring overseas
{Leighton and Steblay, 1975) and is currently
being used as one of the bases for microseismic
warning systems.

4 CONCLUSIONS

From the results of the two monitoring programs
described, & number of specific observations were
made in relation to the performance of crown
pillars in the particular mining situations
concerned. Such conclusions are, by their nature,
of greatest significance in the context of the
relevant mining situations and have already been
discussed. There were, however, some aspects of
general interest. In the broadest possible
sense, the following points can be made:

(a) High compressive stresses, close to the
relevant uniaxial compressive strength of the
rocks involved, appeared to be the primary
cause of instability at both mines. The
situation was influenced in each case by local
factors such as geology and mining practice.

(b) The major stress in both cases was the east-
west component. Both in the Mt. Isa and
Broken Hill areas the major tectonic stress is
in the E-W direction (Worotnicki and
Denham, 1978) and the orientation of the
orebodies and/or stopes was such as to cause

a further concentration of the E-W stresses
in the pillars.

(c) Pillar stability appeared to be affected by
pillar geometry., The squat pillar {normal to
predominant loading) at Mt. Isa showed evidence
of being relatively more stable (small
dilation) than the approximately equidimensional

pillar produced in Panel 10 {relatively large
dilation).

(d) In both situations, the investigations helped
to gain a more guantitative understanding of
pillar behaviour and to judge their relative
state of stability. For the range of
instrumentation employed, the following
comments can be made:

(i} Absclute stress measurements
(particularly employing the CSIRD hollow
inciusion cell) proved universally
effective,

(ii) Stress change monitoring proved useful,
but refined and more reliable
instruments are required before the
technigue could be used on a routine basis.

{iii)Deformation monitoring techniques are well
established and relatively reliable. &s
demonstrated, however, dilation cannot
always be relied on as a precursor of
failure. Pillars with squat geomatries
(eag. ML, Tea) may not axhibit significant
diJation prior Lo reachling criticel streas
levels.,

(iv) Microseismic monitoring showed positive
indication of potential value as a
practical tool for giving warnings of
imminent violent failure (marked count
rate decrease) and possibly as a means of
giving long range -_orecasts {increase in
count rate) enabling remedial action to
be attempted (reinforcing, destressing).
Considerably more work is required to
develop the full potential of the
technique. Variations inciluding local
and regional systems employing various
frequency ranges are possible. The
promise shown by this technique has led
Mt. Isa Mines to install a comprehensive
rock noise location system in the area of
the Racecourse Orebodies (Godson, Bridges
and McKavanagh, 1978) as the most cost-—
effective way of monitoring an extensive
area.

(v} The ultrasonic wave praopagation technique
gave some evidence of being able to
monitor pillar cracking, and may be able
to be developed to a stage of hecoming a
practical tool. Operational complexity
and the localised nature of the technique,
however, means that even if developed it
will probably only ever be useful for
applicaticn in specific arecas of great
importance and would not be able to
compete with the wider application
possible with the microseismic technique.
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BUMMARY
formed duzring open stoping at the Warrego mine,

A geotechnical investigation was pexformed to assist in the problems of recovery of large pillars
N.T., Australia.

The investigation inecluded lakoratory and in situ tests of rock properties; measurement of the primary rock
stresses in the ore and in the country rock using the newly developed CSIRD triaxial stress gauge; and
theoretical analysis of stresses and deformations around stopes and in pillars using photoelastic finite

element and boundary integral equation methods.

A program of monitoring mining-induced stresses and

deformations was also begun, using newly developed instruments,

The pre-mining stress measurements showed the presence of high horizontal compressive stesses with the majox

stress conformant with past foléirg in the area.

The influence of the three-dimensional geometry on the

mining-induced stresses was assessed from comparative finite element and analytical studies of idealized

two-dimensional and three~dimensional models.

For the Warrego mine, estimates of stability from two-

dimensional analyses were found to be generally conservative with respect to those from three-dimensional

analyses,

Monitoring of pillar stresses and deformations during progressive firing of the uppermost pillar

has shown changes similar to those predicted from the theorstical analysis,

1 INTRODUCTION

As the cost of pillar recovery per tonne of ore is
usually much higher than that of mining primary
stopes, maximisation of the size of primary stopes
and minimisation of the size of pillars, and the
selection 0f the most economical and safe method of
pillar recovery, are the cardinal aims in planning
open-stoping operations.

However, the theoretical methods of design of stopes
and pillars in metalliferous mines axe still in an
early stage of development and the relative comp-
lexity and variability of mining conditions hinder
the establishment of empirical design rules and
criteria. To develop these methods, observations
are needed of the behaviour of stopes and pillars,
particularly of "failure" behaviour, backed up by
information about the rock properties, structure
and stress conditions of the rock. These observ—
ations require improved methods of measurement of
parameters which determine the rock behaviour, of
prediction of the rock failure and the manner in
which it will progress, and of monitoring rock
behaviour in situy.

This paper presents a summary of a geotechnical
investigation performed to assist the optimization
of open stoping operations and pillar recovery

at the Warrege mine, Tennant Creek, Northern
Territory, Australia,

The study included the determination of premining
rock stresses, rock structure and properties; a
theoretical analysis for prediction of rock
behaviour during mining using photoelastic, finite
element and boundary integral equation methods;
and the monitoring of stress changes and deformats=
ions during mining.

The paper is primarily concerned with aspects of
the investigations which are of general interest
regarding the methods used in, and observations

obtained from the investigations. Details of the
different stages of the investigations are
presented by Worotnicki, et al. (1976, 1977, 1979)
and Wold and Worotnicki (19792}.

2 WARREGO MINE

2,1 Geology

The main orebody at Warrego is essentially a flatt-~
ened pipe of magnetite and quartz~magnet1te
plunging approximately 40 o559 {mine bearing). A
schematic north-south elevation is shown in

Figure 1,
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Fig. 1 Schematic N-S elevation of Waxrrego orebody
indicating stress measurement sites and planes for
theoretical analysis.
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The pipe contains irregularly dispersed sulphides,
chiefly chalcopyrite, pyrite, bismuthinite, and some
gold. It is surrounded by quartz (-chlorite}
porphyreid and chloritic slates to the east
(hangingwall) with chloritic slates and chleritic
spotted slates to the west (footwall). These
footwall slates axre separated by a major fault

(the Footwall Fault) with an associated shear zone,
from guartz-muscovite-haematite sediments further
wast.

Mining is generally confined within the magnetite
orebody with the hangingwalls and footwalls of the
stopes situated ¢lose to or at the contact of the
magnetite with the guartz porphyroids and the
chloritic slates. A geological plan showing the
main rock units and the stope and pillar configur-
ation at 3 level is given in Figure 2.
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Fig. 2 Plan of 3 level, Warrego Mine, showing main
rock types and 40 pillar

The main structural features in the country rock are
the bedding, the slatey cleavage, and the joints
associated with the fold pattern. The mean
orientations of these structures are shown in
Figure 3.

The joints in the magnetite orebody are tight and
discentinuous, and structurally as well as strength-
wise the orebody is a much more competent formation
than the country sediments. However, no general
patterns of joints have been identified in the
orebody from the available information.

At the orebody-country rock contact the slates ané
porphyreids are intensely fractured, and irregularly
jointed to a depth of a few metres, the footwall
being more severely fractured than the hangingwall.
The magnetite does not show this form of fracturing.

2.2 PReck Properties

Rock properties were determined from uniaxial and
biaxial compression tests on cores obtained from
exploratien diamond drilling, flat-jack installation
drilling, and stress-measurement overcoring.
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Fig.3 Lowexr hemisphere projection of principal
stresses and geological features at Warrego

Mean wvalues for the uniaxial compressive strength
{U.C.8.), tangent modulus and specific gravity of
the ore and country rocks are given in Table 1.
The best estimate of the ratio of ore specimen
strength to country rock specimen strength is 5.6
(range 2.5 - 12,0 with 80% probability). The best
egtimate of the ratio of ore specimen modulus to
country rock specimen modulus is 2.0 (range 0.9 -
4.5 with 80% probability). The country rock
specimens could not be subdivided into ‘ock-type
groups on the basis of strength, modulus or specific
gravity, but this may have been due to the small
sample tested.

TABLE 1
Rock Mean unconfined Hean tangent  Mean
group compressive modulus at apecific
strength (U.C.5.) a0% U.C.5. gravity
(MPa} (GPa)
ore 305 65 ' 4.08
{202-463 with {48-79)
80% probability}
Country 55 36 2.76
rock [21-84) [20-562)
2.3 Mining

During the period 1973-1975, primary open stopes
20m wide and 85-150m high wer excavated at the
upper levels (42, 38 and 34 stopes in that order)
with the stopes separated by pillars 20m thick

(40 and 36 pillars) as illustrated schematically
in Figure 1.

The following pillar recovery sequence was propoged
by Peko Mines Ltd. engineers for the upper region
of the orebody.

(i) Firing of the southern half of 40 pillar
into 38 stope, in two Sm segments, follow-
ed by drawdown of the fragmented ore, and
the f£illing of 38 stope with cemented £ill.
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{ii) Piring of the northern half of 40 pillar
into 42 stope, followed by drawdown of
the fragmented ore from 42 stope and the
£filling of 42 stope with uncemented
gravel £ill,

Extraction of 36 pillar by firing
segments into 34 stope, or alternatively
mining a 5m wide expansion slot along
the mid-plane of the pillar and mass
firing the outer shell of the pillar into
the slot.

(1id)

Following the firing of the first 5m thick segment
of 40 pillar, mining has been temporarily suspended
in this region, with mining and development
proceeding at lower levels. Theoratical analyses
of stoping operations at lower levels,

pexformed as part of the overall geotechnical
investigations (Wold and Worotnicki, 1979}, are
rot presented in this paper.

3 STRESS MEASUREMENTS
3.1 Test Procedure

Virgin rock stresses were measured at three sites
in the upper levels of the mine., Two sites were
within the orebody at 4 level and at 6 level, and
one in the country rock at 4 level (see Figure 1}.
The borehole overcoring technigque was employed,
utilising two types of borehole deformation
measuring devices.

Cne was the well known USBM borehole deformation
gauge which permits the calculation of the second-
ary principal stresses in the plane perpendicular
te the axis of the borehole. To determine the
three dimensional stress tensor, separate tests
needed to be carried out in at least three
non-coplanar horeholes.

The other was the newly developad CSIRO hollow
incluaion stress cell. This cell measures nine
components of the strain on the pilot hole surface
due fo overcoring and thus permits the full deter-
mination of the stress tensor in one overcoring
operation. Figure 4 shows the type of the CSIRO
stress cell used in the Warrego tests. ‘The cell
basically consisted of an epoxy resin shell
containing strain gauges which was mounted on a
steel pipe which served as a cement container.

all electrical connections were encapsulated with
the cable emerging through the steel rear end.

A modified design is given by Woretnicki and
Walton (1976).

Inobotg the original and modified designs, three

45 /90" strain gauge rosettes spaced at 120 along
the circumference are embedded in the epoxy pipe.
The arrangement of strain gauges gives three
circumferential and two axial gauges and four
gauges at + 45° to the axis of the hole. This
layout allows approximately evenly balanced sensit-
ivity to different components of the stress tensor,
and provides for some duplication of gauges so

that in the event of a malfunction of one strain
gauge of any of these three groups, it would still
be possible to obtain the full stress tensor with
reasonable accuracy. The strain gauge circuit is of
three wires guarter-bridge type, and utilises the
internal dummy of the stxain indicator. Correction
factors are applied to allow for the fact that the
strain gauges are not situated on the surface of the
pilot hole.

The rock stresses were computed from the overcoring
and biaxial compression test results using a
computer program based on the work of Panek (1966).

In the program the least squares method is used ko
compute the most probable values of the rock
stresses and the standard errors of the six stress
components in a chosen coordinate system {in this
case the vertical, and the mine -north and -west
directions),

A total of 53 overcoring tests were performed, of
which 35 were successful. Of the 18 unsuccessful
tests, 11 were caused by core breakage problems.
Results from the USBM type gauges were similar to
those from the CSIRO stress cell. Further work
has confirmed that the two technigues give similar
results vhen rock conditions are suitable.

3.2 Stresses

The average stresses obtained for the different
sites are showm in Table 2. At all three sites

the vertical stress is approximately consistent
with the depth of overburden above the site (taking
into account the magnetite above the sites 1 and 3).
The horizental stresses are 2.C to 2.5 times the
vertical stress, with the east-west stress

generally greater than the north-south stress.

The similarity of the major principal stress o) at
the sites in magnetite (sites 1 and 3} is notable.
However, at site 2 it is the intermediate
pringipal stress os which is directed similiarly to
gy at sites 1 and 3,

Because of the scatter of the stress observations
{both of an experimental nature and due to the
stress variations in situ) and the relative
closeness of test sites, no conclusion can be made
about the manner in which stzesses in the Warrego
orebody vary with depth (except for the vertical
stress which seems to be proportional to
overburden) .

Pooling the resultsz from all sites (1, 2 and 3}
together shows that all cbserved strains appeared
to belong to the same statist’sal population. The
average stresses for all three sites are very
similar to those for sites 1 and 3 analysed
together. (Table 2.)

The major principal stress g) is apparently directed
rerpendicular to the fold axis and approximately
parallel to the mean planes of joint sets J1 and J2
and the slatey cleavage 5, as described by
Gouleviteh (1975) and shown in Figure 3,
directed at about 60° -~ 75° angle to the footwall
fault. It would appear that at the time of foiding
which produced the girdles of Ji and 8, the major
pressure was in a direction close to that of the
present ¢; with Jl and J2 extension joints caused
by this pressure. This would support the hypothesis
that at the lower levels in Warrego Mine the major
stress acts in a direction similar to that at

levels 4 and 6.

It is

4. THEORETICAL STRESS ANALYSIS
4.1 Approach

The theoretical analysis was performed with the
following objectives:

(i) te estimate the stress levels in the stope
walls and pillars after mining of the
primary stopes;

(i) to study the effect of pillar recovery
methods on the stresses and deformations
in the stope walls and pillars, in
conjunction with the in sifu measurementsg
and cbservations.
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TABLE 2
VIRGIR ROCK STRESSES AT THE UPPER LEVELS OF THE WARREGO MINE USING
MEAN VALUES (F E = 69 GPa, v = (.25
Stress Components (MPa} Principal Stresses (MPa) & Directions
Dopkh o, s % o Twe Ywe | %1 B“gl By °, B“ﬁz Eiz 9 ““fa Eia
fm) ) ) ) ) ) )
Site 1 295 17.6 17.5 7.6 -2.7 0.4 9.2 20,2 224 1 14.9 314 3 1.6 120 87
{2.1) (1.4} (1,3} (2.0)  (0.9) (1L.0)
Bite 2 245 13.2 15.6 8.2 0.6 =37 -3.2 18.0 116 26 13.4 211 9 5.6 19 62
(1.9) {2.5) {1.%) (.6} (1.3) (1.1}
Site 3 320 11.3 9.6 12.3 ~-5.3 2.2 2.6 21.1 243 15 12.0 119 63 8.2 339 21
{4.2) .7y (2.2) (i.6) {1L.2) (l.8)
Site 1 & 3 see 16.0 8.2 9.4 4.1 0.8 -l.2 21.6 232 6 12.9 142 7 9.2 4 81
Cre sites  above {2.0) .1y .2) (0.93 (0.7) (0.9}
Site L2683 500 l4.0 16.4 2.0 ~-2.3 =0.6 -1.7 17.9 238 3 13.3 147 22 8.3 334 68
above (1,4) (1L.0y 1.0 (0.8) (0.6) (0.7
Stresses at Site I by Different Technigues
USBM Tests 13.7 16.3 1.1 0.6 -0.8 3.0 16.7 67 11 14.4 Kk 1B 5.9 188 6%
{4.4) {2.1) (1.8) (1.7} {1.3) (1.8
Hollew Inclusicn 15.4 20.6 11.3 ~i.4 ~2.0 0.3 21.3 76 11 15.0 347 -2 10.9 267 79
Gauge {0.B) (0.5) (0.8) {G.4) (0.4y (0.5) *
H.B (i} Values in parenthesis are standard errors.
(1i) BRG = bearing, east of mine north.
{iii) EL = Elevation, upwards from the horizontal.

The modelling methods used were the photoelastic
method, the finite element method and the boundary
integral equation method. The complex three~
dimensicnal geometry of the mine could not be
practically simulated, and it was necessary to make
significant assumptions when trying to represent
the problems theoretically. The approach adepted
was to select two-dimensional planes through the
region of interest, in which it was assumed that
the geometry and rock structure did not vary
significantly in directions perpendicular to the
chosen planes and that no deformations could occur
in these directions (i.e. plane strain conditions).

Five planes were chosen in which these conditions
were thought to be most closely approximated. These
were three horizontal planes though 3,4 and 6 levels
of the mine; a vertical plane through the mid-section
of a primary stcge (38 stope); and an inclined sec-
tion, dipping 60 N, which intersected the pipe-
shaped orebody nearly perpendicularly, between 5 and
7 levels. These planes are indicated on Figure 1.
(It was assumed for the irclined plane model that

both the primary stopes and the piilars had been
excavated,)

The general approach in interpreting the resuitsg
from the - two-dimensicnal analyses with respect to
the three-dimensional prototype was to endeavour to
represent the general geometry of the prototype in
a simple three-dimensional model which could be
analysed theoretiecally, then to consider two-dimen—
sional sections of the simplified three-dimensional.
rmodel; and finally to apply the results of
comparisons between the simplified two-dimensional
and three-dimensional models to the more complex
two-dimensional model of the prototype.

4

In the case of the Warrego mine, to estimate the
effect of pillar and stope wall stresses of the
three~dimensionality of the stope geometry, an
analysis of stresses around a spheroidal opening
(ellipsoid of rotation) was performed using the
finite element method, and the results compared with
the results for infinitely long tunnels with cire-
ular and elliptical cross sectiens, similar to the
cross sections of the spheroid nommal to its minor
and major axes respectively. Pillars were included
in some of the analyses.
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4.2 Analysis
4.2.1 Two-dimensional

In brief summary, the two-dimensional models showed
that after excavation of the pillars, the convex
footwall was likely to develop semi-vertical tensile
stresses to a considerable depth (up to 15m) over a
height of up to 100m (Figure 5). The horizontal
stresses in the wall were predicted to be compress—
ive while the pillars separating the stopes were
still intact. However it was found that progress—
ive mining of the pillars would tend to relieve the
horizontal compression of the stope walls (Figure
6(a), (b), (e)) with a state of biaxial tensile
stress indicated in the footwalls of the models
after remowval of the pillars.

Pillar stresses at the higher levels in the mine

were indicated by the models to be up to 40 MPa,

and at lower levels, in pillars with a considerably

gzeater height to width ratio. up te S0 MPa In.situ.
§

ShMPa
Sraie na

Fig. 5 Boundary stresses around vertical section

through 38 stope, adjacent pillars, assumed excav—

ated. Stress plotted noxrmal to boundary, boundary
as origin

e
Scale eer
0

Fig. & Boundary stresses around plan section of 4 level, for three stages of excavation.

S0HPg
Scate

With regard to leaving a skin of magnetite ore for
the purposes of ground control, the analysis
indicated that this would concentrate stresses in
the relatively stiff magnetite by a factor of bhet-
ween 1.3 to 1.% depending on stope geometry and
the thickness of the skin. However the higher
strength and structural integrity of the magnetite
would be expected %o adequately compensate for the
increase in stress level.

4,2.2 Three~dimensional

The coordinate system for the analysis of the
spheroidal, elliptical, and cylindrical openings
is shown in Figure 7(a). Kormalized stresses at
five points of interest, as indicated in Pigure
7{b) are given in Table 3 for uniaxial and biaxizl
loading cases of the FEM model, and from the
analytical solution for the c¢ylinder. ‘Typical
principal stress vector patterns for the case

of uniaxial loading of the gpheroid and the
elliptical tunnel with pillars are given in Figures
8(a) and 8(b).

There is a strong similarity between the two-~
dimensional and three-dimensional stress distribut-
ions, with a general reduction in stress levels
both in the pillars and stope walls of the three-
dimensional model, compared to the two-dimensional
model.

The distribution of stresses with increasing dist-
ance from the stope walls, as given in Figures 9(a),
(k) , 9{c) for the spheroid with and without pillars,
and for the cylindrical tunnel without pillars,
chows a marked decrease in the volume of rock which
is affected by the spheroidal opening with pillars,
compared to that without pillars and to that which
is affected by the cylindrical tunnel.

With respect to the two-dimensional models of sect-
ions through the Warrego mine, results of the
three-dimensional analysis sucgest that the tensile
stress zones in stope walls w. 1ld be shallower and
the atresses of lower magnitude, than those predict-
ed from the two-dimensional models.

BEstimates of the effect of the finite length of the
orebody on the stresses in the stope walls and the
pillars were also obtained by comparison of the
results for the spheroid with those for the
infinitely long cylindrical tunnel without pillars,
and with transverse pillars. The results showed
that the load carried@ around the =nds of the

S0Py

BT
Seele ey

Stresses plotted

normal to boundary, boundary as origin - (a) stage 1, (b) stage 2, {¢) stage 3
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TABLE 3

Applied Stress Px - PY = 0; Pz =1 Pk =P =1; Pz =0 Px = PY = pz =1
Enpillar® Encountry rock® 1:1 211 1l 2:1 1:1 2:1,
Spheroidal opening nadial stress at pts. . -0.17 =-0.24 1.3 1.89 .14 1.65
acpre = 1il:2 AB in pillars oy -0,20 | ~0,29 1.30 1.87 120 {187
Pillars normal to z axis :
Tangential stress at 9 ~-0.13 -0,13 1.57 1.5 l.44 1.39
pra. C/D.E in "atope o 0.97 1.02 «0.10 | -0.20 ros | 1.m
“E 1.54 1.64 -0.21 o.21 1.44 1.64
Elliptlical tunnel x direction stress at o -0.34 -0.40 1.75 2.06 1.41 L.67
atbig = lemi2 pru. A,B An pillaxs oy -0.37 | -0.46 1.7 2.00 1.38 | 1.62
Pillars normal to = axis
Tangential stress at 9 =0.35 -0.29 2.41 2.05 2.06 i.r8
pts. C,D, B in "stope"
wail 9 1.32 1.39 ~0.26 =-0.36 1.27 1.18
dz 2.12 2.23 -0.38 =0,26 1.91 2.22
Circular tunnel x direction stresa in
azbic = l:1:= pillars 1.41 1.87
Pillars noxmal to = axis

ot j’fﬁ%
,é%%%ﬂaﬁm

i~

Fig. 7a) Coordinate system for analysis of spher~
oidal, elliptical and cylindrical openings; showing
e.g. spheroidal opening with pillars

o
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RN AR
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¥

Pig. 7b) Section through x-z plane showing points
chosen for comparison of strxesses (Table 2}

sphercid reduced the stresses in the central region
of the spheroid by up to 15% compared with those
around the eylindrical tunnel.

5609 5650

Fig. 8 Principal stress vectors in
opening with pillars;
{see Table 2).
a) spheroid, a:tb:c =

Py =1

X-2 plane of
Ep:Eg = 2:1; Px = Py = 0O,
Note use of symmetry.
1:1:2; b) ellipse, a:b:c =

5. MONITORING OF RCCK BEHAVIOUR

5.1 General

The first pillar to be formed at the Warrego mine

was 40 pillar (Figures 1 and 2).

A programme of

instrumentation was developed to study the behav-
iour of this pillar during the excavation of its

southern face in 5m segments.

(iii)

This consisted of:

Monitoring the stress changes in the
pillar from a selected area in the drive
at 3 Level using plastic borehole atrain
measuring cells.

Monitoring the deformations of the pillar
and in the hangingwall and footwall
abutments using wire extensometers.
Visual observation of the conditicn of
the pillar from a drive through it.

In addition, an investigation was undertaken into
using changes in the magnetic susceptibility of
rock to monitor stresses in the piliars.
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Fig. 9 Distribution of stresses with distance from 'stope' wall - a) spheroid with pillars, EptEg = 2:1,

b) sphercid without pillars, <} cylindrical tunnel

5.2 Borehole Strain Measuring Cell

The cell is a miniaturized version of the INEC
solid inclusion c¢ell (Rocha and Silverio, 1969}
used for the determination of the absolute values
of stresses by overcoring. It is basically a solid
epoxy (Araldite B) cylinder in which there are
emgedded nine active electrical strain gauges at
457/907 rosettes in three perpendicular planes and
one dummy gawge. In the CSIRO version, the length
of the strain gauged section is 5cm, and the total
length of the cell is 20cm, compared with 20cm and
56cm, respectively in the LNEC cell.

Four cells were installed in four, 38mm diameter,
457 dipping boreholes located in the central area
of the pillar, The cells were monitored approx-

imately once per day for a week before and for a

week after the pillar firing.

The average observed stress changes are given in
Table 4.

TABLE 4

Virgin stresses in the
Warrego orebody

Stress changes in 40

pillar due to

removal of OM
segment

MPa BRG EL MPa BRG EL

gy 21.6 2322 ez
oz 12,9 142 7
(=] Q

g3 9.2 4 81

soy 1.8 243° o°

foy 1.2 57 732
Aoy -0.4 150° 14

The observed stress changes were of similar type but

smaller in magnitude to those obtained from the
theoretical analysis. The theoretical values were
calculated taking into account the three-dimension—
ality of the crebody as previously discussed and
also utilizing the results of a similar and
independent analysis (Hocking, 1978) concerning
stresses in pillars in an ellipsoidal opening. The
cbsexved and theoretical changes in pillar stress
are given in Table 5,

TABLE 5
49 east-west AUvertical
(MPa) (MPa)
observed 1.7 1.3
theoretical 2.8 1.1

The differences between observed and theoretical
values could be caused by experimental factors, by
variations in in situ stresses, by the proximity of
pillar 40 to the northern end of the orebody, and
by the assumptions and approximations inherent in
the thecretical analysis.

Mnother possible cause is that the modulus of rock
mass in the pillars was lower than was assumed in
the computations. A reduction of the pillar
modulus to less than half of that of the country
rock could account for the differences in observed
and thecretical values.

5.3 Extensometer Chservations

Rock defoxrmations in the east-west direction within
40 pillar and in the eastern and western abutments
of the pillar were measured using Potts Mark II
extensometers.

Stainless steel wires of 1.1lm diamster were
spanned between target points lorated in an east-
west drive through the pillar and in the western
abutment of the pillar.

The largest movements were observed in the western
abutment of the pillar across the Ffootwall fault,
During the firing an extension of approximately

3mm -~ Smm occurred across the fault. The movements
between pairs of reference points in the drive in
the pillar itself were in most cases too small to be
measured accurately,

The movements within 40Q pillar and in the pillar
abutments which could be expected thecretically

as a result of firing of the 5m segment, were
analysed using the boundary integral equation method
{Ricardella, 1973). The rock was assumed to be a
continuous, linearly elastic, isotropic material.
The deformation modulus of the pillar was taken

to be about one half of the medulus value of intact
magnetite specimens.

The analysis confirmed that under the assumed
conditions, mining of a 5m segment would cause

only very small cumpressive deformations in the
pillar and small tensile deformations in the western
abutment of the pillar. There was much smaller
compression on the northern side of the pillar than
on the southern side. Visual observations in the
drive containing the extensometers showed the
formation of cracks in several places, particularly
or the northern side. It appears that the condit~
ion of the pillar during and after firing of the

5m segment was considerably worse than indicated in
the theoretical analysis.

2-175



5.4 Magnetic Susceptibility Measurements

Attempts to monitor changes in the magnetic suscep-
tibility of 40 pillar during excavation, based on
the results of laboratory experiments were incon-
clusive due to £ield instrumentation problems.

6. CONCLUSICNS

The investigation has produced benefits in two
main areas: the development of more reliable and
advanced methods of obtaining gecmechnical data;
and a better understanding of the behaviour of the
stopes and pillars at Warrego, and of metheds of
modelling this kehaviour.

The premining stress measursments showad the pres-
ence of high horizontal compressive stresses at
Warrego conformant with the past folding in the
area. The major rock stress at the upper levels of
the Warrego mine acts approximately horizontally at
60" east of mine north and is approximately 2.0 to
2.5 times the overburden stress. PFrom the mine
design point of view this is unfavourable as it
leads to higher stress in the pillars (directed
east-west) and to a greater possibility of tensile
stresses in the stope walls.

With respect to methods of stress measurement, the
newly develeoped CSIRO hollow inclusicon stress cell
was found to be a practicable instrument for use
under mining conditions.

Comparison of the two~ and three-dimensional stress
solutions showed that the two-dimensional models
would give reasonable analyses of stresses, even
near the ends of an orebody such as at the upper
levels of the Warrego mine, The two-dimensional
analyses would err on the "safe" side both in the
compressive and tensile zones around the stopes and
in the pillars.

Observations during mining of 40 pillar showed
stress changes similar to those predicted but
somewhat smaller. Both the observed and predicted
deformations were small except for deformations
across the footwall fault, The deterioration
within the northern side of the pillar which has
occurred at moderate stress levels suggests that
the pillar has passed its peak strength, which may
be attributed partly to the slenderness of the
pillar.

The solid inclusion triaxial cell of LNEC type used
to monitor siress changes during the mining of 40
pilliar, gave reasonable results but showed drift
with time and needs to be improved to permit the
monitoring of stress changes which occur over a
period of time as for example, in cut~and-fill
mining operations.

The monitoring of the magnetic susceptibility of the
Warrego pillars to observe the changes in the rock
stresses has been confirmed in the laboratory as
theoretically possible, but would require extensive
further development work under in sity conditions.
The use of wire extenscmeters for monitoring of rock
deformations gave useful results, but rod extensom-
eters would have been superior, particularly for
monitoring piliars where aven small deformations

can be significant.
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The Performance of Disc Gutters in Simulated Jointed Rock

D. F. HOWARTH
Research Associate, School of Mining Engineering, The Unlversity of New South Wales

SUMMARY
disc cutters in simulated jointed rock.

A series of controlled laboratory experiments has been undertaken to assess the performance of
The disc cutters used (similar to those found on full face

tunnelling machines) were mounted on a linear rock cutting rig capable of cutting at speeds up to 300 mm/s

and sustaining thrust forces of up to 100 kN.
rectangular blocks of sandstone clamped together.

The simulated jointed rock test samples consisted of
The parameters measured to assess disc performance

were thrust, rolling and lateral forces on the cutting tool together with & quantitative assessment of the

size and mass of debris produced.

Several types of experiment were undertaken in order to ascertain both
fundamental and practical aspects of cutting in jointed rock.

These experiments invelved varying joint

width, jeoint spacing, overburden pressure, tool spacing and the angle of attack of the cutting tool

relative to the joint planes.

The results show the effects of jointed rock masses on cutting tool forces,
energy invelved in cutting and the size of debris preduced.

In addition a mechznism is proposed to

explain the low strength characteristics of jointed rock.

NOTATION

D disc diameter mm

C confining load t

C.I. coarseness index -

7, mean lateral force kN

FR mean rolling force kN

Fep mean thrust force kN

P penetration am

Q yield m?/km

S.E. specific energy MJ/m?

T joint width/thickness am

v velocity mm/ s

X block width or spacing between mm
joints

I uniaxial compressive streagth MPa

] breakout angle degrees

b disc edge angle degrees

U] angle of attack degrees

(angle of joint plane relative to
line of acticn of disc cutter)

1 INTRODUCTION

The performance of disc cutters of varying
geometries in continuous rock has been well
established (Roxborough and Phillips, 1975a} ané
(Czdemir, Miller and Wang, 1977). However, little
or no work has been undertaken to assess the
performance of disc cutters in jointed rock. (It
should be stated here that for the purposes of this

paper jointed rock is defined as a series of regular

blocks of rock, artificially separated to give open
joints or fissures of known regular dimensions.}

It is generally accepted that under most
circumstances jointed rock is weaker than a
comparablie block of solid rock. However, no
quantitative assessment of the forces and energy
required to excavate jointed rock has been made.
This information may have a practical application
when designing disc arrays for a tunnelling machine
head when cutting in areas with preferred joint
directions.

Mathematical models that have been proposed to
predict the disc forces required to penetrate
continuous rock are not applicable for a comparable

situation in jointed rock. The mechanism of
failure of jointed rock under the action of a disc
cutter is complex and difficult to quantify,

2 ROCK CUTTING RIG AND INSTRUMENTATION
2.1 Qutting Rig

The cutting rig used in these experiments was an
extensively modified planing machine shown in
Figure 1. This machine is capable of accepting
large blocks of rock, has variable cutting speed
and is robust enough to sustain static and dynamic
thrust forces (vertical} up to 100 kN.

% ¥

Figure 1  Rock cutting rig

In this system the cutting tool remains stationary
while the rock sample is passed beneath it. The
table is driven by a 7.5 kW induction wotor which in
turn is controiled by am AC variable fregquency
inverter which allows the speed of the table to be
continuously varied from 50-300 mm.s™',  Rock
samples of approximately 450mm x 450mm x 350mm are
meunted on the table and clamped firmly prior to
cutting. The individual blocks of rock comprising
the jointed rock mass were cut from large samples
using & diamend saw, blocks were separated using a
low strength material such as paper, care being
taken when assembling the units to ensure that the
media used for separating the blocks was below the
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penetration level of the cutting toel. This
ensured that the disc cut through open joints, A
confining load was provided in a line parallel to
the direction of motion of the table by a hydraulic
power pack capable of providing loads up to 10t., A
tensioned framework, also shown in Figure 1, was
provided to give a degree of lateral constraint.
The rig also has the facility to dress rock samples
prior to cutting.

2.2 Mode of Operation and Instrumentation

The experimental procedure involved setting the
experimental variables such as confining load and
penetration then passing the block beneath the
cutting tool. Thrust, rolling and lateral forces
were continually monitored during the experiment.
At the end of each cut, the length of cut was
recorded, debris collected and a screen analysis
undertaken.

Instrumentation included a triaxial dynamometer,
shown in Figure 1, {O'Dogherty and Whittaker, 1965)
capable of resolving the force acting on the disc
into three othogonal components. Signals are sent
from the dynamometer via dynamic strain amplifiers
to a microprocessor based data acquisition and mini
computer facility described in detail by Howarth
(1978). Data is stored in digital form on flexible
magnetic dises for future analysis.

3 TEST MATERIAL
The experimental programme was conducted in Gosford

Summersby Sandstone and has the measured properties
detailed in Table 1.

TABLE 1
PROPERTIES OF GOSFORD SUMMERSBY SANDSTONE
Grain size mm ‘ 0.7
Quartz content % 34

Unconfined compressive strengthMPa
Unconfined tensile strength MPa
Unconfined shear strength MPa
Static Young's Modulus GPa

Schmidt rebound number

Dry mass density kg/m®

42, 3¥2. 56 (A)*
2.84%0,36(B)*
14,5%1,62(C)+
9.62+2.47(D)*
47.4%6.43(E)*
2200%61

*Mean value of property in two directions,
one at right angles to the other

A.20 samples, cylinders 54.2mm dia.x 108.3mn long
B.10 samples, discs 40.6mm dia.x 19.8mm long
C.10 samples, cylinders 40.7mm dia.x 78.5mm long
D.Tangent modulus, 10 samples dimensions as A.
E.125 values

4 EXPERTMENTAL PROGRAMME G DESTGN OF EXPERIMENTS
4.1

5ix major experiments were undertaken to establish
the effect of jointed rock masses on the performance
of disc cutters, each variable having five levels in
arithmetic progression and cach individual test
within an experiment repeated four times to obtain
mean values (Roxborough and Phillips, 1975b). A
series of preliminary experiments was undertaken to
assess the levels of variables to be used in the
main experimental programme, It was found that as
disc diameter increased the damage to the jointed
blocks also increased. Therefore in an effort to
minimise damage and preserve the integrity of the
jointed blocks the smallest diameter disc, namely
100mm, was chosen for the entire series of experi-

Experimentai Programme

ments. The experiments are detailed in Table II.
TABLE II
EXPERIMENTAL PROGRAMME
. Type
Exp¥ Parameters under ; Level of
No. Investigation Constants Variables Variables Eii
1 Fr, Fp, Q, SE D = 100mm P 2, 4, 6, B, 10mm a
(1.For validation of rock V = 50mm/s ¢ 30, 45, 60, 75, 900
cutting system
2,.For comparison with jointed
rock experiments,)
2 Fp, Fp, Q, SE D = 100mm X = 60mm P 2, 4, 6, 8, 10mm
V = 50mm/s ¢ = 90° ¢ 30, 45, 60, 75, 90° b
C 2, 4, 6, 8, 10 ¢
T 0,0.75,1.5,2.25,3.0mm
3 Fr, Fg, Q, SE D=100mm C=26t X 20, 40, 60, 80, 100mm
V = 50mm/s ¢ = 90© a
P = Gmm ¢ = 600 T 0,0.75,1,5,2.25,3. Omn
4 B, FR, Q, SE b= 100mm C=61t ] 30, 45, 60, 75, 90°
V = 50mm/s X = 60mm a
P = 6mm ¢ 30, 45, 60, 75, 900
5 Q. SE, CI X = 60mm C=6 t
V = 50mm/s 3P = 90°
T =1.50mm P = 6mm S/P 2,4,6,8,10,15,20 c
D= 100mm ¢ = 609
6 Q, SE, CI ¢ = 60° P = 6mm
{(For comparison with Exp. §) D= 100 mm V = 50mn/s S/p 2,4,6,8,10,15,20 ©

*  Experiment 1 and 6 in solid rock
Experiments 2 to 5 in jointed rock

a ~ two variable, fuli factorial
b - partial factorial
c - one variable, full factorial
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4,2 Design of Experiments

Experiment 2 was a partial factorial experiment
based on a method proposed by Protodyakanov and
Teder (1970) whereby experiments are chosen
systematically from an experimental matrix based on
orthogonal Latin squares. Essentially the method
allows a comparison of a parameter with a variable
at mean values of the other variables imn the
experiment. The remaining experiments are either
single or two variable experiments as iadicated in
Table Yi.

4.3 [Hse Cutting Parameters

The parameters of disc performance are defined as
follows :=-

1) Thrust force Fp - the average force required
to be applied vertically to effect a prescribed
penetration.

2) Rolling fowrce Fp - the average force required
to be applied in the direction of meotion of the
cutting tool to effect a prescribed penetration.

3} Yield @ - the volume of rock excavated per unit
distance cut.

4) Specific energy SE - the work done per unit
volume of rock excavated.

5) Coarseness index CI - a measure of the debris
size from an excavated cut. This is a
dimensionless number, being the sum of the
cumulative mass percentages recorded in the
screen analyses (Barker, 1964).

The mean lateral force ¥, was monitored for all
experiments and was founé to be sensibly zero,

and hence no further reference is made to this

parameter.

5 VALIDITY OF ROCK CUTTING SYSTEM
5.1 Experimental Results

It was deemed necessary to carry out rock cutting
experiments similar to those undertaken elsewhere
(Roxberough and Phillips, 1975a) in order to
establish the validity of the rock cutting system.
The results of this experiment (Experiment 1,
Table II} are shown in Figure 2.

g ey o Z
| == MEASURED Fr 9
%1' i I
t==-- THEORETICAL oz
2 39
# ci
! I
2 8 L]
A ‘8
= gl H o
g £ R
g "I F 2b
gt o
MR s e R e W Tm e g o iees i
PENEZTHATION. HM. PENETRATION. HM.
Figure 2 Comparison of measured and theoretical

values in unjointed rock (Exp. 1)
& = 600

The results show the same trends as reported
clsewhere, [Furthermore, Figure 2ZA shows that the
measured and theoretical values of Pp and [p are
in close agrecment. The theoretical values are
caleulated from the equations proposed by
Roxborough and Phillips (1975a}.
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T 4q, tan% /P _p* (1)
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R 49 P tang (2)

Figure 2B shows the yield te increase as the square
of the penetration and is described by the
eguatien

Q = P? tand (per unit distance cut) (33
where © is the breakout angle of the rock and is
equel to 727. Again this is in accordance with
work undertaken clsewhere.
6 EXPERIMENTAL RESULTS IN JOINTED ROCK
6.1 Effect of Penetration

The effect of penetration on Fp and F_ is shown in
. R
Figure 3A,
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Figure 3 Effect of penetration (Exp. 2)

#=60% T=1.5mm, €= 6t

Both F., and [, increase with increasing penetration
and follow similar trends as shown by an identical
disc in solid rock. There is close agreement in
solid and jointed rock forces at low penetration
however, as penetration increzses so does the
discrepancy between the forces. At a penetration
of 10mm the difference between F.. (solid) and

Fp (jointed) is approximately 25 percent.

Figure 3B, shows the curves for solid and jointed
rock for both yield and specific energy to be in
close agreement in both trend and magnitude. These
resuits appear to be anomalous; it was reasonable
to expect that the yield would be higher in the
case of jointed rock as a result of end chips being
formed at the air/rock interfaces. The specific
energy appears to be anomaleusly high, this is a
direct consequence of the lower yield. These
apparently anomalous results are being investigated
further.

6.2 Effect of Edge Angle

Thrust and rolling forces increase with increasing
edge angle as shown in Figure 4A.

The trends for jointed and solid rock are similar.
At small edge angles the discrepancy between jointed
and solid rock forces is negligible, however, as
edge angle increases the discrepancy increases and
in the case of Fr, at ¢ = 90°, this discrepancy is
approximately 36%. These results together with the
similar result reported in 6.1 suggests that jointed
rocks should be excavated with high edge angle discs
at high penetrations to obtain maximum cutting
efficiency.
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Figure 4 Effect of edge angle (Exp. 2)

P=o6mm, T=1.50mm C= 6t

Figure 4B, shows both yield and specific energy
increasing with increasing edge angle. The results
do not indicate any significant difference between
the magnitudes of yield and specific energy when
compared to an identical situation in solid rock.

6.3 Effect of Confining Load
The confining load was applied in a direction normal

to that of the joint planes. Tho effect of confin-
ing load on §p and Py is shown in Figure 5A,
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Figure 5 Effect of confining lead (Exp. 2}

P = 6mm, T=1.50mm, ¢ = 60°

Thrust and rolling force are marginally affected by
confining load.

Figure 5B, shows n reduction in yield and
corresponding increase in specific energy with
increasing confining load. However, as the daza is
scattered it is suggested that in actual fact yield
and specific energy are only marginally affected by
confining load, The maximum load (10 tonnes) that
could be applied to the jointed mass represents a
confining stress of less than 5% of the ultimate
compressive strength, however it was

net technically possible to increase the load
further. It is possible that loads in excess of

10 tonnes may have an effect on the parameters
shown in 5A and 5B.

6.4 Effect of Joint Width

Joint width is the distance between two adjacent
blocks of rock and was created by inserting low
strength media between the blocks. The effect of
joint width on Fy and Fp is shown in Figure 6A.
Rolling force is unaffected by joint width however,
thrust force decreases with increasing joint width.
This is partially due to the increasing reduction
in disc area in contact with the rock as joint
width increases. A further mechanism to explain

this reduction in force is discussed in detail in
section 7.
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Figure 6 Effect of joint width (Exp., 2)
P = 6mm, ¢ = 60°, ¢ = 6t
Figure 6B, shows the yield increasing the increas-
ing joint width. This is a result of larger end
chips being formed as the joint width increases.
The specific energy shows a significant decrease
with increasing jeint width. Thus cutting
efficiency increases with increasing joint width.
6.5 Effect of Block Width
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Figure 7 Lffect of biock width (Bxp. 3)

T = 1.50 mm # These points
extracted from Exp. I, i.ec.
Block width + « (solid rock)

Figure 7A, shows Fp and Fo increasing with increas-
ing block width to a point where both force curves
become parallel with the X axis. This occurs at a
block width of 100-120mm, at which point the
jointed rock can be regarded as a continuous mass,
Furthermore, the values of Fy and Fp at this point
are in close agreement with those obtained in

solid rock.

Yield decreases with increasing block width as

shown in Figure 7B. This is due to the smaller
weaker blocks producing larger end chips. Specific
energy increases with increasing block width,
implying that excavation is more efficient in

ground comprising of small blocks. Both curves tend
towards values obtained in solid rock, however, due
to the scatter of the data, the point at which the
jointed rock approximates the behaviour of a solid
rock cannot be defined.

6.6 Effect of Block to Joint Width Ratio

Further analysis of the data obtained in
Experiment 3 yields the graphs shown in Figure 8.
The points on the graph represent the ratic, block
width divided by joint width plotted against the
relevant parameter for all tests conducted.

These results confirm those reported in Section 6.5.
The limiting value of X/T (where the parameter
becomes parallel with the X axis) is approximately
80. At this point the value of the parameter
approximates the value obtained in selid rock.
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6.7 Effect of Angle of Attack and the curve levels off at a S/P ratio of
approximately 9.0. At this point the cutter is
Angle of attack is defined as the anglie of the operating in isolation, or in the unrelieved
joint plane relative to the line of act%on of the situation.
disc cutter. An angle of attack of 907 is defined
as the disc is cutting normal to the direction of Figure 10B, shows coarseness index to have a
the joint planes, The effect of angle of attack maximum value {coarse debris-large chips) at a
is shown in Figure 9. §/P ratio of 6.4 and levelling out zt a 8/P ratio
. of 9.0. The specific energy curve indicates that
g™ g i the cutter reaches peak efficiency at an $/P tatio
2 s of 6.4 and levels ocut at an S/P ratio of 9.0.
I f 2 ‘E’
3 g3 Maximum disc interaction is indicated at a S/P
& k i ratio of approximately 6.5. This was observed
i3 Ty §E during the cxperimental work, when the disc spacing
G 3 lsr . . was set close to a value corrosponding to an S/P
5 fr ig — g§ ratio of 6.5 relatively large slabs of rock were
* . - . 3 . [ g i observed tc break out between adjacent disc
8 * . e ———— g b grooves. Interaction between discs was observed
. R to stop at a §/P ratio of 9-10, at this ratio and
g gt R e SO0 R T 160 higher ratios the cutters operate in isolation.
RNGLE OF ATTRCK, DEGS. ANGLE OF ATTACK, OEGS,
The differences between the optimum and 'cut-off!
Figure @ Effect of angle of attack (Exp. 4) 5/P ratios for solid and jointed rock are marginal
a as shown in Table III.
$ = 45
The effect of angle of attack on thrust and rolling TABLE 111
force, yield and specific energy is negligible. ' S
For practical purposes it may be stated that the OPT%EU?Oiﬁg AggTEgESTEg/EOEQ?IOS
parameters are only marginally affected by angle
of attack.
S/P Ratio
6.8 Effect of Tool Spacing Reck Type
Optimum ‘Cut-off?
Disc cutters do not generally operate in isclation,
normally they ave disposed in an array on the . ;
cutting head of the tunnelling machine. It is, Jointed Rock (Exp. 5) 6.5 9.0
therefore, useful to know at what distance to Solid Rock  (Exp. 6) 5.9 11.0
space cutting tools in the array. In this
experiment discs were spaced at set distances from P =g  en@
. = émm, ¢ = 60
previously excavated grooves.

The most useful parameters available when assessing It is apparent that in relieved cutting in jointed

the effect of spacing, are those which involve the rock shear failure between adjacent grooves is .a
mass of rock created by cutting. These are namely predominant mechanism of failure and the formatio:.
yield, specific energy and coarseness index. The of end chips has very little effect.

effect of spacing on these parameters for both solid

and jointed rock are shown in Figure 10. The trends 7 A POSSIBLE MECHANISM TO EXPLAIM THE LOW

of these curves are in close agreement with other STRENGTH CHARACTERISTICS OF JOINTED ROCK

published experimental data (Roxborough and

Phillips, 1975a}. Figure 3A shows that at a penetration of 10mm the

difference in Fyp (solid) and Fr (jointed) is

Figure 10A, shows jointed rock yield to rise approximately 25%. Equation (1) can be used to
rapidly as tool spacing increases. The yield calculate the thrust force required to penetrate
reaches a maximum at a spacing of approximately solid rock, the reduction in thrust force due to
40mm, this corresponds to a S$/P (spacing to the decrease in projected disc surface area
penetration) ratio of 6.6, a sharp decrease follows contact can be found by using the equation
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Fp = o, ([4tang_wﬁpa-P“]-{sztangg) (4)
) )
$

The function 2PT tans is the projected area of disc
contact over one opefi joint. For the purposes of
the following calculztion the disc is assumed to
cut one open joint and to have its centre lie over
the centre of the joint.

If values of ¢, D and T are extracted the experi-
mental conditions (P = 10mm)} shown in Figure 3A and
substituted in equation (4) the reduction in
thrust force as a result of the reduction in
projected disc surface area in contact with the
rock can be shown to be Z.35%.

It is evident that the reduction in thrust force
required to excavate the rock is not wholly
attributable to the reduction in projected area of
disc contact area with the rock. Equations (1)

and (4) assume that the rock is broken under the
action of compressive forces, it is suggested that
some other mode or modes of failure operate when
discs cut jointed rock. Furthermore, it is
suggested that when a disc penetrates a jointed
block the biock expands or dilates at right angles
to the direction of application of the applied
stress (the Poisson effect). Consequently inter-
particle tensile stresses are set up and therefore
the rock under the disc may fail partly in tension.
Taking this concept one step further is is possible
to explain the decreasing strength of rock with
decreasing block width as shown in Figure 7A.

When a disc penetrates a block the block is
deformed and strained. It is suggested that if the
deformation remains constant, as block width
increases the degree of strain decreases, therefore
decreasing the tendency of the rock to fail in
tension and hence increasing the force required to
excavate the rock, Investigations are presently
being undertaken to investigate this mechanism
further.

8 CONCLUSIONS

The following conciusions relate to the
experimental conditions discussed in this paper.

1. The Tock cutting system described produces
data from cutting continuous rock that is
in close agreement with other published
experimental data.

2. To achieve maximum effectiveness when
cutting in jointed rock dise cutters
should have large edge angles and cut at
high penetrations.

3. Cutting efficiency increases with
increasing joint width,

4, Cutting efficiency decreases with
increasing block width.

5. When the block width to jeint width ratio
exceeds 80 the jointed rock behaves as a
continuous mass.

6, Angle of attack and confining load have
little or no measurable effect on the
performance of disc cutters in jointed
rock.

7. The optimum and 'cut-off' 5/P ratios are
in close agreement to those of solid rock.
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Geometric Design of Underground Openings for High

Horizental Stress Fislds

P.J. N. PELLS
Department of Civil Enginsering, University of Sydney

SUARIARY

Tunnels and hydre-power stations are freguently excavated in layered rock within 500 metres of

the surface where the horizontal virgin stress can be expected to be greater than the verticai. The
selection of the most suitable shape for such excavations is an important part of the design process and

is usually based on stress analyses using elastic theory.

This paper uses cross-anisotropic elastic theory

to investigate the problem of the stress in the crown areas of common tunnel shapes in layered rocks with

high horizontal stress fields.

The paper also shows how consideration of the three dimensicnal aspect of

hydro-power stations leads to an unusual chamber shape when high horizontal virgin stresses exist.

1. INTRODUCTION

A maior aspect to the design of an undergreound
structure is the selection of the shape of the
opening.  Within the constraints of the function of
the opening the shape must be optimiscd in terms of
the rock mass properties and the virgin stress
field. The many measurements of these stresses
made throughout the world have shown, (Herget 1974,
Orr 1974, Blackwood 1978, Brown and Hoek 1978) that
for depths of less than 1000m the major and inter-
mediate principal stresses are likely to act
herizontally or sub~horizontally. Such relatively
high horizontal stresses have an important bearing
on opening shape selection. In particular when
combined with sub-horizontaily bedded material,
these virgin stresses can lead to unexpectediy high
compressive stress conceitraticns.  Cor homogenous,
isotropic rock, optimum tunnel shapes are known for
certain virgin stress fields provided body forces
are excluded. These are :

(i) circular tunnel for a hydrostatic stress
field,

(i1) elliptical tunnel with axis ratio egual to
K (op/0,) For a hiaxial stress ficld,

{ii1Y deloid (Richards and Bjorkman, 1978) for a
biaxial stress field with the horizontal
component increasing linecarly with depth.

lor anrisotropic rock, optimum tunncl shapes are not
known even for a hydrostatic stress field.  lowever,
this paper does not attempt to solve this peneral
prohlem but is rather directed 1o the practical
problem of the stresses in the crown areas of common
tunnel shapes in layered rock with X>1.0. The paper
also presents an important practical consequence of
considering the three dimensional aspect of excav-
ations for hydro-power stations.

2 PATTERN OF HORIZONTAL STRESS

The measurement of virgin rock stress is difficult
and thus while very many measurements have been
conducted throughout the world, the accuracy of many
results s suspect. lowever, it is quite elear
that the general reilationship between average
horizontal stress and overburden pressure is as
shown in Figure 1. It appears that this pattern

of stress reflects primarily the effect of surface
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stross

denudation (unloading) of virtually all continental
crust. The process whercby such load removal
(overconsolidation) generates values of K (U] gyel Tyl
greater than 1.0 is well estublished in soi
mechanics theory., ‘'The linking of this theory to
virgin rock stress in sedimentary rocks is piven by
Voight (1967). In the casc of igneous and probably
certain metamorphic rocks Goodman (1970} has shown
how denudation will lead te very high horizontal
stresses,

Imprinted over this high horizontal near surface
stress pattern are the stresses associated with
tectonic forces and also topographical variations.
In certain areas e.g. Broken Mill, Australia th.
pattern of major and secondary horizontal Stre: =
can be closely linked with the tectonic feaptures.
However, there also appear to exist overall contin-
ental patterns; although to what extent these very
near surface stresses ean be linked to continental
movements is at present uncertain. While it would
be valuable in a predictive sense to understand what
has led to the observed patterns of horizonta}



stress, it is more important to realise that mest
civil engineering underground openings must be
designed for K values greater than 1.0.

3 CONSEQUENCES OF HIGH HORTZONTAL STRESSES ON
TUNNEL DESIGN

In essence high horizontal virgin stresses lead to
high compressive stresses in the roof (crown) of an
underground excavation and usually tensile stresses
in the sidewalls. Sometimes the compressive stress
levels are not high enmough to cause compressional
failure in the form of slabbing or shear. In such
cases the opening shape is selected on the basis of
rock mass discontinuities so that critical wedges
can be properly supported (Cordingand Mahar, 1978).
lowever, particularly in horizontally bedded sedi-
mentary strata, compressional failure may well be a
potential problem in the roof and also large zones
of tension in the sidewalls may cause difficulties.
The question is whether the selection of a suitable
shape for the tunnel or power station chamber may
mipimise these problems. Certainly sigaificant
failures have occcurred in conventionally shaped
tunnels due to high horizontal stresses. For example
certain sections of the 80 km long Orange-Fish
tunnel {constructed in mudstone) showed major
longitudinal compressional cracks in the roof shot-
crote associated with shearing along bedding planes.
This shearing reached such a magnitude that rock
bolt hotes closed up sufficiently rapidly to make
redrilling necessary. A programme of rock stress
measurement was instigated as a result of these
problems and showed values of ¥ ranging from 1.0 to
2.6 {Van Heerden, 1972). Similar problems were
encountered in two tunnels in shale in Toronto where
again high horizontal stresses were measured (Lo and
Morton, 1976).

At least one case is recorded in the literature
where an underground opening in sedimentary rock was
designed specifically to reduce the effects of high
horizontal virgin stresses on roof instability.

This was the Poatina power station in Tasmania
(Endersbee and Hofto 1963) which was successiully
constructed with the shape shown in Figure Z. Some
of the ideas adopted at Poatina were successfully
incorporated in the shape design for the Drakensberg
pumped-storage station (Bieniawski, Orr and Pells,
1974). ‘The remainder of this paper shows how these
ideas are of generai validity and suggest tunnel

and power station shapes samewhat different from the
basic circle or horseshoe shape usually adopted.

Stress Relleving Siots

35"

Max. helght
26m

Figure 2 Poatina power station Tinal
design cross section

4 TUNNEL SHAPES IN HORIZONTALLY BEDDED OR
LAMINATED ROCK

Because of their length, tummels can be analysed in
two dimensions and usually tunnel shapes are evalu-
sted on the basis of solutions for isotropic elasti-
city. While the finite ciement method has been
developed to the stage that virtually any dis-
continuous, non-linear rock mass can be modelied
(Pells, 1974) it remains true that most opening shape
selection is based on isotropic elasticity. This is
usually satisfactory as comparisons of celastic
solutions for different shapes enable one to select
the optimum shape on the basis of :

(i) the minimum volume of rock subject to high
compressive stresses,

(ii) the magnitude of the maximum compressive
stress on the opening surface,

{iii) the location and magnitude of tensile
stress zones,

(iv) the length of planar surfaces parallel to
the direction of maximum compressive stress
(Cording and Mahar, 1978}.

In the case of openings in horizontally bedded rock
subject to high horizontal stress fields, isotropic
ciasticity is unsatisfactory in indicating the
magnitude and size of zones of compressive stress in
the crown area. Where the rock layers are massive
but separated by clearly defined bedding discontin-
uities, it is possible to use joint elements in
numerical analysis of particular openings. However,
for shales and closely bedded siltstones, mudstones
and sandstones this approach is not feasible. It is
suggested that these latter materials can be modelled
using cross-anisotropic elasticity (Salomon, 1968).
This invelves five independent elastic parameters,
namely

EV = Young's modulus in the vertical direction

Eh = Young's modulus in the horizontal direction
(parallel to bedding)

Voh T Poisson's ratio for effect of vertical
stress on horizontal strain

v = Poisson's ratio for effect of horizontal

hh X .

stress on horizontal strain

G = Independent shear modulus in a vertical

plane.

It is postulated that the behaviour of closely layer-
ed rock around a tunnel can be modelied by assuming
Ex=Ey, Vhh=Vyh but with G being low so that

Ep/G »> 2(1+v). This model is analogous to a stack
of playing cards with the cards being held together
with extremely thin layers with very low shear
stiffness. In reality, for bedded sedimentary rocks
By is usually 1.5 to 3 times E, (Gerrard, Davis and
Wardle, 1972) but if all other parameters remain the
same then such small differences between Ep and Ey
have littie effect on the overall stress pattern
around a tunnel, althcugh the maximum stress concen-
tration at the periphery is increased.

Lo and Morton (1976) have analysed the stress con-
centrations around the periphery of a circular

tunnel in cross-antisotropic rock and show (see
Figure 3) how the stress conceatration in the crown
increases rapidly with increasing values of Ep/G.

A similar increase in stress concentration was
obtained by Goodman (unpublished) by considering a
single horizontal bedding discontinuity at different
distances above the crown of a circular tunnel. Both
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these approaches show quite clearly that com-
pressional failure may occur in the crown area of
openings with circular roofs in bedded rock when
conventional iseotropic stress concentration factors
would indicate stability.

In the light of the experience ut Poatina it was
decided to investigate the stresses around flat
topped tunnels with bevelled corners using the
anisotropic rock mass model described above. The
analyvses were conducted using 8 node isoparametric
finite elements amd it was assumed that the tunnels
wore sufficiently <deep that the unit weight of the
roch could be ignored.  Two, square, Flat-topped
tunnels were constdered with bevelled corners of
(.1 and 0.2 times the tunmel heipht respectivelr.
For comparison purposecs fhe circulay “unnel was
also analyscd.
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Figure | Stress concentration in tunnel crowns

figure 4 shows the horizontal stress concentration
for a purely horizontal virgin stress along the
vertical axis at the centrc of the roof, for each of
the three tunnel shapes, for different values of
Ep/G.  Alsc shown are the values for isotropic rock.
For this purely heorizontal stress field and for Ep/G
= 100 the contours of horizontal stress for the
three shapes are given in Figure 5. Finally for a
purely vertical virgin stress field the horizontal
stresses above the crown centreline are shown in
Fipure 6.
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Figure 5
function of the virgin horizontal stress field
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Examination ol the results pre
6 reveals the Tellowing points

wented in Fignre 4 to

(1) The greatest volue of the horizontul stress
concentration is in the crown of the circutnr
tunnel.  This value is greater than the stress
concentration above the haunches in the square
tupnels., This is similar to the situation for
square tunnecls with rounded corners in 1sotropic
rock [(Obert and Duval 1967).

{ii] The herizental stresses above the iat ool
arce similoe Ter both sguire tunnels with the stpess
being equai to aboar 4 times the virgin horroaatal
stress for a distance of 2.04i1 into the rock. .
maximum stress is thus directed parallel to the
bedding which is a situation that Cording and
(1978) suggest should be avoided. However, the
present author considers this preferable to the
situation in the circular tunnel where, in the
centre of the roof, for a distance of 0.04) into
the rock, the horizontal stresses exceed 6x the
horizontal virpin stress field.  Farthermor:
Figure 6 shows that the vertical wties freld well
reduce the crown stresses to o prealer cxtoenl

th
the flat topped tunncts than in the circenlar

tihnied,

(111} The horizontal stress concentration above the



flat topped tunnels decays more slowly with depth
than above the circular tunnel, Thus the shear
stresses on the bedding planes are greater above
the circular tuanel.

(iv) The stresses above both square tunnels are
very similar and thus the use of a large haunch is
indicated as this reduces the flat roof span.

It would thus appear that the roof shape adopted at
Peatina is valid for reducing compressive rocf
stresses in all situations where high hoxizontal
virgin stresses occur, particularly where these

are associated with horizentally bedded strata.
However, it should be noted that where compressive
failure will not occur but where the rock mass is
blocky, this flat topped shape is probably
undesirable.

5 UNDERGROUND POWER STATION SHAPES FOR HIGH
HORIZONTAL STRESS FIELDS

5.1 The Drakensberg Pumped Storage Power Station

The author's comments on the subject of shape
selection for underground power stations dates from
his involvement in the design of the 1000 MW
Drakensberg pumped storage scheme (Bieniawski, Orr
and Pells, 1974). This power station has recently
been completed and is excavated in horizontally
bedded Triassic mudstones and sandstones. At the
early design stage it was suspected that the
horizontal virgin stress would be greater than the
vertical but because stress measurements had not
yet been performed, all analyses were carried out
for K = 0.4, 1.0 and 2.0. The initial shape
selection was based on the results for K = 2.0,
Subsequent measurements indicated that the
horizontal stress varied from 1.2 to 2.6 times the
vertical stress with an average value of 2.1.

In the initial design three shapes were considered.
The first, shown in Figure 7a, is the classic shape
for an underground power station. The second, shown
in Figure 7h, is based on the Waldeck II power
station in West Germany. The third shape was based
on the Foyers pump storage scheme in Scotland.

This involved placing the machines in shafts and
not in a massive machine hall. At Foyer's the
shafts were excavated from the surface and the
control buildiag is a surface structure. At
Drakensborg, propesal 3 was for two 306m diameter
shafts for the 4 x 250 MW machines but excavated
underground with the contrcl system being housed in
an underground chamber passing over the two shafts.
Figure 7c shows a cross-section of this proposal.

Bushar
hatt

Froposal 1 Proposal 2

Propotal 3

S4m
Aunner (Two sios}
___.,_—|___."'_t_.

[

[{-}) Scala
s — 1,
ta} ¢ 0 2o 0 40m

Three alternative shapes for the
power stotjoen

Figure 7

5.2 Stress Analyses

Isotropic elastic analyses were used in all cases.
Shape proposals 1 and 2 could be analysed in twe
dimensions but proposal 3 involved a 3D finite
element analysis. Figure 8 shows the outline of the
block that was divided (by hand) into 1522 eight
node brick elements. -
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Figure 8 Three dimensional finite element
medel of shape proposal 3

Figures 9 and 10 show the contours of major and minor
principal stress for a virgin stress field ratio K =
2.0, for shapes 1 and 2. 1In both cases there are
large zones of tensile minor principal stress in the
sidewall with small regions of tensile major principal
stress. Alsc in both cases the crown compressive
stresses exceed 20 MPa which was greater than the un-
confined streagth of certain of the mudstones.

4.0

{o) Comaurs of Major Principut
Strass

{b) Conmtours of Minor Principal
strass

Figure ¢ Shape proposal 1: horizontai stress
= 2 x overburden pressure

Nete:
Contours in MPa

o Contours In Mg

{0} Contlours of Maojor Pringipal
Strass

{b} Contours of Minor Principal
Gtrass

Figurce 10 Shape proposal 2 horizonral

= 2 x overburden pressurc

Stress
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Plane 3

|- Plang 1

Plane 2

Figure L1 Shape proposal 3 planes on which
stress contours are given in Figures 12,13 § 14

Figure 11 shows the three planes in which stress
contours were produced from the 30 analysis of
proposal 3. The contours are given in Figures 12,
13 and 14. In considering those contours, twe
particular points arise. The first is that, as
opposed to shapes 1 and 2, very limited zones of
tensile stress occur in the sidewalls of the

machine chamber. This is becausc this shape offers

a circular "ring" to the high horizontal stresses
and not & long and high, flat or slightly curved
wall. The second point is that the stresses
induced in the reef are less than those in shapes
1 and 2.

1 T

3 O centours are grean = A !
a \ J w this rong os the 4o !
P /  snaft wos not inclugad
& /  nthe tmite clement
2. / model

(o) Comtours of 4, to} Contours of d,

Figure 12 Shape proposual 3
Contours of stress in planc |1

Conours In MPg

{a) Contaurs of g, e} Comours of d,

Figure 13 Shape proposal 3
Stresses in plane 2
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As a result of these analyses and certain other
practical considerations it was proposed that the
final power station shape be based on a combina~
tion of the shaft feature of proposal 3 with the
roof shape used at Poatina. This is shown in
Figure 15. As described by Bowcock, Boyd, llock
and Sharp (1977) the final power station shape did
incorporate the features suggested in Figure 1 and
has been successfully completed. It is suggested
that these features could be incorporated in any
underground power station constructed in similar
rock and virgin stress conditions.

P B
Ona shaft for
aach 250 Mw

machine.
0.0
15.0m
20.0m t40.0m
20.0m dia.

Hot to scale.

Figure 15 Suggested optimum shape
for power house

CONCLUSTIONS

l. The use ol cross-anisotropic clasticit ¢
with high values for the ratie Hy/G appears Lo
provide a pood model for the evaluation of fua:
shapes in layered rock.

2. Openings constructed in layered rock and
subject to relatively high horizontal stress ficlids
may be subject to very high crown compressive
stresses,

A, In horizontally bedded clpata with hiph
horizontal treawes Bt appears that flat topped
apenings wilh larpe corner haunches are more
suitable from the point of view of compressive roof
stresses that openings with cirvcular roofs.



4. The most suitable shape for large underground
hydro power stations in layered rock subject to
high horizontal stresses involves the machines
being housed in individual shafts with a relatively
iow height control chamber passing over the shafts.
The roof of this control chamber should be flat
topped with large corner haunches.
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1 INTRODUCT ION

betive faults have been recognized in many parts of
che esarth's crust., They are mapped as nearly
linear Zeaturss, and are often crossed by civil
engineering structures. The classificaticn of a
fault as active implies a probability that fault
slippage will cause damage to structures that cross
it.

Design philosophies in lifeline earthquake
engineering have been developed for structures on
the ground surface. Underground structures that
cross an active fault are less common and such a
gituation is usually avoided if at all possible.
This paper describes the problems that arise when a
tunnel iz located across an active fault, and some
design solutions are suggested.

The Bay Area Rapid Transit (BART) Berkeley Hills
tunnels that cross the active Hayward Fault in
California are used as a case st !y, The behaviour
of these tunnels has been monitored since they were
congtructed in 1967,

2 ACTIVE FAULT PHENOMENA THAT CAN AFFECT A
TUNNEL
2.1 Squeezing Ground

Fault zones encountered during tunneliing usually
consist of unfavourable ground from a tunnelling
point of view. The material found may range from
fractured yet unweathered rock, to a low strength
clay gouge that requires special tunnelling
toechnigues.

Squeezing ground is commonly associated with a
fault zone. This phenomenon occurs when the stress
state within the vicinity of the excavation is high
relative to the strength of the material. The high
stress to strength ratio results in a slow, time
dependent displacement of the ground around the
tunnel towayd the tunnel opening.  Squeczing
ground cauges tunnelling difficulties due to
heading instabilities, excessive coverbreak, and in
shallow tunnels, ground surface settlement may be

a problem.

2.2 Ground Vvikbration

When an earthquake occurs along a fault, vibrations
at the ground surface will be strongest close to
the fault plane, attenuvating with distance.
Fmpirical attenuvation laws have been developed by a
numbxr of investigators; however, it is not clear
whoether these velationships can be apnlied at some
depth below the ground surface. Japanese
experience (Nasu, 1931) indicated that underground
velocities may ke four times less than at ground
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surface.

The effects of ground vibration on tunnel perfor-
mance have been reviewed by Dowding and Rozen
(1978). fThey surveyed the behaviour of 71’ tunnels
during earthquakes and compared accelerations at
ground surface with tunnel damage. For each site,
ground surface acceleration was calculated based on
attenuation relations developed for earthqguake
magnitude and epicentral distance, hewever, no
allowance was made for possible attenuation with
depth. This work showed that tunnels are less
suseeptible to damage than surface structures or
facilities. »n correlation of damage and peak
ground motion showed that no damage occurred in
tunnels where the peak ground velocity was less
than 20 em/sec. Minor damage was observed for
values of peak acceleration and wvelocity urn to

0.5 g and 94 cm/sec respoctively., "Ho damaye”
means there were no reports of rock falls in an
unlined tunnel, or of new cracking in a il
tunnel. '"Minor damage™ included rock falls and
minor cracking of lia. . . ¢ did not include
partial collapse. Above an acceleration of 0.5 g,
"damage" included major rock falls, severe
cracking, and collapse.

2.3 Fault Displacement

The historical record of large magnitude earth-
guakes with epicentres near the ground surface
suggest they are intimately associated with dis-
placement along a fault. Further, the record of
fault activity suggests that it is very likely that
displacements along a given fault will occcur on or
near the most recently active fault trace. The
sense of displacement will most likely follow that
of previous events, responding to a tectonic stress
field that changes only slowly with time.

The effect of fault displacement on a tunnel that
crosses it is dependent on the sense of movement of

the fault {(normnl, roeverse, strike-slip), amoont of
digplacemenl, and width of the zone over which
displacement takes placo. The sense of displace-
ment determines whether a section of tunnel in an

active fault zone undergoes compression or
extension, as well as shear.

2.4 Fault Creep

Fault creep has been defined by Burford et al.
{1978) as the "gradual, aseismic slip that is
apparently produced by viscous yielding within a
ralatively weak fault gouge.” Paualt creep is
considered to be an ascismic rupiure process
because the associated accolerations are so low
that no detectable seismic waves are gencratod.



In California, data from small scale geodetic
arrays, and continuous monitoring by surface creep-
meters across active faults has shown that creep is
a common behaviour of active faults. Both discrete
creep events, and steady-state czeep have been
observed, typically with occasional discrete creep
events superimposed on a background of steady slip
at low rates. Creep events usually have displace-
ments of a few millimeters and durations of several
hours.

To the best of our knowledge, fault creep has not
been detected in New Zealand, and it is usually
assumed that creep does not occur aleng the various
active faults (Suggate, 1979). This may be due to
a lack of sensitive structures that cross active
faults; also, no systematic meonitoring programme
has been undertaken that might detect fault creep.
Gravels with a low elastic modulus commonly overlie
bedrock along many of the major faults, and creep
at depth may not produce time dependent displace~
ments at the ground surface.

3 TUNNEL DAMAGE RELATED TO FAULT DISPLACEMENT

In Izu, Japan, faulting accompanied by a magnitude
7.1% earthquake in 1930 caused about 2.4 m of
horizontal displacement and about G.6 m of vertical
displacement {Bonilla, 1979} in a railway funnel
with 160 m of cover. At ground surface above the
tunnel, horizontal and vertical displacements were
less, about 1 m and 0.% m respectively. Bonilla
discussed reports of variation in strike of the
fault between the ground surface and in the tunnel,
suggesting that rupture in the tunnel was en
echelon with respect to the surface trace.

In 1906, a magnitude B8.25 earthquake occcurxed near
san Francisco, California; there was relative dis-
placement aleng about 430 km of the San Andreas
Fault, with a maximum offset of about 5 m
horizontally {Lawson, 1908). A Southern Pacific
Railroad tunnel crossed the San Andreas Fault near
Wright Station in Santa Clara County. As a result
of the earthquake, there was lateral displacement
of 1.4 m along a shear zone about 120 m from the
northeast portal., Within this part of the timber
supported tunnel, there was considerable crushing
of the timberxs and heaving upward of rails.

Other shear zones with small offsets were found at
a distance of between 400 m and 700 m from the
portal. These shear zones had a similar orien-
tation to the main fault break. When the tumnel
was surveyed during reconstruction, it was found
rhat there was progressively increasing horizontal
displacement from a point about 1,500 m from the
main fault break until the shear zone where 1.4 m
offset was measured. Immediately above the tunnel,
largex displacements were found along the fault
trace at ground surface than had been observed
underground.

In 1952, a magnitude 7.7 earthquake occurred in
Kern County, California, with displacement measured
along the White Wolf Fault. Three Southern Pacific
Railroad tunnels were intersected by a fault zone,
presumably an extension of the White Wolf Fault
{Kupfer et al. 1955). Each tunnel was damaged

over a length of about 150 m near the fault zone,
but at ground surface there werc only a2 few minor
fractures with small displacements, The cunnals
were lined with concrete 300 mm to 600 mm thick,
with minimal reinforcing concentrated on the inner

*Earthquake magnitudes are in terms of the Richter
scale (Gutenberg and Richter, 1956).

face. The tunnel walls do not appear to have been
tied to the invert, and much of the damage that
ocecurred was due to varying response of the walls
and invert.

The San Ferhande {California) earthquake of 1871,
with a magnitude of 6.5, affected the Balboa Inlet

. Punnel of the Metropolitan Water District of

Southern California (Dowd, 1%74). The Santa

Susana Thrust Faul:t, along which 300 mm of left
lateral displacement occurred during the earth-
quake, crossed the tunnel about 300 m from a portal.
The reinforced concrete lining was cracked and
there was some spalling in a 90 m long section at
the fault crossing. There was also longitudinal
cracking in the tunnel lining for some 300 m on
each side of the fault. The Santa Susana Fault had
been inactive since the middle Pleistocene, and was
not related to the faults that were active during
the earthqguake. Movement was probably due to the
response of a pre-existing fault fo stress
originating in another fault system (Saul, 1975).

4 THE EFFECT OF FAULT CREEFP ON TUNNELS IN
THE BERKELEY HILLS, CALIFORNIA

4.1 The Hayward Fault

The Berkeley Hills are bounded to the west by the
Hayward Fault, a right lateral strike-slip fault
which is at least 72 km long (Figurxe 1), and :
pelieved to be actively creeping along much of its
length. Three tunnels in the Berkeley area cross
the Hayward Fault more or less at right angles;

two water supply tunnels owned by the East Bay
Municipal Utility District (EBMUD), the Claremont
and the San Pable tunnels, and the BART twin
tunnels. All four tunnels have been affected by
fault creep.

jocation of tunnels
o that cross the
7 Hayward Fault

v
\&
\ &

s

e Acﬁvé:'?ault Trace

Figure 1 Active fault traces in the Bay Area,
california
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Fault creep measurements at wvarious locations have
been undertaken by the U.S. Geological Survey
(Schultz et al. 1976). The amount of fault Creep
has also been estimated by indirect methods. For
example, in built-up areas fault slippage breaks
or offsets streets, curbs, sidewalks, oulverts
(kacibrach and Lennoert, 196063 Holt and Marion,
PE) and other slraciuren, Rates of cresp in Lhe
rider ol Y 1o B per year are belioved to ooeur
aloeng the Hayward Fauit.

Seismicity on the Nayward Fault has been relatively

Tow in the past 45 yoears, with only Tour carth-
duakest ol magnitude ob or greater. sueface ruptures
Tave acearred daring carl luaken, over an unknow
lenepth i 183, and over a length of about 30 km in
1868 (estimated magnitude G.5 1 0,58),

4.2 Water Supply Tunnels

iyt

=)

e San ?able tunnel was built in the early part of
LE ventury. As the tunnel lining is now in a
tosr condition, it is difficult to ascertain
whether there is any concentrated area of damage
across the Hayward Fault zeone. During construction,
the Hayward Fault was encountered between 70 m and
100 m below ground surface. Louderback (1942)
described the material in the fault zone: "...the
serpentine is so sheared that it flowed under its
own weight into the tunnel like a viscous liguid
and presented a serious problem of control. Parts
of the Franciscan Formation there were thoroughly
sheared and traversed by innumerable slickensided
surfaces, and again with harder residuals, such as
masses of crystalline schists, floating in the
midst of the sheared weaker materjal.®

5ot

The Claremont water twnel was lined with unrein-
forced concrote except for short sections in
squeezing ground where some reinforcing steel was
incorporated., Followina ecompletion of the lining,
longitudinal cracking in sidewalls of part of the
unreinferced lining was noted. During a routine
inspection of the tunnel in 1964, a 2.5 m section
in the Hayward Fault zone was found to be cracked,

and the invert was also buckled. The tunnel align-
ment was surveyed and 168 mm of right lateral
offset was considered to have cecurred since
construction in 192% (Blanchard and Laverty, 1966).
This displacement corrosponds to a rate of aroep of

Somm per oyear. A Cortheer sarvesyr in 1YY Sl
Thinl thin rate ol crven b cont oo i thee puee il
P04 Lo 19740 turvey roenultn ol indicatod that o
slhiortening or compression of Uk Lunnel Gf 4G

had occurred across the Hayward Fault in the period
From 1935 to 1973,

4.3 Bay Area Rapid Pransit Tunnols

The BART tume s are 4,080 @ in Temath, they are
W moapart anmd cross the Havward Fault about 300 m
south of the EBMUB Claremont tunncl. AL this
location the Hayward Fault is a zone at least 215 m
wide, with several surface traces indicating recent
movement. The tunnels have about 70 m of cover
where they cross the Hayward Fault zone (Figure 2).
The fault zone was characterized by fragments of
sheared rock (sandstone, shale, rhyolite, and
serpentine) in a matrix of fault gouge. Fault
gouge varied from a granular material to low
strength sgueezing clays, and gave considerable
problems during tunnel constructicn (Ayres, 1669).
The materials encountered were not particularly
difficult to excavate, although crown bars, breast
boards and spiling were commonly used. Tollowing
excavation, squeezing ground broke timbers and
distorted sets, although invert struts were used
and steel sets were spaced at 610 mm centres.  In
places the ground squeeze between the sets,was 200
to 250 mm. The squeeze decreased over a peried of
one to two months, however. sgueeze was further
abserved when retimboring aanc vealiaqning set s in
preparation for placing the concrete linina,

Uncortaintios of roet lLoa” Adit.ons 10d to a
circular section for wne tun. o lining, aithough

the tunnel was excavated with a horseshoe shaped
section. To reduce possible long term loading, .n
elaborate drainage system was included. It was also
considered desirable to have a flexible lining;

Wildcat '
{m) | WEST EAST
300+
Hayward
2004 Fault
Zone .
100 | NN I v \5\ v /J/IL// l
Ku Tms Tme To Tap Top To 'Tgp
Q1 | |
1200+00 1250+00 [300+00 1350400
300m
/ Geologic Contoct Qtl Leona Rhyolite Tmec Clarement Formation
Ts Siesta Farmation Tu  Undifferentiated Tertiary
! Fauylt . .
/ ) Tgp Grizzly Peak Formation Rocks
/ i v -volcanics Ku Undifferentiated Cretaceous
§ Fault Zone s - sediment Rocks ’
U ~undifferientiaoted Jkf  Franciscan Formation
N

Figure 2 Geological section along BART tunnels, Berkeley Hills
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consequently, the final lining was kept as thin as
practicable {460 mm) and longitudinal reinforcement
steel was added. To accommodate possible movement
along the Hayward Fault during an earthquake, a
tunnel section larger than required foxr the
operation of BART trains was constructed.

Tectonic creep along the Hayward Fault was not
considered in design. During construction, this
aspect of fault behavicur was brought to the
attention of the designers with the result that
track was laid on wooden ties to allow future
realignment, At the same time it was decided to
instrument the section of the northern tunnel where
it crosses the Hayward Fault. §ix load cells and
twenty single position rod extensometers were
installed to monitor deformations and changes in
loading following tunnel construction, due to
continued ground squeeze and tectonic activity.

A typical instrumentation station is shown in
Figure 3. These instruments have been monitored
from time to time over a period of 13 years.
Typical load cell and extensometer curves are given
in Figure 4. The extensometer readings show a

common trend; maximum positive deflection (corres-
ponding to extension of the extensometer rod) after
a period of 1 to 2 years followed by a change in
direction of movement and a slow rate of contrace
tion. Load cells have indicated a slow increase in
pressure with time., Apart from two instruments,
the measurements appear to be consistent with each
other and it is considered that the instruments are
providing reliable resuits. When instrumentation
results are plotted at a large scale to exaggerate
the small fluctuations, there appears to be a
correlation between extenscmeter contraction, load
cell increase, and an increase in microseismic
activity along the section of Hayward Fault
adjacent to the tunnels.

Since 1971, the BART Berkeley Hills tunnels have
heen surveyed to detect relative changes in align-
ment. Unfortunately, these suzveys have not been
referenced to© & point outside the tunnels. A

laser is used for producing a survey line, and
offsets are read at regular intervals along the
south wall of each tunnel. As an example, the
change in alignment that ocecurred between December
1971 and May 1973 is shown in Figure 5. To enable ’

LOAD CELL LOAD CELL
5 N
U———————7 k o .
ROD EXTENSOMETERS
(3.05m and 9.14m long)
Figure 3 Typical instrumentation station in Hayward Fault zone
I ! I i i | I | I i
15
| EXTENSOMETER P
E
E
},_
| - .5
Z |0
=
8 148
by o
_J =
33 =
5 138
5 - ?
— 2 g}
LOAD CELL 3 Ll
a.
= .1
[ I i l I

1968 1970 1972

YEAR

1974 1976 1978

Figure 4 load cell and extensometer curves from section of tunnel in Hayward Fault zone
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Figure 5 Tunnel alignment change, Docembor 1970--May 1973

the reduction of the survey data, it was necessary
to assume that the two points at the eastern end of
the array have not displaced relative to cach
other. This had the offect of rotating the fixzed
reference line in an anticlockwine direat jan,
thorehy exaggerating the calewlated offuets.  We
believe, however, that the offset pattern is valid
even though the magnitude of offgsets may be in
crror, The offset pattern shows that shear strain
increases as the Hayward Fault is approached, and
that mach of the creep along the Hayward vault
takes place along o narvow zone, perhaps along one
active trace.

Mapping of fractures in the concret« lining also
suggested that most of the creep takes place along
a narrow zone. The crachks leogged were generally
vertical, apparently due to concrete shrinkage. 1In
some parts of the Hayward Fault zone, there are
numerous lengitudinal cracks in the tunnel crown,
the result of high bending stresses from excessive
horizontal ground pressure. At about station
1200+65 there is a change in the attitude of
cracks, many of which have a low angle. The
location ¢f these low angle cracks coincides with

a specific shear zone within the Hayward Fault
zone, and it appears that most of the creep takes
place at this location. For the pattern of low
angle cracks to be consistent with those produced
when loading a beam, it is necessary that com~
ponents of either compression or vertical movement,
as well as strike-slip movement, cccur aleng the
Hayward Fault.

5 DESIGN CONSIDERATIONS FOR TUNNELS THAT
CROSS AN ACTIVE FAULT

Design decisions for structures that cross an
active fault degend on the predicted magnitude and
sense cf displacement that could occur during the
life of the structure, as well as the ability ©f
the structure to survive deformations, and the
consequences of failure including the cost of
repair or replacement.

The magnitude and sense of displacement due to an
earthquake with an epicentre on the fault can be
estimated using geological mathods. For

. California, empirical relationships have been
developed for fault displacement and earthquake
mumitude; these might Be used when the geological
vvidenee is incomplicte,  The ameunt and sense of

displacement along a fault at depth may not be the
same as that observed at the ground surface.
Consequently, there is a danger that surfaco
studies may he minleading, 10 the Fault iy
subjected Lo teactonie croep, rates of creep may bo
detormined Trom indirecl evidence of offsols of
structures, or from carcful measurements during
site investigations. It is likely that fault creep
is a more common phenomenon than is generally
recognized.

Deformation of o tunne! may nod bLe restrictoed to
the narrow zone along an active Fault.  ‘The
surrounding rock mass responds to the same booioni
stresses that cause movemont Along the fault.
Small displacements m.y * T-ze aleng adjacent
shear zones resulting in incremental straining of
the tunnel lining. Where the strain gradient is
high, damage to the tunnel lining may result, If
such behaviour is anticipated, a thin flexible
lining is necessary with adequate longitudinal
reinforcing,

The level of vibrations and the response of a tunnel
to strong earthquakes are not well known. The
interaction between the tunnel and the surrcounding
rock is complex, and an analytical solution has
yet to be derived. One design measure that has
been suggested is where the space between the
turnel lining and the surrounding rock is filled
with a material with a low density {Owen, 1979).
This material would provide a mismatch of acoustic
impedence so0 that reflection ceuld take place at
the rock interface rather than at the surface of
the lining.

The nature of the ground in an active fault zone
makes implementation of these design measures
difficult. Squeezing ground during construction
may require increased temporary support (clostc
spacing of sets, the use of heavier sets, and
invert struts) which when incorporated intu ih
final concrete lining gives a stiffer lining thau
might be desired.

5} CONCLUSIONS

There appears to be no way to avoid damage to a
tunnel if displacement along an intersecting fault
occurs either during an carthquake, or dur to
fault creep. However, it may be possible te
detecl where damage miabit ocaene 08 careul
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geological studies during investigation and con-
struction are undertaken to identify high risk
areas. These parts of the tunnel should then be
instrumented with extensometers and load celis such
that potentially damaging changes in loading and
deformation can be detected. Alignment surveys
should alsc be carried out. Furthermore, a
monitoring system to detect impending structural
failure should be considered.
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Enginesring Geological Investigations in Soft Rock m'mézi

Poro-c-tarao Tunnel, Mew Zesland
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Engineering Geologist, Mandeno, Chitty & Bell Lid, Lower Mutt.
B. W. RIDDOLLS
Engineering Geology Section, New Zealand Geological Survay, Lower Rutt

1. [HTRODUCTICH

Construction of tunnels in soft sedimentary rocks
and colluvium derived from them can pose problems
that are not normally encountered in hard rocks or
s0ils (Prebble, 1977). This was illustrated
recently during investigations for the construction
of a new 1.3 km, & m diameter tunnel at Poro-o-
tarac for the North Isiand Main Trunk Railway.

The tunnel replaces an adjacent existing brick-
lined structure built in the late 19th century
which had become increasingly unreliable due to
detericration of the 1ining (Webley, 1970). The
various investigations undertaken are reviewed, and
the effects on construction of the geomechanical
characteristics of the materials encountered are
described,

2.  LNGINEERING SEOLOCY OF PORO-0-TARAD AREA
2.1 General Geclogyy

The tunnel was construc. ' Lhruy S ich
divides the Puputaha Stream, a north flowing
tributary of the Mohau wiver, from the Ohinemeca
Stream, a south flowing tribatary of the Wanganui
River {Fig. 1}. The ridge rises to 457 m above
sea level, giving a maximum cover above the new
tunnel of 115 m. To the north the ground slopes
away from the ridge at 159 while to the south the
slope is about 259; further away from the ridge the
siope-angles average about 109 and the surfaces are
commenly hummocky, indicating that widespread Tand-
siiding has occurred in the past. Some ridges in
the vicinity are capped by igninbrite which
ptcally foras distinetive clitis

M che b 000 Geological Map o New Zealand,
shect 8 (Hay, 1967), the area around the site is
included within the “Mahoenui Mudstene" formation
of the Mahoenui Group. This greup is assigned to
the Upper Landon - Lower Pareora Series (Miocene).
The rocks have recently been included in the
Taumarunui Formation, a new unit established by
Nelson & Hume (1977). For the purposes of this
paper Mahoenui Group is adequate as a stratigraphic
name. Bedding dips from 4¢ - 189 to the north or
northwest. The area is mantled extensively by
colluvium, which generally makes bedrock mapping
difficult.

2.2 Lithclegy

The Mahoenui Group lithology is typically fine-
grained, consisting predominantly of mudstone (as
defined by Folk et al. 1970), with sporadic thinly
laminated sandstone beds. Colour banding is a
characieristic feature, dark grey bands alternating
with light grey green bands up to 10 cm thick. The
rock is commonly calcareous and ranges in hardness
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from soft to moderately hard. Particle size analy-
ses commonily indicate that the mudstone is composed
mainty of siit, but thin section and scanning
electron microscope studies suggest that the “"silt"
particles may actually be aggregates of clay, thus
petrographically much of the mudstone might be
described as claystone.

Typical whole-rock mineralogical determinations by
infra-red spectrophotometry are given in Table I.

The overlying colluvium consists moestly of frag-
ments of bedrock in a silt-clay matrix with local
organic debris. It varfes in grading, water
content and thickness over short distances.

2.3 Investigations

Deformation of the Tining of the old tunnel,
thought to be possibly due to deep-seated land-
s1iding, together with widespread topographic
evidence of slope instability, indicated that
careful .evaluation was, required to determine the
influence that Tandsliding could have on the pro-
posed tunnel project, Engineering geological
investigations to seiect a suitable tunnel atign-
ment began with aerial photograph inspection and
surface mapping, and was followed by the drilling
of 35 N-size cored driliholes which were concen-
trated around the portals and southern approaches,
Diamond tipped drill bits tended to clog in both
the mudstone and cotiuvium. The most successful
core recovery was achieved using tungsten-carbide
tipped bits with double or triple, split-inner
core barrels (NMS or NMLC). The core retrieved
contained many fine crushed and/or thin soft gouge-
like zones which at first appeared to confirm the
theory that the bedrock had been affected by deep-
seated landsliding.

The next stage in the investigations was the
excavation of a 50 m-long drive in the north portal
area, to experiment with lining systems and to
permit comparison of core data with in situ
conditions. It became evident that the crushed
zones were much less common than previously thought
and that unsuitable drilling techniques were res-
pensible Tor most of the defects visible in the
cores. From these observations it was concluded
that Tands1liding within bedrock was unlikely to
cause problems in the construction and long term
maintenance of the new tunnel. Furthermore, at
Poro-o-taraoc local flat areas were thought to
possibly represent slumped blocks but studies beyond
the site show that this is a typical geomorphic
feature of Mahoenui terrain (Marwick 1946, Chandier
1978), marking changes in 1ithology.

Investigations then concentrated on delimeating the
thickness, extent and geomechanical properties of
the overlying coliuvium in the portal areas,
especially at the south end of the tunnel. The
difficulty in obtaining smail diameter core

. uncerfain.

representative of in situ conditions was a particu-
lar problem in this phase of the investigations.

. Seismic refraction surveys and penetrometer sound-

ings to locate the bedrock-colluvium transition

zone were also inconclusive. The most successful
investigative tool proved to be 1 metre diameter
Caldweld shafts which allowed in situ inspection

of subsurface conditions. At the solth portal shaft
inspection identified the heterogeneous nature of
the colluvium and enabled sampling for laboratory
testing. The degree of weathering, water content,
clay fraction, rock fragment size, interface contact
and depth to mudstone~colluvium interface all varied
considerably. It was shown that the thickness of
colluvium was as great as 20 m, and that the
colluvium-mudstone contact was either abrupt, or
transitional through a zone of blocky bedrock.

However the site investigations &t ‘the nobth portal
did not detect a coliuvium-filled channel that
intersected the tunnel between construction dis-
tances 98 m and 112 m. This feature was identified
during installation of the north portal settiement
gauges after tunnel construction had commenced thus
emphasising the necessity for continual site assess~
ment throughout construction,

2.4 Geomechanical Characteristics

A summary of selected properties of Mahoenui Group
rocks and its colluvium is given in Table II.

3.  CONSTRUCTION CHARACTERISTICS OF COLLUVIUM AND
BEDROCK

3.1 Colluvium

The extent and marginal stability of the colluvium
at the southern portal lead to the design of
stabilization measures consisting of a contiguous
piled concrete retaining structure founded into
bedrock and a serfes of vertical sand drains 1inked
to a 300 m drainage drive to Tower piezometric
levels upsiope (Parton 1974). As excavations.
proceeded bedrock profiles inferred from inter-
polation between borehole and shaft data required
medification. This changed the input data for siope
stability anaiyses and hence cut slope design was
continually reassessed and modified as further
geologic information became available (Ramsay 1980).
A combination of wet weather and lacai overstressing
at the toe of a cut slope initiated some progressive
slope failures which resulted in careful control of
the rate and method of subsequent excavation of this
inherently unstable material.

Due to the variability of the celluvium in situ,
the long term effectiveness of the sand drains in
dewatering the south portal slopes is as yet
However short-term observations of
Geonor and standpipe piezometers indicate that,

__allowing for seasonal fluctuations, overall ground-

water levels are being Towered (Fig.2). Significant

TABLE 1

WHOLE~ROCK MINERALOGY

{Analyst: Mr C.W.R. Soong)
Tunnel Distance (m) | Qtz [Plag. |Calcite {I11ite |Montmorillonite | Kaolinite
670 20 8 14 42z
1350 20 6 9 15 44
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TABLE 11

SUMMARY OF ENGINEZERING GECLOGICAL PROPERTIES

Mahoenui Group

Calluvium

Base of the Colluvium

Lithology

Colour
Weathering
Hardness
Consistency

Bedding {i) Bedding Plane

separation
(i1} Dip
Defects (1)
(i) Spacirg
(iii)Continuity
(iv) Amplitude of Waviness
{v} Surface Roughness

(vi) Fracture separation

Sets

(vii)water conditions
Unjaxial Compressive Strength
Point-lLoad Index
Schmidt Hammer Rebound No,

NCB Cone Indenter No.

Angle of Shearing Resistance and
Apparent Cohesicn

Triaxial .1 Bedding

Direct Shear L Bedding

11 Bedding
Remoulded Residual Strength
Remoulded Cohesion
Slake Durability (2nd cycle %)

Uik vensity

Particle Size Clay %
(Average values) Silt %
Sand %

Clay Mineralogy

Moisture Content % {Average Values}
Plasticity Index (Average}
Mean Plastic Limit (No. sampies)

Mean Liquid Limit (No. samples)

Mudstone with minor
sandstone beds

Dark grey/grey green
Unweathered

Soft - med. hard
{calcareous bands hard)

< 0.1 mm

Between 4% - 18° i
to NW

2 plus random
0.3 tol1.0m
2.0t03.0m

2 -4cm
$Tightly rough

Mainly « 0.1 mm
Always < 1 mm

Generaily dry
Average: 6 MPa
0.1 - 0.3 MPa

Ave, ey L vedding
Average 11 Bedding

0.63 - 0.88

38
23

i

27 - 58°, 300 - 2000 kPa

589,
459,

12GC kPa
1000 kPa

Hard
84 -
Mod.
16 -

1.92

22 -
55 -
0 -

sandstone bands:
96

hard mudstone:
25

- 2.22 tonnes/rn3

38 (35)
78 (60)
10 { 5)

See Table I

& - 12 (i1)
22
22
44

(57)
{57)

Mudstone fragments
in a silt-clay
matrix

Blue-grey to
yellow-brown

Moderately to
highly weathered

Very soft

Firm to stiff with
medium plasticity

Dry to moist

1.65 tonnes/m3

Clay with rare-
mudstone fragments

Light grey

Moderately weathered

Very soft

Very soft to firm

Moist to wet

31% - 37°, 10 - 20 kPa

[ =3
ioon

0 kPa

1.75 tonnes/m3

17 - 37 (26)
48 - 70 (65)
0-20(9)

21 (29)
28
27 (16}

55 {16}

reductions of localised water-table levels were

and concreting of piles for the south portal
achieved by well point pumps during the excavation

retaining structure (Fig. 2).
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Mear the north portal the tunnel intersected the

base of a trough of colluvium which reduced full

face excavation to heading and benching. Prelin-
ing and spilling support ahead of the excavation

face were required (Borrie, 1977).

3.2 Bedrock

The respense to excavation of soft rock may be
controtled both by the intact material properties
and rock mass defects. The influence that rock
mass defects had on excavation was minimised by
the use of a Dosco Roadheader rather than using
drill and blast techniques. The rock was notice-
abiy harder towards the middle of the tunnel but
this did not affect construction,

Overbreak was Tow compared to the conventionally
excavated drainage drive, due to less peripheral
rock mass disturbance. The overbreak that did
develop was caused by randomly orientated joint
sets intersecting subhorizontal bedding defects
resulting in slabbing in the crown and the
occasional large wedge fajlure at the face. The
former required extensive use of steel mesh
installed between the sets to stop slabbing of
small blocks.

Settlements of up to 30 mm occurred in the crown
with perceptible movements being detected 2 - 3
tunnel diameters away. The most significant
settlements occurred at tunnel construction
distance of 191 metres when the tunnel face had
been advanced a further 3 - 4 tunnel diameters
past the multi-position magnetic borehole settle-
ment gauge (Fig. 3). The movements are attributed
to downward movement of bedding slabs, resulting
in a zone of loosened material developing above
the tunnel crown. Heavy rain may have accentuated
the process.

Predictions of support requirements using rock
mass classification schemes (Wickham, Tiedmann
and Skinner, 1974, Bieniawski, 1975, Barton, Lien
and Lund, 1975) proved to be reasonably reliable
(Rutledge, 1977, Borrie, 1977). Limitations are
evident when predicting support requirements for
smaller openings and for tunnels in softer sedi-
mentary rocks where rock mass breakdown occurs,
However the use of an active, rock mass sealing,
support system such as shotcrete applied immed-
jately after excavation rather than the conven-
tional passive steel sets, would have eliminated
much of the fretting and bedding plane slabbing
that occurred in the tunnel crown.

A factor that was not anticipated during the
investigations was the large quantity of dust
generated by roadheader excavation. Initially
dust caused industrial problems due to the health
risk that it imposed. The tungsten carbide
cutters Tiberated dust particles of which about
10% were guartz fragments within the respiratory
range (< 5 um). Formation of dust size particles
depends on two main facters; grain size aof the
rock, and its minera]ogy. The dust problem with
Mahoenui Group rocks is probably the result of
very fine grain size coupled with reiatively high
gquartz-feldspar content (Dr G.A. Challis, personal
communication}.  The problem was alleviated using
steam and/or water dust suppression units and
extraction fans near the face.

Little water was encountered in the tunnel but the
combination of water resuiting from dust suppress-
ion and rolling stock caused the invert to dis-
integrate tc a muddy slurry. When tunnel advance
was slower the problem compounded as construction

machinery was more concentrated within the affected
area. The Mahoenut Group rocks are prone to
shrinkage and fretting on drying. Simple experi-
ments show that a block of mudstone will break down
te chips and friable particles when left outside
for a few days. The effect underground is to cause
unlined tunmel walls to fret and hence, with time,
Teading to increased overbreak. A sealing primary
support system would have eliminated this problem.

4.  CONCLUSIONS

Various difficulties with subsurface investigaﬁions

in Mahoenui Group rocks and its overlying colluvial

weathering products and related engineering problems

encountered during the construction of the new

Poro-o-tarao tunnel included: .

- Recovery of small diameter drill core
representative of subsurface in situ conditions
was difficult. Core drilling in soft rock
terrain should therefore be interpreted with
caution, at ieast until the technique 15 proved
reliable.

- The more meaningful investigative methods were
those which allowed in situ inspection, such as
large diameter buckel auger holes.

-~ Extension of field studies beyond the site which
has limited ocutcrop proved worthwhile.

- Because of the variable nature of the colluvium
care was needed in selection of geomechanical
design parameters and excavation techniques.

-~ Bedding plane failures migrated above the tunnel
crown to cause settlement when active support
systems were not installed soon after excavation.

- Machine excavation resulted in neater excavation
profiles but excessive dust was Tiberated by the
cutter header action,

- Invert breakdown due to rolling stock and wet
conditions often caused construction difficult-
ies. Concrete lined drains and sump holes
would have been necessary to channel water'away
from the face and invert effectively.

- Shrinkage on drying causes fretiting, leading to
overbreak in unlined tunnel walls. Sealing
primary support systems can eliminate this
probiem. X

These factors will not necessarily be relevant to

other Tertiary soft rocks but provide guidelines

as to the kinds of investigations which may be

appropriate for civil engineering projects in

similar materials.
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in Site Rock Stress

asurement at Rangipe

M. J. PENDER
Sanior Lacturer In Clvll Engineering, Unlversity of Auckland
M. E. DUNCAN FAMA
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SUMMARY The results of in situ rock stress measurements at the site of the Rengipo underground powerhouse

are presented.
of New Zealand.

The Rangipo project is part of the Tongariro Power Development in the central North Island
The rock at the site is greywacke and argillite, mostly unweathered and closely jointed.

The measurement technique used was the hollow inclusion triaxizl stress gauge, (Rocha et al. 1974 and,

Worotnicki and Walton 1976).

The results of the five successful tests show that the stress magnitudes are

not large and that normal stresses in horizontal directions are slightly greater than those in the vertical

direction.
1 INTRODUCTION

In this paper the results of tests to measure the in
situ state-of-stress at the site of the Raagipo
underground powerhouse are presented. The Rangipo
powerhouse, 120 MW generating capacity, is part of
the Tongariro Power Development in the central North
Island of New Zealand. The powerhouse will be
excavated from a deposit of greywacke and argillite,
mostly unweathered but closely jointed. The approx-
imate dimensions of the powerhouse excavation are:
length 60 m, height 40 m and width 20 m. A down-
stream serge chamber of similar dimensions is to be
excavated 40 m downstream from the powerhouse cavern,

Many techniques have been developed for the measure-
ment of in situ stresses in rock. Most have been
applied to rock conditions rather better than those
at Rangipo. Considerable difficulty was experienced
in adapting existing techmigues to the conditions at
the Rangipo site. Despite these problems knowledge
of the in situ stresses remains an important facet
of the input data for underground powerhouse design.
In effect these stresses determire the loading on
the structure.

The investigation work was a joint effort between the
New Zealand Ministry of Works and Development Central
Laboratories and the Ministry of Works and Development
investigation staff at the powerhouse site. Central
Laboratories directed the investigation, developed
instruments and techniques, The site staff provided
drilling erews and back-up services. The results are
also presented in an M.W.D. Central Laboratories
Report (Pender 1977).

Fistonl epoxy chamber

=T
-~

air pipe

Figure 1

2-201

2 STRESS MEASUREMENT TECHNIQUE

The technique adopted for the measurements was the
hollew inclusion triaxial stress gauge, (Rocha et al.
1974 and, Worotnicki and Walton 1876). A number of
electrical resistance strain gauges are embedded in
a hollow epoxy cylinder, The details of the probe
used are shown in Figure 1. The probe is very
similar to that developed by Worotnicki and Walton
(1976). The thickness of the epoxy cylinder was a
few millimetres greater, and air pressure (200 kPa)
was used to expel the epoxy from the reservoir at
the end of the probe. This probe is cemented into

a predrilled Ex hole. The whole assembly is then
overcored with a drilling barrel producing a 150 mm
diameter core. The overcoring releases the strain
in the rock due to the in situ stresses, An elastic
analysis of the strain readings gives the in situ
stresses, Duncan Fama and Pender (1980).

The above description belies the difficulties ex-
perienced in achieving successful measurements.
difficulties were ali associated with the jointed
nature of the reck. The technigue used would cer-
tainly not have been appropriate in the most intensely

The

epoxy cylinder /f

locating pins
for placing
tool

Hollow inclusion triaxini stress gauge
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jointed rock at the site. Also the iointing pattern
was not regular. Although the analysis of joint data,
{llegan 1977), showed that threec dominant joint
directions were indicated the sprecad of joint direc-
tions was very large. A considerable amount of
investigation drilling with an NMLC core barrel was
done in an attempt to locate suitable blocks of rock
for the measurements. Cores in excess of 400-500 mm
long were regarded as indicative of suitable rock
for the stress measurements. Two localities were
found: the test section at the west end of the
powerhouse and in the drainage drive near the east
end of the powerhouse, The final selection of the
stress measurement position was chosen by considering
the jointing pattern revealed in the NMLC cores from
heles nearby. In principle the core from the Ex
pilot hole in which the stress measurement probe was
to be cemented should indicate if the rock is sat-
isfactory. However it was found that because of the
small diameter of Ex core this is often broken in
the drilling process.

The presence of joints also lead to problems during
the overcoring. The standard procedure of using a
diatube did not work at all well. The cause of
trouble was the unexpected presence of a joint near
the froat of the core during the overcoring process.
The drilling action of the diatube tended to twist
and vibrate the core and eventually break the stress
measurement probe. For this reascn a double tube
coring barrel was constructed, the inner tube of which
was mounted on bearings so that the core was not
twisted. This greatly increased the success rate of
the measurements which involved overcoring runs of
500 to 750 mm.

The main indication that an overcoring run had been
successful was the variation of the strain readings
with the penetration of the drilling barrel. The
type of plot shown by Worctnicki and Waltom (1976},
in which some of the strain components tise to a
peak and then settle down to a steady value, is
required. Some of the pieces of overcore were cut
through with & diamond saw to check that the bond
between the rock and epoxy had not failed., Generally
this was not a problem as the relatively low levels
of the in situ stresses meant that the tensile stress
set up at the epoxy/rock interface during the re-
lease of the strain in the rock was small.

3 RESULTS

The topography of the ground surface above the site
and position of the powerhouse are shown in Figure 2.
In Figure 3 the positions of the stress measurements
are shown. The results of the five measurements are
given in Table I. Presented are the calculated
principal stresses and also the normal and shear
stresses which act on three orthogonal planes rel-
ative to the powerhouse axes, Figure 4. The measured
strains were reduced to stresses using the analysis
of Duncan Fama and Pender (1980). The properties of
the rock were taken as E 67.0 GPa and v = 0.25.

These figures were indicated by the extensive test-
ing done by Bryant (1977) on NMLC cores from the
site. The properties of the epoxy were taken as

E 3.4%5 GPa and v = 0,40, The six stress components
were then reduced to principal stresses and principal
stress direcctions.

The principal stress results are rather variable.

The mean and standard deviation have been calculated.
It is seen that the level of comfidence decreases

48 the magnitude of the stresses decreases. The
results for test three have the unlikely result that
the minor principal stress is close ta zero. This

is reflected in the fact that the standard deviation
for Oq is nearly the same magnitude as the mean value



TABLE

I

RESULTS OF STRESS MEASUREMENTS (units MPa)

Test 9 %2 95 Taa Ty s Tav Sy Uza
H 8.76 5,79 0.75 5.30 2.58 7.52 1.37 -2.67 1.20
2 7.50 2.81 1.51 7.90 1,60 2.78 .48 .28 0.09
3 5.96 3.45 -0.07 3.28 3,11 2.77 27 -0.52 1.82
4 6.46 3.59 2,35 3.43 2,21 6.46 -0.08 0.30 ~0.05
5 8,33 1.52 0.77 2.12 4.90 4,06 2.01 -3.25 2.80

Mean 7.48 3.43 1.06 4.41 2.88 4.72 1,21 -1.17 1.17

Standard .21 1.55 0.91 2,26  1.26  2.17 1.00 1.68 1.20
eyiation

for o3. The principal stress directions ate plotted
with respect to the powerhouse axes, Figure 4a, in
Figure 5. Once again a large amount of scatter is
evident.

This scatter of results is alsc present when the
principal stresses are reduced to normal and shear
stresses acting on planes orthogonal to the power-
house axes, As with the principal stresses the
relative magnitude of the uncertainty rises as the
average value of the stresses decreases. The average
value of the vertical stress, 2.88 MPa, correlates
reasonably well with the depth of overburden at the
site, although the complexity of the overlying topo-
graphy, Figure 2, makes it difficult to decide exact-
1y what is the equivalent overburden depth. These
calculations suggest that the normal stress levels

in the horizontal directions are a little greater

¥ Test 1 W major principal stress
@ Test 2
B Test 3 8, minor principal stress
0 Test 4
@ Test 5

R
= R
v B,
%\ e o
2
@,
g, (upper
A hemisphere)

Figure 5 Orientation of the major principal stress
directions with respect to the powerhouse
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than those in the vertical direction. The level of
the scatter from one result set to another precludes
any more definite statement. The ground surface’
above the site contains the stream valley shown in
Figure 2. Such a valley configuration would be
expected to give a gravitational stress field beaeath
the bottom of the valley which had the horizontal
stresses slightly higher than the vertical stresses,
Thus it is unlikely that the stresses measured are
of tectonic origin.

The variazbility of stress results could be a con-
sequence of difficulties in the measurement technique,
variability in the rock properties or true variations
in the rock stress from peint to peint. It is not
clear what the explanation is, although the consis-
tent results obtained by Bryant {1977) suggests that
the rock properties are unlikely to be the cause.

The rock in which the measurements were made was the
best rock at the site. The properties of the more
intensely jointed rock from which the bulk of the
powerhouse had to be excavated are clearly inferior
to those of the rock on which the measurements were
made. ‘Thus the variability evident in Table I has
another dimension not expleored with these measure-
ments. It is assumed that this better quality rock
is stiffer and would be better capable of supporting
differences in principal stress than the more in-
tensely jointed material. The principal stress
magnitudes elsewhere in the rock would thus tend to
be more esqual.

4 CONCLUSIONS

Existing rock stress measurement techniques have
been applicd to the difficult rock conditions at the
site of the Rangipo powerhouse, The use of a double
tube drilling barrel increased the success rate of
the overcoring.

Five measurements were obtained, The results from
these indicated much scatter both in the magnitude
of the principal stresses and the principal stress
directions. The results indicate that the nermal
stress in the horizontal direction is slightly great-
er than that in the vertical direction. Because of
the topography of the ground surface above the site
this stress condition is probably of gravitational
rather than tectonic origin.
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The Effects of Some Structural Properties of Rock on the
Design and Results of Blasting

T. N. HAGAN
Senlor Mining Englneer, 1CI Australia Operations Pty Ltd, Melbourne

SUMMARY, This paper describes the effects of porosity;_joints, pedding planes and rock type combinations

on the design and results of blasting.
which such discontinuities encourage.,

It also examines means of minimising expleosives' energy losses
Rocks with clogely-spaced discontinuities and/or high intergranular

porosities should be blasted with well stemmed charges which generate high heave energy:strain wave energy

ratios.
principal joints; as the dip flattens
row toe burdens at their design distance.

Best fragmentaticon is usually obtained where the face is parallel to and on the dip side of
however, inclined blastholes may become necessary to maintain front-
Where a sub-vertical fault forms the contact between ore and

waste within a blast block, initiation should proceed from the stronger into the weaker rock; if a
different blasthole pattern is required beyond the contact, only the spacing should be changed, the

burden remaining constant.

Where softer overburden strata sandwich a hard band, fully-coupled centre-

vrimed charges should@ be located within the band, the charge being efficiently stemmed at both ends.

Band thicknesis restricts the dimensions of the blasthole pattern.

Good fragmentation of thin bands

necessitates the use of small patterns which, in turn, encourage the drilling of small diameter blastholes.

1 INTRODUCTION

shortecomings in our understanding of the effects of
rock properties are the major obstacle to progress
towards optimum blasting, If rocks were homogenous
isotropic media, one could confidently expect more
rapid advances towards this goal. But such an
assumption, even as a first approximation, is
rarely valid. Almost invariably, rocks exhibit
numerous natural discontinuities (e.g. joints,
bedding planes, faults, soft seams, vughs, pores,
etc.) and cracks created by previous detonaticns.
Some of these discontinuities may bhe extensive and
wide: others will be localised and narrow.

Both experiments and practice have indicated that
blasting results are influenced by rock properties
more than by explosives' properties. But the
nature and degree of heterogeneity of the rock
affect not only fragmentation, displacement, muck-
pile loosenass and toe conditions; they also exert
a considerable influence upon

1. the selected blast design and

2, the intensities of undesirable side effects
such as blast-induced overbreak and slope
instability.

Because of its heterogeneity, rock may exhibit
planes of preferential fracture oriented in any one
of an infinite number of directions. In some cases
the rock's structural features allow the explosive's
energy to be wastefully dissipated rather than
perform the work intended.

Despite the problems associated with heterogeneity
and anisotropy {and contrary to one's prima facie
expectations}, rock properties are not always an
uncontrollable blast parameter. Although there
are factors over which the blasting engineer has a
much higher degree of control, one should recognise
the fact that rock properties can often be con-
trolled to a limited extent. This control may be
achieved for example, by designing the blast such
that the initial free face and/or the effective
free faces {which are created progressively during
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the blast) are at the desired angle to dominant
joints or bedding planes. This selective ability
may enable the operator to improve blasting
results,

2 EFFECTS OF POROSITY
2.1 Intermediate Porosity

The vughs which result from dissolution of the
primary rock structure by groundwater are much
larger and less uniformly distributed than the
intergranular pores which are present in rocks
such as sandstones. Vughs up to 150mm across can
he found in many sulphide ores. Some limestones
and iron ores contain vughs which are at least an
order of magnitude larger than this.

vughs tend to reduce blasting efficiency. When
intersected, wvughs can cause drill steels to jam.
vughs can also cause the following charging
problems, especially where bulk ANFO or pumped
water gel blasting agents are used.

1. Where a standard weight of explosive is charged
into each blasthole, large vughs can result in

(a) an excessive charge concentration within the
vugh, and

{b} a corresponding lack of explosive’s energy
in the upper part of the blasthole.

When it is possible to obtain stemming rise within
that part of the blasthole immediately above the
vugh, a separate column charge should be used. If
stemming difficulties prevent this procedure,
efforts should be made to increase the energy
yields of upper parts of charges in surrounding
hlastholes. Such measures are most easily carried
out with bulk water gel mix trucks or with bulk
ANFO trucks having an aluminised ANFO capability.

2. When all blastholes are charged to give a
constant stemming length, large vughs may allow
very heavy charge weights per blasthole with con-
sequent risks of cut-offs, flyrock and/or overbreak.



If the charged section of the blasthole lies near a
sizeable vugh, hlasting effectivencss is reduced as
a result of
1. the premature termination of outward-propagating
: cracks at the wall of the vugh (see Fig. 1) and
2, the more rapid drop in blasthole pressure as
explosion gases jet inte the wvugh via dis-
continuities and strain-wave generated cracks
{see Pig. .

FACE

RADIAL
CRACKS

Fig 1 - Premature termination of outward-
propagating radial cracks by a vugh

TIME AT WHICH GASES
START STREAMING INTQ
VUGH

BLASTHOLE REMOTE
FROM VUGH

BLASTHOLE PRESSURE —

BLASTHOLE
NEAR VUGH

TIME({ms.) ——

Fig 2 - Effect of nearby vugh on rate of
decay of blasthole pressure

Once the expleosion gases start to stream through a
radial crack or a combination of discontinuities
into a nearby wvugh, they cease to fully prassurise
other radial cracks. For this reason, radial
cracks in directions other than towards the vugh
then tend to stop propagating (see Fig. 1).

¢urrently, there is no practical technique to
determine whether or not a blasthole is close to a
sizeable vugh. As soon as suitahble instrumentation
for this purpose becomes available (Ancn. . 1978) .,
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the energies of charges in blastholes surrounding
a vugh can be suitably increased either throughout
their length or at the appropriate horizon.

2.2 Intergranular Porosity
Increases in intergranulax porosity cause

1. greater dissipation of strain wave energy and

2. reductions in dynamic compressive strength and
hence, increases in both the amount of crushing
and the percentage of fines produced.

The work of fragmenting highly-porous rocks,
therefore, is performed almost entirely by the
heave energy component of an explosive's total
energy output. Censequently, it is important to
retain the explosion gases at high pressures until
they have completed all the work of which they are
capable. This situation is best realised where
stemming lengths and burden distances prevent the
premature release of energetic explosion gases.

3 EFFECTS OF MACROFISSURES

51l rocks contain in-situ macrofissures, the
influence of which often outweighs that of the
intact rock's mechanical and physical properties.
Discontinuities such as joints and weak bedding
planes tend to dominate both fhe nature and extent
of the fracture pattern. Indeed, the spacing of
discontinuities was found t¢ be the blasting
variable having greatest influence on degree of
fragmentation and, hence, working cost per cubic
metre of rock (Kaufman, 1971).

Blasting can extend discontinuities to great
lengths. 'fhe longer a discontinuity, the easier
it is extended. The formation of new cracks (by
explosion-generated strains) in the immediate
vicinity of propagating discontinuities is
suppressed.

Joints and bedding planes can be tight, open or
filled. ¥or this reason, they can exhibit diff-
erent energy-transmitting abilities. The walls of
such discentinuities represent surfaces from which
strain waves may be reflected. A strain wave in a
heavily jointed or densely bedded rock mass,
therefore, suffers greater attenuation and dis-
persion. The spaging, orientation, persistence,
aperture and filler material of the discontinuity
all affect the attenuation and continued prop-
agation of the strain wave.

Blast-induced overbreak and overdigging are usually
strong functions of the type and number of macro-
fissures. The degree of success of overbreak-
control blasting technigues depends primarily on
the structural geology. In strong massive rocks,
such techniques are usually successful, but in
unconsoiidated or highly-fissured strata, con-
sistently good results may not be possibie.

The freguency, width, distribution and dirceestion ol
diseontinuities in a face are usually so variable
that is quite impossible to drilil two or more
blastholes that have identical burdens and degrees
of confinement. Hence it is rarely possible to
carry out & single test that clearly demonstrates
just how much one explosive, initiation system or
blasthole pattern is better than another. For
this and other reasons, then, one blast does not
constitute a trial. Except when there is sowme
drastic difference in results, one usually needs
to fire several bilasts before the influence of a
¢hange in blast design can be accurately asuesased.



In many cases, cut~offs are not strongly time-
dependent, but are caused by low-friction sliding
along joints or bedding planes, especially in the
upper bench alcongside the stemming column.

3.1 Joints

Provided a jeint is closed or well cemented, blast-
induced Eractures can propagate across it.
Fractures will not propagate over an open jeoint
until the joint is closed. Whether new fractures
are created beyond the joint depends on the strain
in the rock beyond the joint and on the presence
of a discontinuity which is leng encugh to prop-
agate undexr the reduced strain.

At tight air-filled cracks, water-filled cracks
and mederate density changes in the rock, some
strain energy is reflected and some refracted.
Tight joints parallel to the blasthole may not
cause any appreciable reflection of the wave.
Because of their inability to transmit tensile
stress, however, even tight joints separate under
the influence of the tensile wave which returns
from an effective free face further out from the
blasthole. This may reduce interaction between the
reflected wave and the radial cracks, and may even
prevent the degree of fragmentation required for
satisfactory displacement.

Where a wide air-filled jeint is parallel (or
nearly so) to the blasthole's axis, the joint is
not completely closed by the incident compressive
strain wave. Therefore, it introduces an acoustic
impedance mismatch and reflects the wave. If the
reflected tensile wave is sufficiently strong,
internal spalling occurs (see Fig. 3). Radial
cracks which the strain wave would have formed in
a massive rock are (prematurely) interrupted by
the joint. This gives better fragmentation
between the blasthele and the joint, but reduces
breakage beyond the joint.

FACE

CRACKS CREATED
BY INTERNAL
SPALLING

WIDE
AIR-FILLED
JOINT

RADIAL
CR{D\CKS

Fig 3 - Termination of radial cracks and
creation of internal spalling cracks
at wide air-fiiled joint.

A similar effect is observed where the joint is
filled with a material which has an acoustic
impedance much less than that of the rock; the
percentage of strain energy refracted increases
as the filler impedance:rock impedance ratioc
approaches unity. Experiments have indicated
(Seinov and Chevkin, 1968) that fragmentation
varics considerably with both the aperture and
filling of the discontinuity.

Whenever an open discontinuity is crossed by a
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blasthole, explosion gases escape through the dis-
continuity without performing all the work expected
of them. If an open joint intersects the charged
section of the blasthole, it allows high gas flows
which cause this joint to expand preferentially
due to the wedge effect. Loss of gas into the
joint causes a rapid drop in blasthole pressure
and a consequent reduction in rock breakage by
heavy energy. The reduced effectiveness of heave
energy is most critical, of course, where persist-
ent open joints extend from the blasthele to the
face and/or top of the bench and allow gases to

be vented directly to atmosphere. Premature vent-
ing through such discontinuities leads not only te
poor overall fragmentation and displacement: it is
also often responsible for airblast and/or flyrock
problems., Where persistent open joints running
normal to the face pass through the blasthole,
high pressure gases also tend to open up the
joints behind back-row blastholes; breakage often
extends beyond the intended excavation boundary,
and the newly-formed face can be quite ragged.

Best fragmentation is usuwally obtained where the
face is parallel to and on the dip side of prinec-
ipal joint planes (Belland, 196&). The newly-
formed face is then often a joint face, and blast-
hole spacings appreciably greater than the burden
can be used satisfactorily. Where joints are sub-
vertical, this configuration also gives minimum
toe problems and a relatively high probability of
diggable (bonus} overbreak. As the dip flattens,
however, the slope of the face tends to follow the
dip, and inclined blastholes may become necessary
where the horizontal distance between the toe and
crast of the bench becomes large. In such sit-
uations, vertical blastholes cause considerable
variation in the front-row burden from top to
bottom of the face.

The major disadvantage of blasting down-dip is
usually that of surface overbreak {see Fig, 4).
Where this, together with vertical driiling, gives
excessive toe burdens on front-row blastholes,
better results may well be achieved where the face
lies at 45° and 135° to the strike. But when the
angle between dominant joint planes and the face
lies in the 30 -60" range, the development of long
wide cracks behind back-row blastholes can give an
irregular and shattered new face. These cracks
are joints which have been opened up

1. by invading explosion gases, and
2. by the levering action associated with forward
metion of the burden.

BACK- ROW
BLASTHOLE OF BEDOre
PREVIOUS SHOT NEXT

Fig 4 - Excessive toe burden caused by
structurally-controlled backbreak
zone and face angle



This problem is minimised

1. by initiating V-type patterns from that end of
the blast block for which most of the rock
moves in the down-dip direction (see Fig. 5)
and

2. by using a staggered 'VI' (see Fig. 5) or
square 'VI' rather than square 'V' pattern,
so that explosion gases from simultaneousliy-
initiated charges cannot act in unison in
streaming into, widening and extending back-
ward facing joints (Duffy, 1979).

INITIATION 45°

OGP
SE%NCE é FACE " D,ELAi \
o/4 ¢ /,z/,/a ,/,U/é/' ,ﬁ/ /.
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4

A o)

Ve 4 7
JOINT " e? Iz ‘ 4 o

: 5 . 77 8 - K
fﬂlﬂﬁﬂs /5 // P ,f/ . %// /:D e

Fig 5 - Shooting down dip with a staggered
'WVI* pattern

Blasts in which the strike was normal to the face
produced large slabby muck (Belland, 1966).

Joints often have the effect of detexmining the
actual boundaries of the blast block., In vertical
crater retreat mining, craters tend to texrminate
at joints and/or weak bedding planes.

3.2 Bedding Planes

Where a vertical blasthole intercepts weak horiz-
ontal bedding planes, the widening andé esxtension
of these discontinuities is not assisted by the
strain wave. Radial and release-cf-load fractures
{both of these being in vertical planes) are
suppiemented by the opening up of these bedding
planes by heave energy.

Wweak horizontal bedding in bench blasting is often
respensible for extensive horizontal displacement
of the rock. Where a well-defined bedding plane
exists at Flecor level, very little, if any, sub-
drilling is necessary (cf. subdrilling of about

8 times the blasthole diameter for strong massive
rocks). If the sub-drilling in densely bedded/
fissured rock is greater than that reguired, the
floor of the bench is highly disrupted by the
blast, and drilling of the next 1ift may become
very difficult. If some of the blastholes on the
lower bench have to be abandoned, the actual blast
hole pattern will then be gquite different from the
design pattern, and inferior hlasting results will
be obtained.

4 ' FLOATERS '

Mixtures of elastic and plastic-acting rocks can
cause formidable blasting problems. Where

' floaters' (i.e. boulders of a relatively elastic
rock embedded in a much softer plastic-acting
matrix) are encountered, the strain wave propa-
gates with little attenuation in the boulders, but
its enexgy is rapidly dissipated in the matrix.
Floaters which do not contain part of the explos-
ive charge receive very little strain energy and,
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often, are simply pushed out intact into the muck-
pile. When floaters contain some of the charge,
the degree of breakage can range from inadeguate
to excessive depending on the size of the f£loater,
charge location and matrix characteristics.

If the floater is large, the charge located only
within the floaters outer shell (as in A3 in

Fig. 6) and the matrix highly compressible, break-
age will be poor. Where a small floater contains
a comparatively long charge (as in A6 in Fig. 6)
and the overiying stemming material is relatively
efficient, on the other hand, high degrees of
breakage result.

The combination of inefficient stemming and a
highly compressible matrix reduces the contribution
of heave energy to breakage, since rapid "bulling"
of the blasthole in the matrix allows an impulsive
drop in blasthole pressure. In these conditions,
the charge within the floater should be fully-
coupled and, preferably, should exhibit a high
detonation veloecity and high strain energy:heave
energy ratio.

5 BEDS OF DIVERSE MATERIALS
5.1 Ore/Waste Blasts in Open Pits

Consider a blast block which contains both ore and
waste, the contact being a sub-vertical fault.
Where the simplicity of a standaré drilling pattem
is required, burdens and spacings are usually such
that continuous column charges give gooed blasting
results in the stronger rock. Lighter (perhaps
decked) charges are used in the weaker rock.

it is usually more difficult to standardise charge
weight and then select different blasthole patt-
erns for the ore and waste. If the pattern is
altered at the contact, it is adwvisable to keep
the burden constant and change the spacing {see
Fig. 7). Where charges are fired in a V-type
sequence, this intreoduces bends in the detonating
cord trunkline network (see points A, B, C in
Fig. 7) and, therefore, necessitates increased
supervision and care in tying in the trunklines.
Where both burden and spacing are changed

1. the complexity of drilling and connecting
trunklines can become unacceptable, and

2. the newly-created face may be stepped (see
Fig. 8), thereby increasing blast design
problems in the block immediately behind.

In blasts which include both ore and waste, it is
preferable to shoot from the stronger into the
weaker rock. If the reverse order is chosen,
explosion gases from a charge which lies within
that part of the stronger rock alongside the
contact can jet through radial cracks and/or
natural discontinuities and expand with relative
ease into the wealker rock, because this has been
already disrupted by charges on an earlier delay
{Mathieson, 1979). This causes a higher rate of
decay of blasthele pressure which is manifested
as reduced breakage and displacement of the
harder rock arcund that particular charge.

The presence of such contacts within a blast tends
to increase the probability of cut-offs, espec-
ially where the the contact can be mobilised by
wateyr or clay-like fillexrs.

These problems would seem to suggest that operators
should blast up to rather than through the contact.
But there can be difficulties associated with this
alternative approach. In some cases, discrote



FLOATER SOFT PLASTIC-
\ STEMMII\}iG ACT,IN.G MATRIX

Fig 6 - Blasting of hard boulders embedded in softer plastic-acting matrix

DELAY INSTIATION
beds or rock types extend over only short dis- f SEQUENCE
tances, and to blast within a single rock type ]

would lead to shots which are too small and/or of ‘
0

unaccoptable shape. In cases where ore/waste
contacts are shallow-dipping, it is preferable o
blast through these contacts in order to aveid

1. overbreak to the contacts and, as a cons-
equence, large boulders, and
2. shallow-dipping faces for subseguent blasts,

Considerable secondary drilling may well be
required to correct each of these effects.

.

(A3

2

INITIATION DETONATING CORD ——WEAK ROCK
SEQUENCE B,ELAY

TRUNKLINE

Fig 8 - The type of blasthole pattern change
(at contact) which should be avoided

‘5.2  Overburden Blasts in Surface Coal Mines

Where overburden characteristics are relatively
constant from top to bottom of the face, blastholes
are usually stopped at or just above the overburden
/coal contact, and continuous column charges are
normally employed. If soft beds lie immediately
above the coal, blastholes can sometimes bo
bottomed at the base of the lowest hard hod,

Where hard strata occur only at the base of the
bench, a single column charge in the bottom of the
blasthole is generally used. As the thickness of
such hard strata becomes a smaller percentage of
face height, however, horizontal blastholes hecame
increasingly attractive.

Fig 7 - Recommended change in blasthole
pattern of 'V'~type blast at contact
between weak and streng rock {or

Where the only hard band lies between scfter beds,
waste and ore)

most effective blasting results are obtained by
locating the charge
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3. totally within the hard band or
2. within and just below the band.

These charges should be initiated at the points
shown in Figs. 9 and 10. This priming geometry
ensures that the resultant strain wave intensity

in the band is maximised through superposition

of waves from those charge elements which are equi-
distant from the primer. In large diameter blast-
holes, where standard 4509 cast primers cause
relatively long run-up velocity regimes in ANFO, it
may well be cost effective to increase the strain
energy concentration in the band by locating high-
energy, fully slumpable water gel booster charges
both below and above the primer. The selected
water gel

1. should not be side-initiated by the downline
{as this method of initiation increases heave
energy at the erpense of strain energy) and

2. should attain its steady~state velocity within
the shortest possible distance from the primer.

Sk WATER GEL
<4 .0 BOOSTER "

BAND - -

PRIMER Sl

STEMMING

SOFT BEDS

Pig 9 = charge/priming geometry for thick
hard band or thin hard band at depth

Because explosion gases should be retained at
their initially high pressures within the hard
band for the longest possible time, it is important
to increase the efficiency of stemming material
both above and below the charge. If the type and/
or length of stemming is unsuitable, gases will
rapidly escape into the weaker adjacent beds,
thereby causing a relatively rapid reduction in
blasthole pressure. But even where correctly-
positioned charges are well stemmed, the spacing
of such charges will be restricted by the thick-
ness of the hard bed. This being the case, it is
prudent to select the most efficient type of
blasthole pattern (viz. a staggered pattern based
on an equilateral triangular grid).

5.2.1 Thick hard bands

Totally enclosed charges (see Fig. 9) are most

suitable where the hard band is thick and espec-
ially where this is a considerable distance from
the top of the bench. Thick beds also allow the
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STEMMING FLEXING DUE
T0 VERTICAL
UPLIET
SOFT BEDS
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e

BEDS

FRACTURES CALSED
- .7 BY FLEXURAL
I~ . RUPTURE

—— —

Fig 10 - Recommended charge/priming geometry
for thin hard band close to top of
bench

effective use of relatively wide blasthole patterns
and, hence, larger blasthole diameters.

5.2.2 Thin hard beds at depth
5.2.2.1 Using vertical blastholes

Wwhere a thin hard band lies well below the top of
the bench, totally enclosed charges should be used
(see Fig. 9). Whatever improvements are incorp-
orated into blast design, such bands can be finely
broken only by drilling a relatively clese pattern
of blastholes. For this reason, large diameter
blastholes should be employed

1. only vwhen small diameter blastholes cannot be
drilled or are more expensive to drill or

2. where large bucket dimensions reduce the need
for a high degree of fragmentation.

Where the distance between blastholes increases
beyond about twice the thickness of the band, the
upper size range of the fragmented band is



relatively insensitive to variations in the diam-
eter or weight of each charge; further increases in
blasthole diameter and, hence, charge weight tend
to cause greater deformation and disruption of the
softer beds alongside rather than reduce the dim-
ensions of the largest fragment in the band. This
offect is imporLant where it is necessary to break
up a massive band which lies in softer matrices
being worked by bucket wheel excavators. Where a
2m thick band of massive sandstone is te be blasted
to produce fragments no longer than lm, for example
patterns largex than 4m x 4m cannot be expected to
give satisfactory results, Such a 4m x 4m pattexn
would be quite adeguately drilled out with blast-
holes having a diameter of 125mm or less. Larger
diameter blastholes would have no technical ({ox,
in most cases, egonomic) advantage.

5.2.2.2 Using horizontal blastholes

Because they overcome the need to drill through
softer strata in order to penetrate the hard band,
hoxrizontal blastheles may well be more efficient
than wvertical blastholes. But even where it is
possible to drill herizeontal blastheoles, the charg-
ing of these is considerably more difficult than
for vertical blastholes. If Iong horizontal blast-
holes are attempted, the drill bit may sag or
“wander"; the base of the charge would then be
naarer to the bottom than the top of the band.
This, of course, would result in less uniform
breakage and a greater proportion of larger rock
fragments.

Where blasthole length is restricted to prevent
such deviations, it may not be possible to keep
drilling and blasting operations sufficiently far
ahead of the digging equipment. Ewven where drill-
ing and digging can be well co-cordinated, the
diameter of horizontal blastholes is restricted by
the thickness of the band. In the ideal case
shown in Fig. 11, for exampie, propagation of
radial cracks A,B,C, and D will be retarded as
soon as cracks E,F,G, and H intersect contacts WX
and Y2 and allow high-pressure gases ¥o stream
into the weaker strata. Where these softer beds
are highly compressible, propagation of cracks
A,B,C and D may well be arrested abruptly.

If depth below the horizontal free face prevents
upward flexing of the band, charges should be
initiated in a delaved sequence so that additional
breakage {(in vertical planes) is encouraged by
flexing in a horizontal plane (see Fig. 12).

SOFT

SECTION:

SOFT

BEDS

SOFT
FLEXURAL
- i i - RUPTURE
| | | CRACKS
PLAN
VIEW
0 . SR——

FACE

Fig 12 - Breakage of thin hard band at depth by
flexural rupture using horizontal
blastholes

5.2.3 Thin hazrd bands near the surface

Where a thin hard band lies relatively close to
the top of the bench, the charge should be located
both within and immediately below the band {(see
Fig. 10). The enclosed scction of the charge
creates a radial cgrack pattern within the band,
Thene cracks are supplemented by cracks created
by flexing of the band due to vertical uplift

{see Fig. 10). The amount of flexural breakage

increases with the weight of charge beneath the
band.

SOFTY BEDS

Fig 11 - Premature termination of radially-propagating cracks at contact planes above and below

a horizontal blasthole
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5.3 Quarry Blasts

In some quarries, harxd basalt flows overlie rel-
atively soft clays. If blastholes are drilled
completely through the basalt and then charged
such that the base of the explosive column is at
the basalt/clay contact, explosion gases stream
into a rapidly expanding cavity in the clay (see
Fig. 13a). The rate of expansion is encouraged
by bottom priming and by increasesin both the
plasticity and porosity {(up to 50%} of the clay.

Because blasthole pressure falls at an unacceptably

high rate, fragmentation and displacement of the
basalt are usually far from satisfactory.

_HiGH PRESSURE

GASE!
PE

{a (B}

WITH BACKFiL1,

THOUT BACKFILL

BLASTHOLE PRESSURE——

TIME (Mg} ——
(]
Fig 13 - plastic deformation of clay beneath
basalt flow and associated blasthole

pressure~time curves

Improved blasting results are achieved

1. by bottoming blastholes a nominal selected
distance above the basalt/clay contact or
2. by drilling to the contact and then back-

£i1ling a suitable length of the blasthcle
with an efficient stemming material {e.qg.
graded angular crushed rock) before charging
(see Fig. 13Db).

This will maintain high pressures within the
blasthole for a lenger period of time {see Fig.
13c) and will reduce energy losses associated
with plastic deformation of the clay. Energy
losses can be further reduced and muckpile
characteristics enhanced by taking the following
action.

1. Use a fully-couplied explosive having high
detonation velocity and a high strain energy:
heave energy ratioc.

2. Initiate the charge at its centre (see Fig.
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13b), zo that the upper and lower halves undergo
simultaneous axial detonation {thereby increasing
the resultant strain wave intensity through
superposition) .

1, Prevent premature escape of explosion gases to
atmosphere by ensuring that the length of stemming
column and the upper burden distance have satisfact
ory values. Wherever possible, graded angular
crushed rock should be used as stemming, the length
of the column being at least 20 blasthole diam-
eters. In high and/or shallow-dipping faces,
angled blastholes are often necessary if inadeguate
upper burden distances are to be avoided (see Fig.
13b) .

"similarly, where a charge is located totally within

a sofr seam, the soft material

1. causes considerable attenuation of the
explosion—generated strain wave, and
2. is rapidly compressed thereby allowing the

blasthole pressure to fall at an excessive
rate.,

This tends te result in expanding the blasthole
to a much larger effective diameter, but with
iittle breakage taking place beyond the soft seam
{see Fig. 14}.

FACE

RADIAL
CRACKS

Fig 14 ~ Poor bklasting performance of a charge
located within a soft seam

6 CONCLUSIONS

The hetercgeneity of rock has a major influence on
both the design and results of blasting. Unless
the effects of the many structural features of rock
are understood and considered when selecting blast
parameters, much of the explosive's energy will
fail to contribute to the desired muckpile char-
acteristics.

when intersected by blastholes, iarge vughs can
cause charging problems and/or inadequate energy
distribution. Whether they are adjacent to or
intersected by a blasthole, vughs encourage
excessive rates of decay of explosion gas pressums
These are manifested as pooy fragmentation and
displacement of the rock around the vugh. Although
the influence of vughs cannot always be overcome,
problems are often minimised by adjusting the
amount and distribution of energy liberated by
surrounding charges.

Rocks with high intergranular porosity should be
blasted with well-stemmed charges which generate
high heave enexgies. The cost effactiveness of
explosives with high detonation velocities and
high strain wave energies is usually low, an
excessive percentage of energy being dissipated in



creating fines.

Open joints and bedding planes arrest the prop-
agation of strain wave-generated fractures. In
blocky strata, this usually giwves good fragment—
ation between the blasthcle and the discontinuity
but inadeguate breakage beyond the discontinuity.
In highly fissured strata, the suppression of
strain wave effects rarely causes a prcblem, the
network of discontinuities being opened uv andg
extended by invading exvlosion gases,

Best fragmentation is usually obtained where the
face is parallel to ané on the div side of prin-
cipal joints or bedding planes. As the dip
flattens, however, the slope of the face tends to
follow the dip, and inclined blastholes may hecome
necessary if the toe burdens of front-row blast-
holes are not to exceed their design distances,

In general, closer wider and more persistent dis-
continuities cause

1, a decrease in the effectiveness of overbreak
cantrol blasting technigues and
2. an increase in the probability of cut-offs.

Where hard massive boulders are embedded in softer,
plastic-acting strata, fragmentation of boulders
increases with the percentage of boulders within
which detonation ccours. Satisfactory breakage
may necessitate the reduced blasthole patterns

and shorter stemming columns associated with the
drilling of smaller diameter blasthocles.

Where & sub-vertical fault forms the contact be-
tween ore and waste within a blast block, efforts
should be made to shoot from the stronger into the
weaker rock., If a different blasthole pattern is
required beyond the contact, only the spacing
should be changed, the burden remaining constant.

When softer overburden strata sandwich a thick
hard bané or thin hard band at depth, fully
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coupled charges should be located within the band.
These should be initiated at their centres and
efficiently stemmed both below and above. 1In
cases where good fragmentation is essential, ANFO
charges may need to be boosted by a fully-slumped,
high-energy water gel. Thin hard bands near the
surface are best broken by extending the charge
below the bottom of the band; this allows rupture
by upward fiexing (i.e. doming) to supplement
radial cracking. The spacing of blastheles is
always restricted by the thickness of the band.
Good fragmentation of thin bands necessitates the
use of small blasthole patterns which, in turn,
encourage the drilling of small diameter blast-
holes.
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1 INTROBUCTION

Cylindrical tanks are widely used for storage pur-
poses. Often they are sufficiently large that they
exert considerable pressure on the seil and so
induce significant settlement. While the behaviour
of circular rafts has been investigated extensively,
Borowicka {1963), Habel (1937), Holmberg (1946),
Brown (1969}, there has been surprisingly little re-
scarch into the modifications of the raft behaviour
induced by interaction with the tank walls. In this
paper the behaviour of a cylindrical tank resting on
o deep eclastic soil is investigated, the important
features of the problem are identified byexamination
of a realistic example, A study of the behaviour, -
of a uniform tank with equal wall and base thickness,
is then presented, for a range of geometric and
stiffness parameters.

2 THEQRY

It might perhaps be thought that, with the existence

F=ig,, o

F~

64 isopora-
r  meiric e
elements

e

T ]

Figure 1

of high speed computers and the extensive develop-
ment of finite element methods, the snalysis of
cylindrical tanks would be a straightforward matter
which could be accomplished using standard finite
element codes Smith, (1970)}. Unfortunately this is
not the case, experience with circular rafts, Brown
(1969}, indicate that considerable care is necessary
to obtain reasonably accurate solutions. To ill-
ustrate this point a rigid raft has been analysed
using a conventional finite element approach, The
reaction pressure qs obtained using the finite ele-
ment method is compared with the analytic solution
in Figure 1 and it is clear that the finite element
results, calculated from the nodal forces are in-
accurate and oscillate about the corrcct solution.
To overcome this difficulty the semi-analytic tech-
nique presented below has been develeped., 1t is
cssentially & substructurce approxzch, the equations
governing the behaviour of the soil, the circuiar
base plate and the cylindrical walls are developod
and then combined to obtain the complete response.

Analytic

~e=e= Finte element

| l | 1
o 0.2 04 068 08 10
r!u

vopparisan of finite elewent and analytic solutions for o rigid raft
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2.1  Analysis of Soil

Suppose that a tank of radius,a,vests on a deep
(semi-infinite) layer of a homogeneous soil with
Young's Modulus Eg and Poisson's ratic vg, supposc
also that the norme] traction, qu, excrted hy the

hase plate on the soil can be expressed in the form:

m

a, = El B 6 () (1

n=
where the coefficients Fp can be considered as gen-
eralised forces.

It is convenient to introduce the generalised de-
flections &, defined by

2

f T w(r) ¢n(r)dr (2)

o

[ =
Hi

where w(r) is the deflection of the soil surface,

It may be shown using the theory of elasticity, that
the relation between generalised forces and deflice-
tions may he expressed in the form

§ = CF

"
81y wuey B

~ n

O
il

where
. LT
(Fyyves F)

and € is the generaiised flexibility matrix with
coefficients

2(1~vsz) <
Cmn A J ¢m(a)¢n(a)du (4]
s o
where @m(u) = f T Ju(ar)¢m{r)ér
o

Brown (1969) has shown that a suitable set of fiunc-
tiens {¢n} is {(a®-r?)Z, 1, (a®-r?), (a?-r™)%...}.
In this investigation it was only found necessary teo
use the first six terms of this sequence.

2.2  Analysis of Tank Base

The tank base is assumed to be a circular plate of
radius a and rigidity Pp which is subjected to an
applied normal traction qa. The tank will be acted
on by a pressure Gp = Qp~Qs and a moment, Mg, in-
duced by the presence of the tank walls {it will be
assumed that radial deflections of the base plate
may be neglected). It may be shown that the defiect-
ed shape the plate w(r} is given by

a
w(r} = w, + f rOG(r,ro) qp(ro)/Dp drG
(o]

+ Mel'z/(2l)p(1+vp} (5)

where wy is the central deflection and vp is
Poisson's ratio of the plate and

r* r 1-v r2r02
_ o p
G(ryry) = =~ (1+10g ?EJ (1+vp} gaz T % T
T Ty réy ? (6]
2 -
. r o P o .
Glr,r) = 7 {1+log _FJ + (]+Vp] g Ty 4T

Bguations {1,2,5) lead to the flexibility relation
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where Op is the edge rotation und

1 12 .
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2,3  AMnalysis of Fank Wall

The tank wall is assumed to be a cylindrical shell

of height d, thickness t, and radius a, with aYoung's
modulus Gy and rigidity Dy, which is subjected to a
pressure which increases lincariy from zere at the
top of the tank to vd at the base. Integration of
the governing differential equutions (Timoshenko
Woinowsky-Krieger (1959}) can then be used to
establish that for shells of practical properties

2

Mo . vy
0, = + o (l-od) (8)
c ZDW T Lwtw
thH
o g
where gt = 'a'a?ﬁ;

2.4 Analysis of the Soil-Base-Wall System

Assuming that compression of the base plate can be
neglected and that the wall-plate joint is rigid, the
behaviour of the seoil, base, and tank wall {equations
(3,7,8)) may now be combined to obtain the following
equations governing the combined system

R Y
' b, ol | = ¢ (9)
~ P
-aT s 0, 0 w - A

¢

o
(3%
=

where A = H+C
b = RSN y + —-----ZDa
p j wc

3
c:S-M

E -t
wow

EXMMPLES:

The first example is of a water storage tank con-
structed with walls of constant thickness, and found-
ed on a deep uniform clay layer. The following pro-
pertics, and dimensions were chosen for the tank-soil
system:-

Unit weight of fluid ¥ = 9,81 kN/m®
Depth of tank d = 7.5 m
Radius of tank a = S.0m
Thickness of walls t = 360 mm
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Elastic modulus of tank Ep

Elastic modulus of soil Eg = 20 MPa
Poisson's ratio of tank vp = 0.3
Poisson's ratio of soil vg 0.4

Resulits of the amalysis are plotted in Figures 2-5
which show the radial moment resultant Mg (Figure
Z), the thrust resultant Ng (Figure 3) the reaction
distribution (Figure 4) and the base deflection w
(Figure 5) for the tank walls and base. This
analysis shows that the most important quantitics
are the radinl woments which occur at the centre
and edge of the tank base, these moments having op-
posite signs.  Also of importance is the maximum
tensile force resultant in the wall,Np,which occurs
at some distance from the hasc of the wall,

In order to allow rapid determination of some of
the important quantities required in the desipgn of
reinforced concrete water tanks, non-dimensional
plots ure presented for a runge of peometric and
stiffness parameters. TIn all cases 1t is assumed
that wp = Yy = 0.3 and that the top of the tank
wall is pinned. It is found that For o tunk with
uniform wall and base (i.c, same thickpess and
clustic modulus) that the results depend upon three
parameters, K, d , a where

a t

E 3
K = EE—(l - v, ) (%]

(Bp, s, t, a, vs have been defined previously),

Figure 6 shows the edge moment resultant, M,

(i.e. moment/unit length) for various radius to
thickness ratioes a/t, and values of K. The edge mo-
ment is not very sensitive te the d/fa ratio, values
of d/a = 1, Z -giving coincident values in this
figure, A similar plot way be made Tor the central
moment resultant Mg (sce Figure 7). Differeatial
deflections in the base of the tank are shown in
Figures 8-10, for various values of K, Ratios of
d/fa again have little influence on results for diff-
erential deflections. The central or maximum deflec-
tion of the tank bhase wp is given in Figure 11 for
vartous aft ratios, and values of K.

Finally values of the maximem tensile force resultant
N in the walls is presented in Fipure 12 for various
value of X, and a/t ratio. Curves are presented for
d/a values of 1, 2. .

water lgvel —f—

Radiol Moment Resultant -0

Figure 2 Radial moment resultant
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Figure 12 Maximuwn wall tcmsion

4 CONCLUSIONS

A semi-analytic technique for the analysis of the
hehaviour of a cylindrical tank resting on a deep
clay layer has been j resented, The method has been
used to analyse a realistic problem and to perform
a parametric study of a homogeneous tank having
base and walls having equal thickness.

The method can easily be extended to include situa-
tions in which the tank wall is tapered or stepped
and the effects of only partial filling of the
tank.
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Prediction of Structurs-Foundation Interaction Behaviour

S. J. HAIN
Lecturer in Civil Engineering, The University of New South Wales
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Professor of Clvll Enginearlng, The Unlversity of New South Wales

SUMMARY .

raft foundation. The effect on celumn loads,

An examination of the influence of interaction between a throe dimensional frame structure and a
raft differential settlement and maximum positive and negative
bending moments is considered for 3 hay and § bay multistorey structures.

The supporting soil is considered

to be an isotropic perfectly elastic continuum with either a constant modulus or a modulus which increases

linearly with depth.

Results of the analyses are presented in terms of two relative stiffness parameters in such a way that

predictions of interaction behaviour for a wide range of structure and raft conditions can be made.

The

graphs show under what conditions interaction can reasonably be ignored or when a full interaction analysis

will be required.
1. INTRODUCTION

The designer has two basic problems to consider in
the design of a raft foundation for a framed struct-
ure. Firstly the total and differential settlements
of the foundation must be predicted and compared to
the allowable scttlements that the structure can
withstand. Secondly the distribution of bending
moment within the raft must be predicted so that the
detailed structural design can be completed.

Traditional methods (Teng, 1962) for calculating
settlements and bending moments of raft foundations
ignore the influence of the structure thus implying
that the forces transmitted to the raft are indepen-
dent of the differential settlements of the system.
Recent studies have shown that for certain situations
this is not the case and structure-foundation inter-
action should be considered (Lee and Brown, 1972)

and (Hain and Lee, 1974). The extent to which inter-
action causes a redistribution of forces will depend
on the stiffness characteristics of the frame struct-
ure, the raft and the supporting soil. Thus it is
essential that the designer have at his disposal a
means of readily assessing the stiffness character-
istics of these three components and thus predicting
the interaction behaviour.

Meyerhof (1953} suggested a means of evaluating the
combined stiffness of the structure and the raft
which he then compared to the stiffness of the supp-
orting soil to give one relative stiffness parameter.
The influeace of structure foundation interaction
could then bo assessed using behaviour of a uniformly
loaded raft of stiffness equal to the combined struc-
ture and raft. This approach was subsequently adop-
ted by the A.C.T. Committee 436 (1966) for their
recommesndations regarding raft foundation design and
the influence of structure-foundation interaction.
However, this simplificd approach can be shown to
lead to an overprediction of differential settlement
and raft bending moments.

Brown (1975) examined the behaviour of a multibay
piane frame on a strip foundation in terms of three
retative stiffmess parameters,  The vesults enable
an assessment ol the Tikely influence of interaction
for o twe dimensional situation; however they may
not &lways be reliable for the three dimensional
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situation involving a raft foundation. Hain (1977)
has shown that a two dimensional analysis which
neglects twisting moments in the raft and the redis-
tribution of load that occurs between frames can
lead to significantly different results to a three
dimensional analysis which considers these aspects.

The present paper presents the results of a serie.

of three dimensional analyses of a multibav multi
storey space frame supported on a raft Ffoundation.
The system is described b tua relative stiffness
parameters and the results nsc presented in sucn a
way that the designer can readily follow the trends
in behaviour and therefore predict the likely cf. ccts
of structure foundation interaction.

2, NOTATION

a = thickness of shear wall

Bp = width of the raft foundation

E' = Young's modulus of the materials used in the
structure _

Ej, = Young's modulus of the supporting soil layer
at a depth of Lp/2

ED = Young's modulus of the supporting soil layer
at the surface

- Ly 2

E* = E/(1 v

Eg = Young's modulus of the supporting scil layer
at depth

h = height of shear wall

hg = storey height of lower columns at,sto i

hy, = storey height of upper collumns at =tr

i = frame number

Iy = moment of inertia of theheam at storey j

Ipt = effective moment of inertia of the beam at
storey j

Tp = moment of inertia of lower columns at storey
J

i v omement of fnertian of upper columns @t storvey
J

j = storey number



Kp = Ip/4 = stiffness of the beam at storey j

(Kg)y = effective stiffness of frame i

Ky = lgfhf = stiffness of the lower columns of
storey j

Kp = stiffness of the raft foundation per unit
width compared to the stiffness of the
supporting seil

Kg = stiffness of the structure per unit width
compared to the stiffness of the supporting
s0il

Kr = Kg + Kg = total stiffness of the structure
and raft compared to the supporting soil

Ky = Iu/hu = stiffness of the upper columns of
storey J

L = bay length of frame i

Lg = total length of frame i

Ly = length of the raft foundation

ng = number of structural frames spaced across
the foundation width By

ng = pumber of storeys in the structure

tg = thickness of the raft foundations

Vg = Ppisson's ratio of the supporting soil

3. INTERACTION ANALYSIS

The interaction analysis used in this analysis is
based on the substructuring method and has been
presented by Hain (1977). The components of the
system have been modelled as follows:-

(i} the supporting soil is represented by zn
isotropic perfectly elastic continuum of
infinite extent with either a constant nodu-
lus or a modulus which increases linearly
with depth.

(i1) the raft foundation is represented by an
assemblage of thin piate bending finite
elements (Zienkiewicz, 1971}).

(£ii) the structure is represented by a three

dimensional assemblage of beam elements acc-
ording to traditional methods of structural
analysis,

Figure 1 shows a simplified two dimension represcnt-
ation of the problem considered. Two nmultistorey
structures, 3 bays and 5 bays in both directions,
were considered for uniformly distributed floor

ns STOREYS
I}bx nb BAYS
STRUCTURE”
E_.1
R' 'R

Ln-an\\““- RAET

Loy N
vR=Q15

SUPPORTING SOIL
FOR En=0 05Us05

z
FOR E, >0 V,=0333

ES=E°tEn

Figure 1. The problem analysed

loadings on every storey. Two supporting scil cond.
itions, homogeneous and linearly increasing medulus
with depth such that /Ly = 2, were also considered.
For these cases analyses covering the practical range
of structure, raft and supporting soil stiffnesses
were performed.

4, RELATIVE STTIFFNESS PARAMETERS

The problem can be described by three independent
parameters - the structure stiffness, the raft stiff.
ness and the supporting soil stiffness. From these
two independent relative stiffness parameters were
selected as follows:-

Ko = stiffness of the raft foundation per unit width
g =

stiffness of the supporting soil 83
Ko = stiffness of the structure per unit width 2
s - Stiffness of the supporting soil

A third parameter, the combined stiffness of the
structure and raft compared to the supporting soil,
was given by:- -

Kp = Kg+ Kp (3}
The parameters Kp and Kg, can be calculated from:-
4 Ep By tp’ {1 - vg*)

Kp = " 4
3.7 .E - Lp

i=snf  (Kg)i
. B
= R
Kg = E.l;__~____; (5)
Lo* . L

Meyerhof (1953) suggests the following approximate
expression for the stiffness of a £ wi  subjected to
differential settlement of the colums.-

j=ns
(Kgyy =
j=1

E'.ah
"z (6)

(BT, +

where Ip,' = Iy . R A B
b Ky, + Kp + Ky, )

5. DISCUSSION OF RESULTS

The relative stiffness parameters defined in equat-
ions (1) and (2) allow the examination of the total
system stiffness as well as the distribution of stiff
-ness between the structure and the raft. Analyses
were performed for ¥Kp = 10.0, 1.0, 0.1, and 0.01 for
KS/KR values covering the range 0.01 to 100.0.

5.1 Column Loads

Figures 2 and 3 show the results in terms of the
column loads for various ratios of Kg/Kp when

Ke = 1.0. Actual column loads have been normalized
with respect to the average column load and curves
are shown for the corner column, the average of all
the edge columns and the average of all the interior
columns. When Kg/Kp tends towards 0.0%, the distrib-
ution of column loads approaches the rigid raft (zero
differential settlement) conditions. As Kg/Kp
increases, interaction leads to a transfer of load
from interior columns to edge and corner columns and
the perfectly flexible raft condition Is approached.
Most of the redistribution of column Ioads occurs
within the region 0.1<Kg/Kp< 10.0 and thus this
would appear to be the area where an interaction
analysis may be necessary. For values of K withid
the range 0.1 to 10.0 the interaction results were
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found to be virtually identical to results shown
in Figures 2 and 3. For Kp = 0.01 there was signif-
icantly less redistribution of column lioad as this
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om 01 1.0

K
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Figure 2. Column Loads for Ky =

10.0 100.0

1.0 when Ey/E, = 1
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Figure 3. Column Loads for Kp =

1.0 when Ej/E, = 2

situation represents a very stiff supporting soil.
As could be expected the stiffer non-homogeneous
supporting soil leads to a reduction in column load
redistribution compared to the homogeneous case.

5.2 Differential Settlement

The differential settlement presented is the maximum
differehtial settlement which occurs between the
corner column and the interior celumn clesest to the
centre of the raft. Figures 4 and 5 show the varia-
tion of raft differential settlement for Kp = 1.0

and various Kg values.

The maximum differential settlement obtained when
only the raft is analysed is shown as the CCL (con-
stant column load) result. The constant column loads
applied to the raft were determined from a zero diff-
erential settlement analysis of the structure. The
importance of the CCL result is that all interaction
results will converge to this result as Kg tends to

ZEeTOo.

The results indicate that providing the structure is
at least as stiff as the raft, i.e. Kg > g, then
the maximum differcntial settlement is determined
by the total system relative stiffness, Ky, indepen-
dent of the raft relative stiffness, Kp. This diff-
erential scttlement is always of the order of 50% of

10

10"

2y

-.-us

ASxE L /EP (1

10°

102

0.001 0.01 01 1.0 10.0

R

Figure 4. Raft differential settlement for Xp = 1.0
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the maximum differential settlement of a raft with-
out a structure of the same stiffness as the actual
structure and raft. Indicating the effectivencss
of the structure in reducing differential settle-
ments because it reinforces the raft between those
points where the maximum loads, and hence sctile-
ments, occur. If the raft is stiffer than the
structure, i.e. Kp » Kg, then the differential
settlement is very sensitive to the ratio Kp/Xp and
theve is considerable increase in valuecs as this
ratie tends towards onc.  The present value for

Kp = §.0 can he ased to indicate results for values
Ky tn the range 0.1 to 10.0. Within this range Ky
contours are practizlly identical in shape and will
interscct the CUL curve at the point where Kp = K.

3 Raft Bending Moments

Figures 6 and 7 show the maximum positive raft
bending moments for ¥y = 1.0 as a function of Kp.
For the frames considered the maximum positive bend-
ing moment occurs at the interior coiumn closest to
the centre of the raft. Interaction which redist-
ributes some of this load te the peripheral columns

5.0

' EL/Eq=1.0
4.0
3.0
b
2 20f
o~
13 /
H
4 L 7
i &0 :uiw// / .
38 / :
T agh KesiQ Sz
P ——5 BAY ]
04 . : !
2001 oo 1A 1.0 10.0
]
Figure 6. Maximum pesitive bending moments for

K 1.0 when EL/EU =1

produces a significant reduction in bending moment
most of which occurs over the range 0.1 <Kyp/Kp< 1.0.
Results for ether values of Ky in the range 0.1 to
10.0 can be predicted using the present Tesults.

For 0.01<Kg/Kp < 1.0 all Ky contours have a similar
shape while for Kp/Kp < 0.01 all contours asympiote
to the same value of maximum beading moment for a
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Figure 7. Maximumm positive bending moments for

Kp = 1.0 when £/5g = 2
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given frame and By /E, value. Again the CCL result

is shown and it is noted that Kp contours converge
onto this result as Kp/Kr tends towards 1. A better
appreciation of the reduction in bending wmoment that
occurs when interaction is considered can be chtained
from 2 study of Table 1 which comparcs interaction
bending moments with those obrained fron the coaven-
tienal CCL analysis.

TABLE 1
COMPARISON OF RAFT BENDING MOMENTS FOR Ky = 1.0 AMD
Kp = 0.1
3 Bay lFrame 5 Bas Frame
ﬁ]‘ Ej, EL X EEL
A A I T
No interaction
considered 100 85 100 78
{CCL)
Interaction ‘
considered 46 52 24 27

Figures 8 and 9 show the variation of the maximum
negative bending moments for Kp = 1.0:as a function

of Kp. The maximum negative bending woment occurs
68F f ! El/Ey=1.0+
0.8 J
0.7 +
0.6
[ .
W oas - Ryz10 n
N\ §
T 04 . -
-— - -\\
" CL // -
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= o2 ~ i/ 5
z 021 \\ \
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01 1 ! :
.00 0.0 ik} 1.0 10.0
Ka

Figure 8. Maximum negative bending moments for

K 1.0 when ELng = 1

along the line between an edge column and an interior
column and is influenced by the size of the edge
column load as well as the raft relative stiffness.
Interaction between the structure and the raft re-
distributes toad rom interior columns to wige col-
umns and hence negative hending moments will increase.
For a given Kp value the maximum negative bending
moment occurs when the structure and raft relzative
stiffnesses arve equal (i.e. Kp = Kg). 1f Kg is then
increased and K, appropriately reduced, then litile
additional change in colwm loads sccurs and hence
negative hending moments reduce as Xp reduces.

Comparing the curves for the 3 bay and the 5 bay
structures in Figures 8 and O indicates that althou-
gh the values are greater for the 3 bay structure,
there is a greater range of values for the 5 bay
structure. Comparison with Figures & and 7 shows
that negative bending moments are generally of a
similar size to the positive bemding moments when
interaction is considered.

Results for values of Kp in the range G.1 to 10.0 can
be cstimated from the Kp = 1.0 curves shown in Figures
8 and 9 by observing the following charactoristics.
All Ky contours have a similar shape in the range

0.1 < KpfKy < 1.0 with a maximum value when Ky

Kg-
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This maximum value is essentially constant regard-
less of Kp. As Kp tends towards 0.001 the Ky con-
tour asyvmptotes to the CCL curve.

6. CONCLUSIONS

The interaction behaviour of a three dimensional
frame and a raft foundation can be predicted if the
relative stiffness of the components is cxpressed
by the parameters presented herein. Consideration
of a large number of analyses of 3 and 5 bay frames
indicates the following trends:-

(1) most redistribution of colusn loads occur for
0.1 < Kg/Kp < 10.0.

i) difleyvential settlements of o stracture vaft
system are dalwavs less than those For o ralt
with Ky equal to Kp,

(iii} for a given Ky the larger the value of Kg,
then the smaller the maximum positive raft
hending moments.

(vl tor a given Ky the largest negative bending
moments occur when Kp = Kg.

(v) differential settlements increase with the
number of bays in the structure and rcduce as
the rate of increcase of the seoil modulus with
depth inereases.

{vi) the reduction in maximum positive bending
moment that occurs because of interaction
increases with the number of bays in the stru-
cture and reduces slightly as the rate of
increase of soil modulus with depth increases.

(vii)} the increase in maximum negative bending mo-
ment that occurs because of interaction in-
creases with the number of bays in the struc-
ture and reduces as the rate of increase of
5011 modulus with deopth increasecs.
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Ultimate Load Foundation Design Using Statistically

Based Factors

P. A. McANALLY
Lecturer in Civil Engineering, Queensland Institute of Technology

SUMMARY . ‘The results of pile Load tests are presented from various sites In sbiffd U3
statistical medel of soil respense Lo Toundation load.

sured clays, with a
The significance of some deviations in observed

pile performance from conditions commonly assumed in design is tested by means of this model. It is
shown that the model allows the cvaluation of a material response factor for ultimate load design of

foundations, and a design exampie is given.
1 INTRODUCTION

the uncertainties in the bearing capacity perfor-
mance of foundations lie in the loads which they

must carry, the strength response of the founding
stratum and the adequacy of the design modelling

and analysis.

for foundation loads, the uncertainties in extreme
values are the same as those for the design of the
supported struackture.

There will be uncertainty with respect to the mean
value and variability of the strength of a founding
stratum, arising from limited sampling in a var-
iable material.. There will also be uncertainty
with respect to the magnhitude of any poss ble bias
between the strength response of the soil at the
test specimen and prototype scales. In clays, for
example, such bias is often attributed to sampling
disturbance or the presence of fissures or other
macro-structure.

Estimates of the bearing capacity response of a
soil stratum are generally based on an approximate
analysis of the performance of a simplified model
(eg. a homogeneous, isotropic, semi-infinite med-
ium) and the results of these estimates may be
biased with respect to the actual mean response of
the stratum.

The uncertainties in bearing capacity are convent-
ionally zllowed for in foundation design by divid-
ing the estimated nett ultimate soil resistance by
a safety factor to give the maximum safe solil re-
sistance, and hence the maximum safe working load.
This procedure lumps all formal uncertainty allow-
ance into the lecading. A more rational approach
would be provided by ultimate load design, in
which uncertainty in leoads is allowed for by a load
factoer and unenrlainty in strength properties and
dun fo hian i allowed Tfoer by a material rosponse
IacEot .,

N HUTAS TON
The following are the main symbols used.

¢y ultimate shaft adhesion
u undrained cohesion
base diametexr of pile
shaft diameter of pile
iength of pile

[l TR w iy v]
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N bearing capacity factor
n,p number of test results

o] load

R so0il resistance force
variance of log property values from test
results

Student's t value

log value of soil response
value of soil response
bias factor

material response factor
load factor

degrees of freedom

< S RN XN T

Subscript notation is defined as it is used i~ th
text.

3 THE STATLSTICAL MOLLEL

The Author hasg described a statistical model for
the undrained strength behaviour of soils which
allows the evaluation of a material response factor
on the basis of the probability of satisfactory
scil behaviour (Mchnally, 1977). An outline of

the principles of this model are given here.

- The so0il zones influenced by individual found-
ations (referred to as significant units of
influence, or sui's) are considered to be com-—
posed of a number of smaller units, within each
of which strength can be considered to be homo-
genecus {referred to as eguivalent homogensous
units, or ehu's).

- The strength properties of the ehu's are conside-
ered to have a log—normal distribution and to
vary randomly spatially.

« The strength response of an sui is considered to
be related to the strengths of the ehu's within
it by

Yo = O Ya [
where y; = sui strength response
;;e = geometric mean of the strength values

of the ehu's in the sui

Conventional strength tests {(eg. unconfired or
triaxial compression tests) may be considered to
be samples from the ehu population, and observat-
ions of the bearing capacity response of prototype
foundaticns may be considered as samples from the
sui population.



If a set of n1 conventional strength test results,
(leg property values having mean a1 and variance,
551)" and a set of p; prototype test results, élog
property values having mean %g] and variance sgy)
are available, then confident limits for prototype
response, ¥gi, can be found.

afg exp(~tf) < y¥g1 <uygexp (t) (2}
where g2 = s + sglfnl
gel = geometric mean of the conventional
(ehu} test results
t = Student's t value for the confidence

coefficient chosen and degrees of free-
dom, Vgr given by

+ The variances are computed as the unbiased estim-
ates of the gopulation variances, ie,
s?= L(x - x)

n-1
gé (5251)2 (Szel/nl)z
vg pp -1 + ny - 1 3

If a set of ny conventional strength test results
(log property values having mean ieZ and variance
s%z) and a set of p; prototype response results
(log property values hawving mean isz and variance
s%z) are available, then confidence limits for o
can be found.

ajexp{-ty) < o < aexp (ty) (4)

where wz

]

2 2
ssz/p2 + sez/nz

§52 = gecmetric mean of prototype response
(sui) results
a3 = Yga/Ye2
t = student's t value for the confidence

coefficient chosen and degrees of
freedom, v, , given by

" (ngfpg)z (Szz/nz)z

ClG

. oo ny I (5)

1E the bias factor, @, is the uame for both pairs

of sampics, then(2) and (4) may be combined to give

confidence limits for ygy. independant of .,
ag¥elexpl-tn} < yg1 < ap¥ejexpi{tw) (6}

where w? = ¢2 + p2

Student's t value for the confidence

t =
coefficient chosen and degrees of free-
dom, v,, given by
ﬂ:ﬂ.-p E.l‘— (7)
Ve Vg v¢

If the geometric mean of the results of a set of
conventional strength measurements, §elr is chosen
as the shear strength design parameter, then a mat-
erial response factor, B, can be estimated from {6}
to cover uncertainties in soil properties and bias
in prototype response.

B = agexp(-tw) (8)
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Comparison of design on this basis with convention-
al design on the basis of a safety factor indicates
that a confidence coefficient of 0.92 on the lower
confidence limit will give a similar propability of
failure as a safety factor of 3. (The probability
of failure will be much less than 0.01, as both the
material response factor and the load factoxr must
be concurrently exhausted for failure to occurx).

4 PILE LOAD TEST RESULTS

The results of lcad tests on a number of cast-in-
sity piers and piles in fissured clays have been
collected to illustrate the use of this podel and
provide data for design. The results oft site in-
vestigation work on these sites are sumdarised in
Table 1. Sites A to F were located in south-
eastern Queensland. Sites G and H are the results
of deep plate load tests and cast-in-~sity pier pexr-
formance in London Clays reported by Marsiand
(1973) and Whitaker and Cooke (1265) respectively,
which have been included for comparison purposes.

Values of ultimate shaft resistance, RH5W and nett
ultimate base resistance, Rnup, were determined
from the load-deflection plots for the piles from
sites A to F, by the method outlined by Whitaker
(1970) . An example of this determinatign is shown
in Fig. 1.

200 T T i
SITE C; Pile 1
— o\
R ,///// v 0
150 [~ nuy, o \ -
/////, ?
w O
[ L
g
g 100 ;o/ _,
< 11
o O H
[+]
= R
50 i s -
! ! 1
10 20 30 40

Deflection (mm)

Fig. 1. Typical Pile Load-Deflection
FPlot Showing Estimation of Ru and R
nu,
s

The soil response values for ultimate shaft re-
sistance and nett ultimate base resistance were
estimated, for sites A to P, from the common design
expressions

cq = By /(7AL) ()
2

e =r 2 (10

u nuh 4

petails of the pile dimensions, and the estimated
values of soil response are given in Table 2, for
gsites A te F. The estimated values of scil res-



TABLE 1

SUMMARY COF SITE INVESTIGATION RESULTS

SITE 5011 DESCRIPTION CLASSIFICATION STRENGTH
w L.L, P.T. Type of Shear
Test Stréngth
k1
% % (kPa)
A Stiff mottled gqrey & brown
fissured CLAY (Shaft Zone) 29 - 61 - - u(48) 34 - 997
Stiff mottled grey & brown
fissured CLAY {Base Zone) 43 ~ 57 - - 1{48) 46 - 125
B Stiff to very stiff mottled
red, grey & brown fissured
CLAY 28 - 49 88 - 91 47 ~ 48 uc(48) 29 - 99
o Stiff to very stiff mottled
red grey & brown fissured
CLAY (sShaft Zone) 21 - 34 8C - 96 59 - 72 uc{as) 35 - 265
Stiff to very stiff mottled
red groy & brown fissured
CLAY (Base Zone) uCc{48) 45 - 195
D Stiff mottled grey & brown
fissured CLAY 32 - 43 - - uc(48) 25 - 103
B Stiff mottled grey & brown
fissured CLAY 15 - 31 - - U (48) 34 - 105
F Very stiff to hard grey brown )
fissured CLAY 14 - 27 42 - 80 26 - G3 u(48) 150 - 335
G Very stiff grey fissured CLAY - - - U{38) 104 - 240
7 Stiff £a wery stiff grey to brown
figsured CLRY (Shaft Zone) - - - U(38) 58 — 149
S5tiff to very stiff grey
fissured CLAY {Base Zone) - - - 1{38) 75 - 150
¥ UL ) denotes undrained triaxial test on () sm dia. spociuwen
U ) depotes unconfined compression test on { ) mm dia,. spegimen R
i i Sites Considered F F
+  Residual strengths in sensitive clay Trial - 0.05
Piles Piers
. D|E|F} H
ponse, determined by the methods of 9 and 10, were A lB < I | l ‘

taken directly from the references for sites G and
H.

The statistics for the ehu and sui sample sets for
each site are given in Table 3.

5 ANALYSIS OF VARIANCE

Valid use of data from more than one site, in (8),
depends upon the condition that the same bias
factor applies for all the sites from which the
data is drawn. An analysis of variance expression
may be developed, as described in Bppendix I, to
test this hypothesis,

Analysis of variance was made on the ehu and sui
statistics fxom various combinations of sites. The
results of this analysis is given in Fig. 2 for
shaft adhesion, and in Pig. 3 for nett end bear-
ing resistance.

T g, 30 | 2.2

1
3
4

| 0.2 | 2.8
| 3.2 | 4.3
5 I 0.2 | 4.2

Shaded trials indicate estimated probability of
less than 0.05 that ¢ is the same for all sites
considered.

Fig. 2.

Results of Analysis of Variance for
shaft Adhesion Bias.

Trial ISites Considered F FO.D)
Pilesl Piers
n |c ] ¥ ‘ G ‘ 1l

1. WA aa | 2
3, 1 [ ] 0.9 a0

Results of Analysis of Variance
for Nett Base Resistance Bias,

Fig. 3.
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TABLE 2

DETATLS OF PILES AND LOAD TEST RESULTS

Site Pile fength sShaft Base Soil Response
No. (m}) Diam. Diam.* | ¢ =%
(m) (m)

{kPa} (kPa}

cast-in-~situ Piles (Hammered base and shaft)

A 1 9.0 0.55 0.75 41.5 108.6
2 9.0 c.40  0.75 49 .4 108.3
3 7.3 0.40 0.75 53.4 147.9
4 9.0 G.40 0.86 52.9 110.6
5 7.0 0.40 0.75 40.0 is0.z2
B 1 10.0 0.50 0.64 62.4 -
2 8.7 0.50 0.64 71.7 -
3 7.0 0.40 0.75 85.3 193.4

Cast-in-situ Piers

[ 1 4.0 0.75 1.0 B89.3 123.4

2 4.0 0.75 1.0 112.3 92.9
o] 1 9.0 0.50 0.50 46,1 -
2 9.0 0.50 0.50 41.6 -

E 1 10.¢ 0.60 0.60 3%.0 115.5
.2 8.4 0.40 0.47 . 65.0 -

3 1 . 0.64 0.64 66.7 114.0

5.0
2 5.0 0.64 0.64 65.7 i52.0
5.0 0.64 0.64 60.4 -

* Base diameter of cast-in-situ piles estimated
from volume of concrete displaced and assumed
spherical shape.

- Indicates ultimate end bearing resistance not
fully developed.

In the design of cast-in-situ piers or piles, the
design value of ¢, is generally obtained by multi-
plying the average measured value of undrained
shear strength by a factor (less than or egual to
one) according to the magnitude of that averxage
value (SBA Piling Code - 1978). The values of

Yo l=cs) for shaft adhesion were obtained by re-
ducing the mean of the measured values of ¢y by
the recommended factors from the SAd Piling Code
{Fig. 4). Hence, the bias factor, a, for shaft
adhesion will represent bias with respect to the
design value of cg which would be chosen or the
basis of this code recommendation. The values of
§e (= c,} for end bearing have been obtained from
the agtual measured values of undrained cohesion,
and hence the bias factor, o, for base resistance
will represent bias with respect to the bearing
capacity factor of 2 from (10}.

A number of observations may be made, in passing,
on the results of these analyses.

- The ultimate shaft adhesion developed on bored
piers can be significantly higher than the
design values which would be chosen from the
SAA Piling Code (Fig. 2; Tials 2 and 3, and
Fig. 4, with respect to Site C). This is of
particular significance in the design of piers
in expansive =oil, where the development of
high values of shaft adhesion can result in
high tension stresses in the pier shafts.

- The ultimate shalt adhesion developed on cast-
in-situ piles, in which the shaft concrete is
compacted by hammering, can be significantly
greater than that prodicted by the SAR Piling

1.0 T i\ T T ch T T T T T
*po
0.8k SAA Piling Code _
T
1
8 0.6~ + -
o)
[
o
o
c
S
1 0.4 ]
g
ks +.H
2 i-F
0.2 ]
: H 1 | | | L I I |
Q 1ec 200
Average Undrained Shear Strength (kPa)
Pig. 4. Adhesion Reduction Factor for Piles
in Clays
Code and developed on bored pier shafts in many
instances (Fig. 2; Trials 1 and 3, and Fig. 4:
Site B).

- The estimated nett ultimate beaxing pressure for
enlarged base cast-in-situ piles, for which the
bases have been formed by hammering the conoreve
to displace the soil, can be sigarificantly
higher than the nett ultimsie % aving pressure
for bored piers (Fig. 3; Triats 1 and 2, and
Fig. 4: Site A}.

TABLE 3
STATISTICS FROM PILE LOAD TEST SITES
Site Investigation (ehu) Load Test (sul)
Statistics Statistics
n ¥ (kPa) Sy ’ p yglkpa) Sg
shaft Adhesion -
+ +

A 13 65.7 0.368 5 47.1 0.136
B 17 117.9 0.341 3 12.5 G.157
c 21 104.1 0.54% 2 100,13 0.162
B 5 47.2 0.605 Z 43.8 0,073
B 18 70.9 0.339 2 50,3 0.361
F 7 219.1 0,307 3 64,2 0.053
H |18 148.2 0,278 10 47.7 0.202

Base Resistance
A |13 95.3 0.224 5 125.3  0.191
c 6 99.2 0.62Z1 2 107.1 0.201
G 18 148.3 0.290 6 98.6 0.0&3
B is 138.7 0.356 10 110.4 0.186
F 7 219.1 0.3067 2 131.6  0.203

Residual strengths in sensitive clay

6 EXAMPLE OF ULTIMATE LOAD DESIGN

The form of the ultimate load design equaticn for
cast-in-situ plers oxr piles in clays will be
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Yo + QF = Naﬂa}’aaﬁa + (Nbngdb + Po)Ab {11)
where § = working load
¥ = Jload factor
O = gravity load of the foundation
Ny = adhesion factor (ca/cy_ from SAR

Piling Code in this instance)
s = material response factor for shaft
adhesion
Yqa = design value og shear strength of soil
around shaft (ye.: geometric mean of
shear strength measurements in this

instance}

A, = area of soil contact on shaft

Niy, = bearing capacity factor (9 in this
instance)

f;, = material response factor for end bear-

ing capacity
¥ah = design value of shear strength for soil
at base (¥,: geometric mean of shear
strength measurements in this instance)
Ap = area of base

A method for the estimation of material response
factors for shaft adhesion and end bearing, where
the two act concurrently, is developed in Appendix
II.

Suppose that' the following shear strength measure-
ments have been obtained by triaxial testing from a
Site, J, in the same soil type as Site F.

shaft Zone:220 kPa, 110 kxPa, 145 kPa, 180 kPa,
130 kPa
LBase Dome:s B3 RPa, 155 ki, 230 kita, PR kla

This data, together with the sui data from Site I¥,
can be used to estimate the effect of soil varia-
bility on foundation performance. If the ebu and
sui data from Site H is available, this can be used
to estimate the effect of bias on foundation per-
formance. (The probability that the bias factors
for these two soils are different has been shown

to be very low). The statistics for these tests
are summarised in Table 4.

TABLE 4

SUMMARY OF STATISTICS FOR EXAMPLE

SITE INPUT | Investigation (ehu)
Statistics

Load Test {sui)
Statistics

n Yy l(kpa) Se P ;s{kpa) Sg

Sharlt Adhesion

F & J variability

5 152.4 0.272 3 64.2 0.053
H Bias
18 148.2 0.278 (10 47.7 0.202
Base Resistance
F & J Variability
4 173.9 0.233 2 131.% 0,203
H Bias
13 138.7 0.356 (1o 1llc.4 0.186

This data will be used to estimate the acceptable
working load on a 500mm diameter bored pier, with
6m shaft length and base enlargement to 850mm dia-
meter (founding depth 6.3m), for a load factor of
1.6 and a material response factor calculated foxr a
lower confidence iimit with confidence coefficient
of 0.99, The average bulk density of the socil is
2.0 t/m3.
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Ay = 9.42 m? Ay = 0.567 m?

k]

N, = 0.38 for yqa = 152.4 kPa (SAA Piling Code)
N, = 9

832 = Yena/Yena = 47.7/(0.38 x 148.2) = 0.847
{Egqn. II.2)

a = 110.4/138.7

2b = Ysap/Yeop =

I

0.796 (Eqn. IIL.2}
w? + wf = 0.0532 + 0.2722/5 + 0.2022/10 + 0.278%/18

+o0.203% 4 0.233274 + 0.1862/10 +

0.3562/18 = 0.0914 (Eqn. 11.2)
2 2y2
g *9) _ (0.0839)2 (0.272%/5)%
v 2 4
(0.202%/10) % . (0.278%/18) 2
g 17
(0.203%2 | ©0.233%0)2 _ (0.186%/10)° |
1 3 =
(0.356%/18)2
17
giving v = 4.6 {Egn. II.3)
Frow Lables ol Stwient st for b 9.01; 1 EE
B = 0.847 x 0.796 exp (-1.52/0.0914) = 0.233

(Eqn. 11.4)

9 % 173.9 x 0.567

By = x 0.233 = 0.616
J0.38 x 152.4 % 9.42 (Ban. T1.7
B = B/8, = 0.233/0.62 = 0.378 (Ean. II.7)

Qp = 9.8 x 2.4 x % % 0.52 x 6.3 = 29.1 kN
1.6Q + 29,1 = (0.38 x 0.616 x 152.4 x 9.42)
+ {9 x 0.378 x 173.9 + 9.8 x 2,0 x

6,3) 0.567 (Egqn. 11)

giving @ = 445 KN

7 CONCLUSTONS

rFoundation design is carried cut using limited
information and inexact methods. A bias will often
exist between the predicted and the actual found-
ation performance. The designer must steer a
course between undue and costly conservatism and an
wnacceptably high probability of failure.

Conventional design requires judgement to be o~ r-
cised in the sensitive and subjective aréa of
choice of design strength and safety facto:.
select this course. In the proposed method, une
designer's judgement decisions are removed from
this area toc the less sensitive and more objective
decision on the compatibility of his concept of
the soil properties on the site with his experience
of similar soils. In addition, he is able to make
quantitative use of data from previous experience
in his judgement decisions and design. [

The collection, correlation and dissemination of
data from engineering experience {eg. the results



of investigation and prototype tests) ig of advant-
age to the profession, whatever desxgn method is
used. The prototype tests which yvield information
on the ultimate soil resistance are often those
which have failed to meet the designer's expectat-
ions, and there is an understandable reluctance to
publish this information. However, the value of
such information lies in the comparison of actual
and predicted performance, and provided that this
is presented in a manner similar to the sites in
this paper, sensitive information, such as the
actual site location and the design loads, would
not be relevant, Therefare, it would seem both
feasible and advantageous to the profession to have
such information processed by reliable, independant
bodies on this basis.
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10 APPENDIX I ~ ANALYSIS OF VARIANCE FORMULAE

Equation 4 is derived from its logarithmic form

T o= In.a = Iln.a 1.1
¥

where In.a is o normal variable

T is an approximate Student's t variable with
degrees of freedom, given by (5}.

Equation I.1 is of the form

_1ln.a - ln.no

T =
7 S -2

where s = the unbiased estimate of the wvariance,
02, of 1ln.a

vsz/oz will be xz variable with v degrees of free-
dom, and hence v{v + 1) ¢2/02 will be an approx-
imate xz variable with v degrees of freedom. Thus,
the sum of k such variakles from independant sam-
wples.

4

£} vilvg + 1) ¢§/02 will be a ¢ varizble with

Z% vy degrees of freedom.

- 1n.a)/o will be a standard

Alse, #vi + 1 (ln.aj
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normal variable, where ln.a = zﬁ (vs

3 + l)ln.aj/

Zk(v. + 1).
1 3]

Therefore, Eﬁ (vj + 1) (ln.aj - 1n.a) 270

= (] (v + D (In.a)?-Un.a)2

£ vy + D )/o

will be a x? variable with {k-1) degrees of freedom
if 1 ig the same For all the populations from which
the k sample sets have been selected.

Under the hypothe51s H, : @y =14dg = . the
ratio of the two x varlables, lelded by their
respective degrees of freedom

k

Ty

k 2 2¢k
vj{Ll (vj+1}(ln.aj) (In.a)“s3 (“i+ i8]}

F = - ) 7
k- DT v+ 2

will have an £ distribution and provides a foxm of
the conventional one way analysis of variance
expression,

i1 APPENDIX II -~ MATERIAL RESPONSE FACTORS FOR
JOINT ACTION OF BASE AND SHAFT RESISTANCE

The ultimate soil resistance of a deep foundation
will be given by

R =Ny A

u a‘sa a * (besb + Po)Ab ir.1

It can be shown from the statistical medel that
agaaznexp (-tV2 + wl) < yoavend¥oia¥eyp « - 11.2

where a,,, ag, 8xe¢ values of Yg2/Yay from (6) for

shaft® and base respectively

wd, m% are walues of w from {6) for shaft and
base respectively

Ysar Yob Bxe values of sui response fox
shaft and base respectively

Yolar Yelp ave values of Ye1 For shaft and
base respectively

t is the Student's t value for the confid-
ence level chosen and degrees of
freedom, v, given by

l
Whoeh? _eh o, b
v Vg Vh ‘

1f B = aga ap, exp (~t/wi + wf) = Ysa¥sh/Yola¥elb
11.4

Also, the values Of Ygu and Yg, giving the minimum
value of R, can be found from
anu/aysa =0 BRu/aysb =0 II1.5
The values of yg, and ygy giving the minimum value
of R, at the chosen lowar confidence limit can be
found from II.l, II.4 and II.5
~ MR - - g 42 =837 o g

Ysa ® W a_ Yela¥ewr” Ysb Twa Yela¥elb"  11.8

aa b

tf the material response factors for shaft and
base response are defined in terms of the values
of_yg, and yg, from 6 as ysa = Ba¥ela and ysh =
fpYelb respectively, then from II.6 where B = B, B

5, _[iTers®y 5 g - [reYela"a 1.9
N yela a 5 Nhyelbhb )



Autematic Joint Elemsnt Generation to Simulate Strain
Softening Vield Bahaviour In Earthern Materlals

B. G. RICHARDS
Princlpal Research Scientlst, Division of Solls, CSIRO

SUMMARY This paper describes a model incorporating automatically generated joint elements to simulate the
observed behaviour of strain softening materials, ineluding $he post-yield behaviour. Good agreement was
obtained when this model was used to back analyse triaxial and direct shear tests of such a material. The
collapse load of strip footings as predicted by this model was also compared with previously published

results, giving excellent agreement.

This model, therefore has a useful capability of analysing the

complete stress-strain behaviour of soils, including the prediction of the collapse lcad and the

post-yield behaviour.

At the same time, it maintains the advantages of nen-linear elastic models in that

it incorporates directly the constitutive relationships and the yield eriteria based on experimental
evidence, in this case, the results of conventional triaxial and direct shear tests.

1 INTRODUCTION

The stress-strain behaviour of naturally occurring
soils is very complex and therefore difficult to
simulate using mathematical models. Excellent
summaries of such mathematiecal medelling tech-
nigues applicable to wide range of so0il mechanies
problems have already been given by numerous -
authors {e.g. Zienkiewicz et al., 1978). It is
obvious that in the present state of understanding
of 30il behaviour and the definition of the rele-
vent acil properties, accurate predictions of soil
behaviour cannet be achieved. What is required
for practical purposes, is to model as accurately
as possible, those properties which are essential
in the solution of a given problem. For this pupr-
pose, the finite element method has invariably
been used with approprlate constituitive
relationships for the stress-strain behaviour.

For pre-failure deformation states, non-linear
elastic models have been developed to the point
where they are the most suitable for the pre~
diction of the stress-atrain behaviour of soils so
long as zones of near failure stress are limited.
These models represent the soil as non-dilatant
(i.e. shear stresses cause no volume change) with
a non-associated behaviour (i.e. maximum shear
strain oceurs in the direction of the maximum
shear stress). They also give poor simulation of
the behaviour of solls whieh exhibit ideal plas-
ticity or strain softening, but may prove adeguate
for those soils such as loose sands or normally
congsolidated clays, which exhibit continual ztrain
hardening. Their main advantage is that they in-
corporate directly constituitive relationships
based on experimental evidence e.g. the resylis of
conventional triaxial compressicn tests with
volume change measurements. This permits consider-
able flexibility in the use of the constituitive
material relationships and for example permits the
use of stress and/or strain dependent properties.

One such non-linear elastic medel, which has been
found to be simple to use in practical problems,
is the hyperbolic siress-strain model, developed
for clays by Keander (1963) and for sands by Konder
and Zelasko (1963). Various forms of this model
have subsequently been developed, but a modifica~
tion of the Variable Meduii Mecdel II (first pro-

posed by Nelson, 1970) was used by the author
(Richards, 1978) to model experimental stress-
strain relationships for a range of soils dn both
field or laboratory applications. This model was
shown to be able %o describe the non-linear stress
dependent properties of the soils based on the en-
tire experimentally determined stress-sf{rain
curves at least, up to failure conditions.

For deformation states at or post-failure, most
s0il mechaniecs workers have extended the concepts
of the elassical plasticity theory te simulate the
soll behaviour (Wroth, 1972). Whilst this theory
applied cnly to ideal materials it had the
advantage that the classical bounding theorems for
coliapse loads applied ensuring the uniqueness of
the results. However, to obtain reasonable
results with real soils, much of the ¢lassical
theory had to be abandcned or considerably
modified (Zienkiewicz et al., 1975).

The main problem with the classical plasticity
theory was the assumption that the plasticity
behaviour is "associated". It is now accepted
(Davis, 1968a, 1968b; Davis and Booker, 1973;
Zienkiewicz et al., 1975} that associated behav-
iour using Mohr-Coulomb yield criteria contra-
dicted experimental observations and gave exces-
sive rates of dilation. Attempts to extend
plasficity ideas to a '"non-associated" form have
become necessary, but no useful bounds can be
placed on the collapse loads and this creates
doubts on the unigueness of the results. Conse-
quently, one of the main advantages of the plas-
ticity theory no longer applies.

This paper looks &b the possibility of extending
the hyperbolie¢ stress-strain model to simulate '™
failure and post-failure behaviour of strain soi
ening soils. In one application (Richards, 1979)
viz. the back-analyses of spoil pile failures at a
strip ccal mine in the Bowen Basin, Queensland,
strain softening of the spoil pile was the signifi-
cant factor. As no other method of analysis was
found to be suitable, the finite element program
using the hyperbolic stress-strain model was
modified te include fixed joint elements
(Ghaboussi et al., 1973} along the previously
surveyed location of the failure pianes. These
joint elements had non-linear hyperbolic shear
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atress-displacement relationships with a shear
stress release and redistribution technique to
simulate strain softening (Zienkiewicz et ai.,
1968; Lo and Lee, 1973). Using the elastic proper-
ties from triaxial tests and joint properties from
direct shear tests, it was possible to closely
model both the triaxial and shear box tests them-
selves as well as the slope behaviour in the field.

One interesting point arising out of the analyses
of the spoil piles was the fact that the maximum
shear strain contours given by the non-linear elas-
tic analyses predicted the lecation of the observ-
ed failure planes very closely as suggested by
Resendiz and Romo (1972). This led to the poss-
ibility of inserting jolnt elements automatically
into the finite element mesh when yield oeccurs, at
the location and orientation determined by the
yield criteria adopted.

2 MATERIAL MODEL
2.1 Basic Centinuum Model

The hyperbolic medel used to deseribe the conti-
nuum material up to yleld can be summarized by the

simplified relaticnships {Richards, 1978) as:
n

X = Klam + Ko (1)
and
- me,_ (4P
G = Go (1 (r ) ) Gy {2)
f
where K = bulk modulus
G = shear modulus
U = maximum value of the mean stress
= /3 (01 + 0p + 63)
¢ = shear stress) according to yield
3 criteria
op = yleld stress) adopted
Kl, Ko Gl’ Go, n, m and p are material conatants.

These equations can readlly be programmed into
non~linear elastic finite element programs using
continuum elements and incremental loading.
Typical results using such a program have already
been published elsewhere (Richards, 1978).

2.2 Joint Elements

The joint element used in the finite was based on
that proposed by Ghaboussi et al., (1973). The
finite element formulations for constant strain
joint elements are:

F) o= () {o) (3
where [k stiffness matrix
k Jvol BIC Bdvol.

stress matrix
strain matrix
nodal forces
nodal displacements

—~—
wOD

[ o Nt 7 Sl

mnwupn

The strain matrix [B) as used by Ghoboussi et
al., (1973} is similar in form to that for the
simple constant strain continuum elements.
However, the stress matrix [C} is different
and has the form for twe dimensional problems:

On  Cpn @ Cns €n ()
ag 0 60 €t
Gs Csn 0 Css Es
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where op = stress normal to joint
O = stress transverse to Jeint
Og = shear stress in joint direction
€p = strain normal to joint
et = strain transverse to jeoint
Eq = shear strain in joint direction

Cnns Cnar Cap and Cgg are the joint

parameters
Cpn = Joint stiffness normal to joint
Cgs = shear stiffness of jeint

Cgn 13 the coupling between
normal displacement and shear force and
vice-versa (i.e. are zero for non-
dilatant joints).

Thus it can be seen that any continuum element can
be converted to an effective joint element by
changing the stress matrix (D) for a continuum
element to the (C] matrix for a joint element

at any time when yield occurs during the lnere-
mental loading process. This technigque has been
checked by comparing analyses with those using the
specially designated joint elements as defined by
Ghaboussi et al., (1973)., The joint parameters
differ from the elastic parameters, but in the
following examples, C,, has been equated with 3K
and Cgy with G with Cpg and Cgn equal to

zZere ?i.e. equivalent to putting v = G).

The main difficulty in changing to the joint ele-
ment is the determination of the joint angle, o,
i.e. the angle between the n-s co-ordinate system
of the joint and the x-y co-ordinate system used
in the analysis. Morgenstern and Tchalenko (1967)
have investigated the microscopic struciures in
kaolin subjected to direct shear and ecnsidered
two component viz. originmal fabric (e.g. pre-
existing joints) and shear-induced fabrie (e.g.
joints formed during the loading atages). Up to
failure i.e. the creation of a diacontluuity or a
joint, the deformations are aszsumed to be astraln
controlled, dut the formation of the jolnt la due
to a displacement discontinuity and the deforma-
tionas are the result of principle displacement
shear (Skempton, 1966). Hence the best estimate
of the angle o, at least for a non dilatant
material, is given by the maximum or principal
shear strain direction corresponding to the in-
eremental nodal displacements during yield i.e.
Joint formation.

The stiffness matrix for the joint element in the
general x-y co-ordinate system is:

(), = (1) () (D) %)

where {T) is the transformation matrix containw
ing the direction cosines of the Jjoint angle, o.

xy ©

2.3  Straln Softening

The model used in this paper assumes that strain
softening occurs only in the jJoint elements. At
yield, the actual shear stresses are equal o or
exceed the yield stresses for peak atrength and

the shear stiffness from equation (2) has been re-
duced to near zero values. The yield stresses for
reaidual strength are then calculated and the dif-
ference is redistributed until the shear stresses
in the yielded elements are at the residual values.

The excess shear stress along the joint at angle,
o, is given by:

ATG =T -% (6)

o R

where Ty = actual shear stress along the joint
Tgr = residual shear strength



The excess stresses to be redistributed in the x-y
co-ordinate system are given by:

Acx —ATa sin aa
{ac} = AUY = ATG sin 2& (7)
&Txy -A'ru ¢os 2a

where o is the inclination of the joint to the
horizontal.

Uzing the "initial atresa" method (Zienkiewicz et
al., 1968), the excess stresses are redistributed
by generating a new set of nodal forces.

{F} = [(B)T {-40) dvol (8)

where [B]T is the transpose of the strain
matrix

{-Ac} is the negative value of the
excess stresses

As the shear modulus of the yielded elements is
near zero, the iterative methoed used by Lo and Lee
(1973) was not required for the reduction of the
3tresses in the ylelded elements, but was required
to ensure redistribution of these stresses to the
elements not yet yielded,

2.4  Tensile Failure

The medel used for tensile failure in some of the
appliecations described in the following sections
was simply to reduce any tensile stresses exceeding
the tensile strength of the material to zero and
redistribute them by the "initial stress" method
discussed above.

3 ANALYSES OF LABORATORY TESTS

The mud stone underlying the coal and forming the
floor of a strip coal mine in the Bowen Basin,
Queensland has already been -extensively investi-
gated (Richards, 1979). This material exhibited
brittle failure with strain softening and little or
no volume change or dilatancy. It was therefore an
ideal material for the application of the model des-
cribed above. This material alsc formed the base
of the spoil piles, standing over 70 metres high at
their natural angle of repose (up to 35%) and

which have had a history of failures (Boyd et al.,
1978},
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Figure I. Iriarial test results for md-stone,

Bowen Basin, Queensland.

Figure Z. Direct shear test results for mud-gtone,
Bowen Basin, Queenslond:
displacement.

Shear sitress versus shear

Undrained triaxial tests without volume change
measurement were carried out on 200 mm dia. sealed
'intact' cores of the material sampled at its nat-
ural water content. Typical results of the devia-
toric stress versus vertical strain curves for var-
ious cell pressures are shown in Fig. 1. Direct
shear tests were also carried out on the same matep-
ial and typical shear stress versus displacement
curves for various normal stresses are shown in
Fig. 2. The normal displacement versus shear dig-
placement curves for the same samples is shown in
Fig- 3.
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The hyperbolie parameters ineluding the peak
strength parameters as defined in eguations (1) and
{2) were determined using the triaxial data in Fig.
1. The residual strength parameters were determin-
ed using the direct shear Lox data in Fig. 2. These
parameters can be summarized in the following ex-
pressions:

Normal displacement versus

K = 154,000 kPa

1.0
G = 71,000 (1-(¥—) } + 150 kPa
£

462,000 kPa
Cagg = G
Cng = Cgn = 0

Trp = peak yleld stress,
(U]-Gg)p/Z

= 625 cos 34%(gq+03) sin 3U0%kPa -
Tep = residual yield atrens
= 170 +3y, tan 169 kPa

It should be noted that the triaxial test usirz
Mohr=Coulomb yield criteria and the dlrect ahear
Leat uaing the Coulcmb criteria on the failure
plare give different results For non-asaccialod
materials (Davis, 1968b and Morgenstern et al.,
1967). This difference is taken into account in
the model deseribed above as the shear strength on
the actual failure plane is predicted not assumed
in each analysis.

The laboratory tests showed that the material
exhibited little or no dependency on the mean
stress and seil suction. For exampie, the effect
of =0il suction on the residual shear strength is
shown in Fig. 4.
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Using these parameters, the laboratory tesats them-
selves were back-analysed. The triaxial tests
could not be exactly modelled as the applied
stresses were axi-symmetric, but the observed
failure planes were distinet plamar surfaces at
angles of 500 to 55° to the horizontal. As a
compromise, the triaxial tests were modelled as
piane strain tests as these give planar failure
surfaces similar to those observed and the inter-
mediate stress, op, does not affeet the Mohr-
Coulomb yield eriteria. The results of these
plane strain analyses are summarized in Figs. 1,
5, 6 and 7 and gave excellent agreement with the
teat data.

Keviducl shear olrenglh

Similar plane strain analyses of the direct shear
tests were carried out assuming a shear plane 2 mm
thick. The results of these analyses are summar-
ised in Figs. 2, 8 and §. It is interesting that
the directions of the maximum shear strains varied
from 25° to the horizontal initially to approxi-~
mately 09 at yield. Therefore, any shear induc-
ad sub-structures could be =imilar to those report-
ed by Morgenatern and Tehalenko {(1967).

One obvious question, which could be raised con-
cerning these analyses, is the influence of the

finite element mesh, particularly the orientation
of the nodes in the simulated triaxial tests as
shown in Fig. 10. Analyses were repeated of these
tests with no strain softening (i.e. Tgp =

Trp), but with the orientation of the nodes
varied, Fig., 10 also shows the atress-strain
results for a 459 orientation and Fig. 11 shows
the variation of predicted peak strength with node
orientation. In each case, the joint angles, o
at yield were predicted to be approximately 529

in the vieinity of the failure surface, which cor-
responded with the angle for minimum strength
shown in Fig. 11. The failure surfaces predicted
by the maximum shear atrain contours were stepped
except in the case of the nodes orientated at

529, but in each case, the average slope approx~
imated 522, At an orientation greater than

639, every diagonal line of nodes was impeded by
the end caps and this apparently impeded failure
as shown in Filg. 113,

Y ANALYSES OF THE YIELDING OF STRIP FOOTINGS

The first example analysed was that of a rigld
frictionless strip footing being pushed into
weightless frictionless soll at a constant strain
rate. Fig. 12 shows the geometry of the problem
and Fig. 13 the displacement (i.e. flow) patterns
at peak load. Fig. 12 alsc shows the load-
settlement curve, whieh compares favourable with
the Prandtl solution. Results for a similar
analysis with strain softening such that Te. =
U.STfp is aiso shown in Fig. 12.

Attempts at analysing a cchesionless soil were not
so successful as convergence could only be achiav-
ed after a very large number of iferations per
inerement of loading. VWhile the initial stress
nethod used ultimately gives the correct resuit,
intermediate resulfs can give temporary peal
sterengths much higher than the true peak strengthn.

As a further check on the model, the plane strain
analysis of a uniformly loaded flexible and frict-
ionless strip footing by Zienkiewicz et al., (1975}
was repeated, The load settlement curve is shown
in Fig. 17 compared with their curve [or non-
associated flow {P=0) and the Prandtl collapse
load. The differences between the load-settlement
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Figure 5. Results of finite element analysis of triarial test: displacement vectors.
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curves in Fig. 17 are due to the differences be-
tween the linear elasticity used by Zieakiewicz et
al. and the non-lirear elasticity used in this pap-
er. The displacement patterns post-yield are
shown in Fig. 15. Figs. 16 and 17 show the max-
imum shear strain coniours and the spread of yield-
ed zones at peak load.

5 ANALYSES OF SLOPE FAILURES

Space does not permit a detailed description of
the analyses of slope stability problems.

However, the analyses of a spoil failure at the
Goonyella mine, Queensland, previcusly reported by
the author (Richards, 1979} were repeated using
the model described above with very similar
results., Using the construction sequence shown by
stages 1 to 6 and the final rise in the
groundwater level, i.e. stage T shown in Fig. 18
together with the actual material parameters prev-
iously determined, the analyses indicated that the
slope was near fallure. The displacement pattern
shown in Fig. 19 and yielded zones shown in Fig.
20 indicate that the predicted failure planes
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would be similar to those gbserved and used in the
previously reported analyses.

& CONCLUSIONS

The model incorporating automatically generated
Joint elements as desecribed in this paper has been
used to closely simulate the observed behaviour of
a strain seftening material including the post-
yield behaviour in laboratory tests. Results for
the collapse load of strip footings alse compare
favourably with those obtained previously using
visco~plasticity models and the Prandtl collapse
loads. Attempts at modelling the strain seftening
effects in a spoil pile at a strip coal mine wer
successful and predicted the sequentizal) failure

a manner similar to that observed in an actual
failure.

This model therefore has a useful capability of
analysing the complete stress-strain behaviour of
soils including the prediction of the collapse
load and the post-yield behaviour. At the same
time, it maintains the advantages of non-linear
elastic models in that it incorporates directly
the constitutive relationships and yield criteria
based on experimental evidence, in this case, the
results of conventional triaxial and direct shear
tests.
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SUMMARY
element method are discussed.
mass assumptions.

The results of the investigation into the stability of slope at Illawarra Escarpment using finite
The numerical modelling of the slope
For the continuum modelling, isoparametrit quadrilateral elements have been used whereas

include both jointed and intact rock

for the jointed rock mass, in addition to the quadrilateral elements, Goodman type joint elements have been

used.

The material nonlinearities of the rock mass include

elasto-plastic, no-tension and creep behaviour.

The results for the models representing both a typical section and a steeper section of the slope indicate
that no large scale failure is possible at the escarpment.

1. INTRODUCTION

The analyses of rock slopes are, in general, carried
out on the basis of phenomenclogical appreach or on
the basis of design approach. A phenomenciogical
approach is aimed at a2 study of the general behav-
ioural pattern and mechanism of failure, whereazs a
design approach is intended to provide quantitative
information on the stability of a particular slope.
In this paper, a phenomenological appreach has Dbeen
primarily adopted.

The three major methods for rock siope stability
analyses are - model stwdies, Yimit equilibrium
methods and analytical or numerical techniques.
Physical scale models are concerned with the behav-
icur patterns of rock slopes and, as such, aim at
medelling the failure mechanisms and fabric effects.
In limit equilibrium methods, a failure mode is often
assumed and then the stability of a particular slope
is determined on the basis of that particular mode.
Numerical tochniques are used to  determine

not oniy the stress distribution within the rock
mass but to evaluate the deformation characteristics
of the siope itself. These techniques are capable
of inciuding the discontinuities in the rock mass
for evaluating the stability of the slopes. The
physical models, although sometimes invaluable, pro-
vide limited quantitative information and moreover
the time involved in the construction of models pre-
clude them as efficient tools. The main drawback of
the limit equilibrium methods is the assumption of

a particular mode of failure before any analysis is
carried out. The behaviour of rock mass adjacent to
the failure surface is not accounted for. In addit-
ion, the progressive failure which actually happens
due to the break-up of rock mass and the associated
stress redistribution cannot be considered. Moreover
the time dependent behaviour due to crcep or weath-
ering cannot be directly incorporated in limit equil-
ibrium metheds. Among the analytical and numerical
techniques, one of the most widely used technique
for slope stability analysis is the well established
finite element method. The finite element method
has been popular because of its capability to include
the nonlinear behaviour,(both time dependent (creep)
and time independent (plasticity))of the rock mass,
the influence of discontinuities such as joints, the
progressive failure and the associated stress redis-
tribution, the influence of initial tectonic stress
system, and above all, it is not necessary to assume
any particelar mode of failure for determining the
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stability of the slope.

However, in all finite element analyses, the accuracy
of the results depends on the accuracy of the material
properties adopted for the analysis. Since there may
be a large variation in mechanical properties assumed
for the analysis, the actuzl values obtained for dis-
placements and stresses may not be as accurate as it
should be for design purposes. llowever, for phenomen-
ological approach as ndopted in the present paper,

the tendency of movement awnd deformation of rock .-se
will provide more significant information than actu
values.

The aim of the present paper is to illustrate the use
of finite element nonlinear analysis for a particular
slope at Illawarra Escarpment. In fact, two scctions
of the escarpment have been modelled, one being a
typical section encountered and the other being a
steep one where rock failures are most common. The
results for both sections imdicate that eventhough
there may be some local failures, it is not likely
for a large scale failure to occur at the escarpment.

2, FINITE ELEMENT MODEL

The finite element analysis has been based on two
dimensional plane strain assumption. The material
nonlinearities include plastic yielding, tensile
cracking and creep. In order to account for these
nonlinearities two separate analyses have been carried
out. In one, both elastic-plastic behaviour and 'no-
tension' have been combined together whereas in the
other, only creep has been included. The rock mass
was modelled both as in tact and jointed. ‘For the
jointed medium, Coodman type joint elements have been
used to model the discontinuities. For the elusto-
plastic analysis, the 'initial stress method' hus been
used as the iterative technique and for the crecp
analysis, the 'initial strain process' has been
ed. For the elasto-plastic analysis, Drucker's n
fied von Mises yield criterion has been used whereas
for the creep analysis, a power law has been adopted
in the following form. . -
L
dze = Ko
where dgec is
Ja is
K oand n

the incremental cffective creep strain
the offective stress !
are material constants

The selection of proper time increment for the creep



analysis is guite important. The choice of small
time increment demands more computer time while a
very large increment may cause divergence of the sol-
ution. With the creep law adopted for this investiga-
tion, various time increments were tried and it was
found that the optimum increment is 500 days, consid-

ering economy in computation and satisfactory results.

It can be generally postulated that the resulis will
diverge if the incremental creep strain exceeds the
elastic strain.

The material properties used for the elasto-plastic
and creep analyses have been tabulated in Table I.

The finite element meshes for a typical section and

a steeper section of the escarpment are shown in Fig.
1 and 10 respectively. The numbers given in the var-
jous layers of the mesh indicate the appropriate
material properties corresponding to those given in
Table I.

The initial tectonic stress system was included in the
analysis by means of applying gravity loading to sim-
ulate vertical stress and loads at both vertical sides
of the mesh to simulate horizontal stresses. The
importance of tectonic stresses in any rock mechanies
problems is well established.  With particular ref-
erence to rock slopes, high horizontzl stresses may
be important in deep seated large scale failures
where the stresses are not relieved. On the other
hand, the relief of high horizontal stresses over
time may have an effect on the stability of the slope
causing the opening of the joints in the vicinity of
the free face. Therefore, in the present analyses,
the influence of horizontal stresses has been studied
by assuming two values fork values (0 = koy}, that
is, 1/3 and 3, corresponding to low ani high horiz-
ontal stresses respectively.

3. DISCUSSION OF RESULTS

3.1 Brokers Nose Section

Brokers Nose Section is immediately west of Bellambi
between Bulli and Wollomgong and is considered to rep-
resent the typical slope at Illawarra Escarpment.
The finite element division of this section is shown
in Fig. 1. The joints are considered to extend to
the base of the Wombarra claystone because this is
the maximum depth to which any large scale failure
is likely to progress. Due to the limitation of the
finite element division, only those outer elementsof
the claystones in the Narrabean Group are considered
to be slightly weathered.

The contours of the maximum principal stress, g, for
the elasto-plastic, no-tension analysis of the slope
are plotted in Fig. 2 to 5. Fig. 2 and 3 refer to
the in-tact rock model for low and high horizontal
stresses whereas Fig. 4 and 5 refer to the jJointed
model for iow and high horizontal stresses. There
is practically no difference in the stress distribu-
tion between the jointed and unjointed models for low
horizontal stresses. On the other hand for the case
of high horizontal stresses, there seems to be less
cracking in the jointed model. This is expected
since the joints are likely to relieve the stresses
by allowing sliding. The stresses determined arenot
sufficient cnough to produce any plastic yicldiag.

Comparing the displacements, there was not any signi-
ficant difference between the results of jointed and
unjointed medels. However, the ratio of maximum hor-
izontal displacement occuring at the top outermost
node between the cases of high and low horizontal
stresses was nearly 14.

The principal stress (0:1) contours for the creep ana-
1ysis are shown in Fig. 6 to 9. For the unjointed

model, the high horizontal stresses (Fig. 7) produce
a larger tensile region than the low stress (Fig. 6],
especially at the crest of the slope. The stresses
in claystones near the crest are sc low that little
creep displacements occur. However, near the toe of
the slope, the stresses are higher and much larger
cracked regions occur. Irrespective of thils, in
these relatively flat regions, rock failures are less
likely to occur. As would be expected, the jointed
model results in a slightly reduced tensile region.
The softer rocks such as claystones and shales show
larger tensile areas and this could influence the
breaking of rock and aid weathering and erosion.

3.2 Clifton Section

This section of the Illawarra Escarpment between Coal-
cliff and Clifton is one of the mest critical regions
since there are localised steeper sections caused by
the presence of some benches. The finite element

mesh for this section is shown in Fig.10. The vertical
joints are assumed to extend to the base of the IIl-
awarra coal measures. In addition teo gravity and
tectonic loading, the water lecads as shown in Fig.1l0
have also been applied in this case because the base
of the slope where the Coal-cliff Sandstone crops

out represents the high tide shore line.

As in the case of Brokers Nose section, for Clifton
section, the difference in the stress distribution
between the unjointed and jointed cases is negligible.
Hence, only the results for the jointed modei are
presented since this model is a better representation
of the escarpment.

The principal stress contour, o for low and high
horizontal stresses has been plotteld in Fig. 11 and
12. Compared to the case of low stresses, the crack-
ed zone for high stresses is extensive. It is worth
noting that the joints tend to slide for the case of
high stress which did not happen for e other case,
Moreover, there is a region of plastic yielding near
the toe of the slope. From Fig.12, it can be seen
that significant cracking has occured further back

in the Newport Formation and Bald Hill claystome.
Extensive cracking has also occured in the upper

part of Bulgo Sandstone and Scarborough Sandstone.
The plastic zone occurs in the vicinity of the coast-
al road and this could be due to the high compressive
stresses caused by the rock mass above this zone.
Deep seated joint movements have also been observed.
The ratio of the maximum horizontal displacement
between the cases of high and low horizontal stresses
is about 13.

The creep results are presented in Fig. 13 and 14.

As can be seen from these stress plots, the case of
high stresses produce an extensive temsile region
near the toe compared to the case of low stresses.
However, the temsile region at the top of the slope
for both cases are similar since the creep strains

in that region are low. For the case of high stress-
es, the vertical displacement is reduced by 40% after
creeping for 2000 days, compared to elastic displace-
ment. A similar trend was noted for the case of low
stresses also. This 'settling' of the rock slope
over time, is dependent on the rate of weathering

and the creep hchaviour of softer claystones and
shales. Due to creeping, therc is niso a tendency
for a decrease in the normal compressive stresses
across the joint elements in the Hawkesbury Sandstone.
This probably indicates tensile cracking of the sand-
stone beds overlying claystenes.

4. CONCLUSIONS

Nonlinear finite element analyses incorporating plas-
ticity, tension cut-off and creep behaviour of rock

mass as well as joint elements to wmodel the discont-
inuities in the rock medium, have been carried out to
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assess the overall stability of the slopes at Illaw-
arra Escarpment. As practical aspossible, the finite
element analyses have used the actual geological
properties of the region modelled. Nevertheless, it
must be realized that this investigation is oniy
phenomenelogical and not design oriented. The study
includes the results of two tectonic situations - one
with a low horizontal stress (k = 1/3) and another
with a high horizontal stress (k=3).

The results indicate that there is some difference
as far as eroding and yielding zones arc concerned
as well as to the sliding of joints, between the
cases of in-tact rock mass and jointed medium. Even-
though this difference is not significant, the use
of joint elements is a more apprepriate model for
this region. Between the cases of low and high hor-
izontal stress, the results clearly indicate that
the latter is more critical due to the extensive
development of tensile regions.

In the case of Brokers Nose, there are a few cracked
regions near the top of the cliff whereas in the case

of Clifton, there are three major localised regions
of cracking. Nevertheless, it is very unlikely that
a large scale failure will oceur even in the case of
high horizontal tectonic stress.

The displacements of the outer nodes of Clifton
section were often approximately double those obser-
ved for Brokers Nose section, indicating the possib-
ility of some failure.

The finite clement analyses of the escarpment as
carried out in this investigation indicate where
preventive measures can be carried out. The rapid
alternation of tensile and compressive regions which
would contribute to the general breaking of rock mass,
can also be avoided by rock bolts or anchors.
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TABLE I. MATERIAIL PROPERTIES
Material Property Elastic Plastic .
Number Rock Type | Degree of | Modulus of|Poisson's Analysis Creep Analysis
Brok and/or Form-|weathering | Elasticity| Ratio Yield Tangent |
Nro €Ts | ¢1ifron ation Name cPa Stress Modulus K n
ase MPa GPa
Sandstone § I
1 1 Claystone fresh 4.0 0.26 45.0 10.0 0 i 0
at depth
b
2 2 Sandstone & | piogn 7.0 0.26 20.0 1.6 o | o
Claystone |
|
3 5 Clarstone Slightly 3.0 0.34 1.0 17 | so2xd!tiLor
woutherp.t |
b
4 3 Sandstone Fresh 9.6 0.22 29.0 5.8 0 0
5 4 Claystone Fresh 6.8 0.30 17.0 3.8 ] o
Shale & ;
6 4] Claystone Fresh 6.4 .25 23.0 5.8 0 . 0
Hawkesbury
7 8 Sandstone Fresh 8.6 0.29 26.0 7.0 0 0
Shale §& 51 ightl}" -1
8 7 Claystone weathered 2.7 0.34 14.0 2.5 3.2x10 1.07
Shear Normal Residual . Friction
Stiffness | Stiffness Shear Co;gzlon Angle -
GPa/m GPa/m GPa/m depgrees
Joint in Siightly o
9 . s2. . .
& Sandstone weathered 1.0 2.6 0.5 0.27 29
Joint in Slightly o
10 10 . . . . 2
Claystone weathered 0.8 1.5 0.3 0.75 !
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1 INTRODUCTIGN

In recent vears, there has been an increasing
acceptance of the use of multiple underream anchor
systems for the support of both tewmporary and per-
manent structures. This acceptance has been facil-
itated by the development of comstruction tech-
niques which allow convenient and ecomecmical
installation of multiple underreams, and has been
accompanied by the formulation of empirical rules
for use in design. Some experimental research has
been undertaken into the perfermance of multiple
underream anchors (e.g. Swain, 1976) however there
has been relatively little theoretical research
into the Factors influencing the behaviour of these
anchors.

In this paper, an analytical technique for calecu-
lating the elastic response of multiple underream
anchors is outlined and is then used to investigate
the effects of the number and spacing of underreams
upon the behaviour of anchor systems vresting in an
elastic half-space. In this study, consideraticn
is given to the influence of the anchor's proximity
to the free surface and its inclination upon the
elastic response.

The resules of this study into muktiple underream
anchor behaviour are summarised in the form of
influence charts which may be used in hand calcu-
lations for estimating the elastic response of
anchor systems for a wide range of anchor depths,
inclinations, number and spacing of underreams.

It is considered that the elastic solutions pre-

sented in this paper for multiple underream anclinrs,

may be used for designing anchoer systems in the
same manner that celastic selatlons are coarrently
usenl for designing surface foolings and pile Fouml-
aLinns.

2 THEOQRY

Figure 1 shows a series of anchors A, ., A in an
elastic soil. Each anchor A, is subéivided“imto a
number of subregions or elements D wse 3 D
and it is assumed that the forces 'F,, =
(X, Y, Z)E. acting on each element are Juniformly
distributed over that element. The theory of
elasticity may then be used to establish the
relation

im

W= JF . (N

15, M, s !

[
ST
=

whora W

. ks the vector of element displacements
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T T T T
E (Ell, 512, e ? Enm)

iz the vector of element forces
and ﬁii is the average deflection of
“jih“ element of the "ith" plate

and J is a (3nm) x (3nm} matrix of
influence coefficients.

Details regarding the calculation of these influ-
ence coefficients are given by Rowe and Booker

{1979b) .
.
Vi
i
o h
|
1

{a) ELEVATION

g

Iny AN

FIG. 1 TYPICAL PROBLEM CONFIGURATTON

If the anchors are rigid, then each anchor will
only undergo rigid body movement. In this paper
attention will be restricted te the case af
inextensible anchor rods and it will be dAssumed

that cich anchor upderpocs o Lreanslal lon & parnl el
Lo the anechor shalin. Glearly Bhla annompt Toe Tn
only carrect [H Thie anehor rod fa rigldly o tached
to Lhe anchor shndt, however previoos resulis

obtakned by Rowe and Booker (1979b, 1979¢) indi-
cate that in general very little rotation or devi-
ation of the tramslation from the direction cof the



anchor shaft occurs. Thus in the majority of cases, nite depth, of diameter (or width B}, subjected to
and particularly for cases of practical interest, an applied load P.
this assumption is quite accurate.

Equation (1) may therefore be written E is the Young's modulus of the soil;

T (B=4)

Do e {circular) = = (6b)
where a 1s a vector of length (3nm} as defined 4ﬁ.§ - oh : EFI'U)
below ~ i : ‘
_ wEE g (squaTey: = /T 16 (1) (6c)

a'L‘ = (1 1 12 1x 1 lz eael)
~ Xy ¥ N s Ya and Vv is Poisson's ratioc of the soil,

and (1x 1 12)'1 is a unit vector parallel to

. , 1f it is assumed that the anchor rod conaecting
the anchor rods, : ) the underreams Iis relatively inextensible, then
: ) ~ the deflection of the anchor system may be given
Suppose that equation 2 is solved fox § = § in térms of the 'results for a single:anchor at
(conveniently taken to be unity) and that in this infinite depth multiplled by a correctinn factor
case F = F Mb, i ey
~ LA =1 v N i, o : . o
so that | a [&)) y e SR : )
' ~ - S Mg T2 Mg P D
The temsion T, = T, in the "kth" rod may now be . .
found from equilibrium .since .
e m : whnre the correction factor MG inccrporates the
T =3 I @ x R U Uk S R0 TP _effects ofr
Ky qey X oy il z 13 . Sl
i . L o -,:ancho: inclination angle . (see
and thus the applied load P = P is given by Figure 1);
a - ' ., = . the distance h between the soil surface

P= ¥ T (1' .. +1 ; 1 7.0 uj,--“r and. the bottom of the leading underream;
kel o1 X OH Ty 43T T2 e .
I thg_numbgrdof underreams;

It now follows from linearity that in the general S ‘-:ﬁhe SPaC}ng s between underreams.
situation B [ . .

Aiﬁhoﬁéﬁ:tﬁe‘fﬁebry cah be generalised to consilder

P . P 3 a number of different boundary conditions at the
; interface, attention will be restricted here to the
rigid displacement of an underream system with
- _ P ; (5} rough. anchor plates which are fully bonded to the
~ij ; ~1j so0il, .. The case of a fully bonded anchor is consid~
ered to be. the most practical limiting case for
T _ F ;' the application of elastic solutions since it has
-k ; ~k . been shown by Rowe (1978) that separation of an

anchor. plate from the underlying soll is often
. asgoclated. with significant plastic failure within

3 THE BEHAVIOUR OF MULTIPLE ANCHORS ~ the, soil mass; . this usually occurs at loads well
. aboye. the working Jload.

The theory outlined in seccidn‘2_may be used to

analyse the general casé Invelviog arbitrary anchor lf LnLvrucLlnﬂ 0110 Ls were uL&ihLLOd thep super=
faellnation, number of underreams and spacing positton of the elastle vesults for o single under-
between underreams. In this paper, consideration veam (Rowe and Booker, 1979b) could be used to

will be restricted to a number of typical cases estimate the displacement of multiple anchor
involving no more than' Five underreams which are wrsystems. However, one might expect that this
positioned at equal spacings. The solutions were approach would lead to an unconservative estimate
obtained for upnderreams which are square in ofﬁanchor d;splacement since Interaction between
sectlon, however a comparisen between the elastic anchors will reduce the efficlency ol the anchor
response of square and clrcular anchors (Rowe and gystem..'To-illustrate the magnitude of the inter-
Booker, 1979a) indicatés that the solutions for a action betwgeniunderreams, consider an anchor
square anchor may be used for circular @nchors ‘of sysFem-with n:.underreams at.very great depth and
équal area, Provision for the effect of archéi subjected to a load P. If the displacement of an
shape can be made by modlfying Selvaduradi's (1976) isolated underream subjected to unit lead 1s 64,
analytical solution for a rigld circulaz anchor at -i.then the displacement of the anchor system (neglec—
infinite depth; viz ting interaction) would be &g = &, P/n. Now 1if

the actual displacement of the anchor system
o : IR (allowing for interaction) is 8 then the increase
5 = Cm"..P o 0 ga) in displacement of the anchor system due to inter—
BE SRR T fn action between underreams is given by the ratio
B : §af8s 3 this ratio is shown in Figure 2 for a
. o B S T P A number of cases. In the case of a 2 underream
where & is the displacement of an anchor at infi- system, the actual displacement of the anchor

2is



system exceeds the value that weuld be determined
from a simple analysis, neglecting intevactiom, by
more than 10% for anchor spacings less than 6
anchor widrths (diameters). The degree of inter-
action increases with the number of underreams;
thus, with a 5 underream system an unpractical
spacing of almost 20 anchor plate widths is requ-
ired between each adjacent pair of underreams, to
achieve negligible interaction.

Bl - pe = ' 1 -
veOh
' B
g . @
g; Pk IJI I—1—-—|——
5 st
&g
z 2 =t
He
Has 3 UNDERRE&WS
gy
e
p ]
Fits, 2 EFFRCT OF I3TRRACTION UPON THE DESEPLACEMENT

OF A YULTIPLE URDERREAM ARCHOR AT INFINIEE DRPTH

Figure 2 could be used to modify the displacement
obtained by superposition of single underream
results to give the correct elastic response for

o particular deep anchov system. However it is
more convenlent to express the displacement of the
anclor system in terms ol the solutfon for a single
deep umderrean, sudtipiiod by o correetbon Laetos
My, o Tmbieated In Eygnatdon Jo0 The corteet fon
tactoer M. for an anchor systew af preat depth

(/g ~ ™ is given in Figure 3 for v = 0.5, From
consideration of the results given in Figure 3 it
may be concluded that increasing the number of
upderreams leads Lo an appreciable decrease in
anchor systoem Jdisplacement, adthouph the mapnitude
of this reduction is dependenl upon the spacing
bhetween underreams. ladeed the results indicate
Lhat it is more benclicial (In terms of reduced
anchor displacement for a given load) to increase
the number of underreams at the expense of reduc-
ing the spacing, provided that the spacing is not
reduced to less than 1.5 anchor widths. Tor
example, the deflection of an anchor system with
twe underreams at a spacing of 8 anchor widths
(for a given total load P) is more than 50% great-
er than the displacement of an anchor system with
five underreams at a spacing of two ancher widths;
there s a monotonic vaviattos o displacement
with the aumber ol gmlerreians helween hese two

oo,

1t may be anticipated that the response of a
multiple underream anchor will be influenced by
the depth T of the anchor system beneath the sofl
surface and the inclination w of the anchor system
te the horizontal. The variation in ancheor per~
formance with anchor iaclination and the number
and spacing of underreams is quite complex. In
part, this apparent complexity arises from the
manner in which the results are compared in non-
dimensicnal form. For example, the embedment
ratio is defined as the depth to the bottom of the
leading underream and so altering the inclination
of the anchor system changes the wminimum distance
between the underream and the scil surface while
the maximum distaace remains constant (for given
hfp). It is found that the elastic response
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(displacement for a given lead) of a very shallow
(e.g., h/p = 1) single underream does not not neces-
sarlly vary monotonically with inclinatien angle

w, however for most single anchors (i.e. h/B > 1.5)
the elastic response does ipncrease with the inclin-—
ation angle, For second and subsequent underreams
in the anchor system, both the maximum and minimum
distance between the underreams and the surface
increase with the inclination angle w {for’ given
h/y to the leading underream}. Consequently, the
elastic response of the latter underreams decreases
as the anchor system is rotated from w = 0" through
to © = 90°. The combination of these two ‘effects
results In the trend showm in Figure & for h/B =1,
vhere the displacement of an anchor system for a
particular number and spacing of underreams is
greatest when & = 0° and is least for w = 45°. The
displacement for a system with w = 90° is slightly
greater than that for w = 459,

! : : v .
v Qs
s om |-
ng B g ewmy ]
!\.
m
BT TS P A
w,,
tant -
T e e AL e
ay * s ——r]
@ Lemroy 3 W S TT) -
a 4 < o4
[ &
8 0
Flre. b DEEPLACEMENT REDDCTITON FACTOR N‘. [N
AN ANCIHW BYWTEM AT INFINTYE DRI v - 0,
The sojutton where the anchor system is horizontal
m = 09 mny be reparded as a speclal case since the
deplh of cach wlerream is Tndepesdenl ol spacing
s. PFor all other cases Lhe depth ol second and
subsequenl underreams inereases with inereasing

spacing belween underrcams and [L Ls Touad that

for & > 15% the variation in the displacement of

a glven multiple anchor system with changing
in¢clination angle w is less than 7%. Thus for

w > 159 the variation in the elastic response of
shallow anchors for different inclinatioms w
decreases with increasing spacing s between under-
reams, however because of the special nature of the
case where w = 09, the difference between solutions
for w = 09 and thosé for w > 0° becomes more pro—
nounced at large spacings.

Anvhor Tnelioat fon bhecomss Tess Twportant o Hhe
cmbadment Thin treewd may he
appreciated by comparing the results glven 1o
Figures 4, 5, 6 and 7 [or a range ol embedment
ratios. These results indicate a relatively
complex interaction between the effects of i(nclin-
ation, embedment ratic and the number and spoings
of underreams. However in practical terms, {v
anchor systems with h/B > 3 the effect of inrl.
ation upon anchor response can be largely we; o
since there is less than a 7% variation in anchor
system response over the entire range of inclin-
ation 0° < o < 90°.

val Iy hecomes: Sarper,

The proximity ol an anchor system to the free sur-
face has a noticeable effect upon the anchor system
response although, in general, this effect is not
as significant as the interaction due to the
spacing between undecrcams., Figure 3 te 7 indi-
cate the variation In displacement of walliple
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anchor systems as a function of underream spacing
for a range of embedment ratios. A comparison of
the results for an anchor system at infinite depth
(Figure 3) with anchor systems at finite depth

shows two types of behavicur. For anchor systems
with inclination w > 0°, the embedment ratio h/y
becomes less important as elther the number or
spacing of the underreams is increased. This trend
is to be expected since increasing either parameter
leads to an increase in the distance between the
bottom of the anchor system and the soil surface,
However for the speclal case of anchors with ineclin-
ation w = 0°, there is no change in depth assoc-
iated with altering the number and spacing of under—
reams and in this case, the depth of embedment has

a more proncunced influence upon anchor perfor-
mance than is cobserved when w > 0.

The effect of proximity ta the soil surface decays
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rapidly with increasing embedment and the displace-
ment of anchor systems with an embedment ratio of
10 is generally within 10% of that for similar
systems at infinite depth. Thus for practical
purposes, an anchor system may be considered to be
"deep" at an embedment ratioc of 10. Under saome
circumstances, notably for systems with @ = 0% and
only a few underreams, the critical embedment ratio
(i.e. the embedment ratio at which the displacement
is within 10% of the value for an infinitely deep
anchor} may be as low as 4.

The influence of Poisson's ratio upon anchor re-
sponse depends upon anchor depth and inclination as
well as the number and spacing of underreams. To
indicate the effect of Poisson's ratio upon anchor
displacements, the ratio of the anchor displacement
for a given v, denoted by &(v), to the displacement
for v = 0.5, denoted by &§{v = 0.5), is shown in



Figures 8 and 9 as a function of v for a number of
specific cases. These resulis raise a number of
interesting points. TFirstly it will be noted (see
Figure 8) that for an isolated anchor at infinite
depth the displacement for v = 0 is equal to that
for v = 0.5 and the maximum displacement at v =
0.3 1s only 117 above that for v = 0,5 (this result
follows directly from Equation 6.} This situation
is markedly different from that encountered with a
surface footing where the increase in displacement
for v = 0.3 is 21% and this rises to 33% for v = 0.
The important practical implication of this result
for anchors (or footings) in clay is that fncreas—
ing the embedment of an anchor decreases the amount
of '"consolidation settlement™ that would be
obtained, particularly for soils with a low drained
Poisson's ratio. Furthermore, with respect to the
effect of Poisson's ratio upon anchor behaviour,
the transition from surface footing behaviour to
deep anchor behaviour is very rapid, All siagle
anchors with an embedment ratio greater than or
equal to three show a very similar variation in
displacement with Poisson's ratio as that indi-
cated for an infinitely deep anchor. This allows,
convenient, and relatively accurate, determination
of the displacement for an anchor in a soil with
any Poisson's ratio V by interpolation of the
results given in this paper.
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FIG. 8 EFFECT OF POISSON'S RATIO UPON
DISPLACEMENT OF A SINGLE ANCHOR PLATE

A similar trend In the effect of Poisson’s ratio
upon anchor displacement is cbserved for multiple
underream anchors (see Figure 9) although in this
case the influence of Polsson's ratio depends not
onty on anchor depth and inclination, but aiso
upen the nuwber and spacing of underreams, The
interaction between underreams is greatest for an
incompressible material and decreases with
Poisson's ratio; since interaction has its great-
est effect upon anchor systems with a large number
of closely spaced underreams, it might then be
expected that the influence of Poisson's ratio
upon the anchor displacement would be greatest for
these cases. Indeed Figure 9 demonstrates that
under certain circumstances the displacement of a
multiple anchor system in an incompressible soil
will be larger than the displacement for v < 0.5
(assuming the same elastic modulus). Of greater
practical importance however is the fact that for
a wide range of conditions the displacement of a
multipie ancher system is relatively insensitive
to the value of Poisson's ratio, generally varying

by less than 10% over the entire range of values
of v,

The solutions presented in this paper are for an
anchor system embedded in am elastic half-space.
Provision could be made in the analysis for the
case where there is a rigid stratum at finite
depth beneath the anchor system, however results
obtained by Rowe and Booker {197%9a) for a singie,
horizentally embedded, circular anchor plate
indicate that the depth to the rigid stratum has
relatively little effect {i.e. less than 10%) upon
single anchor response provided the rigid stratum
is at least 10 anchor plate diameters below the
anchor, Accordingly it is considered that sol-
utions obtained for a half-space are sufficiently
accurate for practical cases where the s0il mass
extends at least 10 anchor diameters below the
deepest underream; the displacement obtained using
half-space theory will be conservative.
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FIG. 9 EFFECT OF POISSON'S RATIOQ
UPON ANCHOR DISPLACEMENT

4 CONCLUSTIONS

The behaviour of multiple underream anchor systems,
resting in a homogeneous elastic half-space has
been examined using an analytical technique which
is outlined in the paper. The study has shown that
in general, the elastic performance of an anchor
system is significantly enhanced by increasing the
number of underreams, even at the expense of a
reduction in spacing between the underreams.

Consideration of anchor systems with a given number
of underreams indicated that anchor spacing was the
dominant parameter influencing the anchor system
response. The efifect of interaction between under—
reams upon anchor behaviour increased with the
number of underreams, however even for small anchor
systems, significant interaction may oceur at
relatively large spacings. Consequently, it is
usually necessary to take account of interaction
effects when predicting anchor behaviocur.,

The depth of anchor system embedment noticeably
influenced the response of shallow anchor systems,
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however the influence of the free surface decayed
rapidly with increasing embedment and for prac-
tical purpeses may be neglected when the depth of
soil above the anchor system is greater than ten
underream diameters,

P« 10C kN

Anchor ineclination was generally found to have very
little effect upon anchor system response and in
particular it was found that it is usually suffic-
ient to restrict attention te the limiting cases
of anchor systems with vertical and horizontal
axes.

o€
o
Finally, it was shown that the elastic response of

a multiple anchor system was relatively insensi- . E' = 3000 kPo

tive to the value of Poisson's ratioc and it is
suggested that anchor systems in clay would exhibit
relatively little consolidation displacement.

¥ o» 04

Parametric solutions are presented in the form of FIG. 10 EXAMPLE
influence charts which may be used directly in

hand calculations to predict the elastic load Frem Equation 7

deflection behaviour of multiple underream anchors

for a wide range of parameters; the use of the

influence charts Is illusrrated by a worked § = "= M P
example in the appendix. BE ¢
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7 APPENDTX TLLUSTRATIVE EXAMPLE obtained from a full analysis. Note that the
appreximate answer was determined using the
Estimate the elastic displacement of the anchor results for h/B = 3; an additional yefinement
system shown in Figure 10 for a soil with E' = would be to intevpolate between the results for
3000 kPa, v = 0.4 where the anchor system is sub- b/p =3, hlB = 10 to obtain MG for h/p = 5.5,

jected to a working load of 1000 kN,

The non-dimensional parameters are

R . - L.15
h/B = §ai- 5.5 ; s/B = 0s; < 2.1
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