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The Third Australia New Zealand Conference on Geomechanics continues the
sequence of conferences previously held in Melbourne (1871) and Brisbane (1975).
The conference is related to the three main fields of geomechanics; soil mechanics,
rock mechanics and engineering geology.

The conference is jointly sponsored by the New Zealand Institution of Engineers,
The Institution of Engineers (Australia) and the Australasian Institute of Mining and
Metallurgy and has been organised in conjunction with the Australian
Geomechanics Society.

The conference proceedings are presented in three volumes, the first two
volumes comprising papers submitted for presentation and the third volume
reports of discussion at conference sessions and keynote addresses delivered by
invited speakers. The papers are arranged in the two volumes in order of
presentation at the technical sessions of the conference.
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investigations into the Deformability of Rockfili

A. J. BOWLING

Geomachanics Engineer, Hydro-Electrie Gommission, Tasmanla

SUMMARY The Hydro-Electric Commission, Tasmanla is cuxrently involved in the design and construction

of four major concrete decked rockfill dams. Although the concrete deck in this type of dam is

designed to accommodate some movements in the rockfill it is important that the rockfill should not be
too deformable. This paper describes a laboratory confined compression test from which the Young's
modulus of a rockFill sample can be determined as an index of the deformability of the roiled rockfill.
The results of tests on 77 rock samples are summarized and compared with the results of other mechanical
tests on the rocks involved and with some results obtained from the observed settlements in two completed
rockf1ll dams.

1 INTRODUCTION The deformational behaviour of rockfill 1s also
dependent on the stress history of the material.

The Hydro-Electric Commission, Tasmania is currently Thus at any point in a rockfill dam, stresses

invelved in the'design and construction of four will change in magnitude and direction both

major concrete faced rockfill dams in the West of during construction and during subsequent reservolr

Tasmania. These dams will form part of the Pieman filling. As a consequence the relationship

River Power Development and will range in size between stress and deformation at such a point will

from the 75 m high Mackintosh and Bastyan Dams to also change during these phases,

the 118 m high Lower Pieman Dam (Jeffries, 1972). ‘
Whilst it is thus difficult to establish a simple

These four dams follow the Commission's specific relationship between stress and straie
successful completion of four similar concrete for rockfill it became apparent, during laboratory
faced rockfill dams in earlier hydro-electric ipvestigations, that a comparatively simple
developments, Wilmot Dam (34 m high completed in standard test could be used to index the
1970), Cethana Dam (110 m, 1971}, Paicona Dam deformational properties of roekfill. This test
(40 m, 1972) and Serpentine Dam (40 m, 1972). could be used to compare different types of rock
o ~ . . .. . material which might be under consideration for
“The integrity of a concrete-faced rockfiil dam rockfill, even though a modulus value for
depends on the ability of the concrete face to predicting the deformatlon of a rockfill
accommodate instantaneous and time dependent (i.e. embankment is not necessarily obtalned from the
Creep)} movements in the rockflll due to its own test.
weight and due to the reservoir water loading : .
(Wilkins, 1968, Fitzpatrick, 1971). Whilst the The test which has evolved is the confined
inclusion of flexible water stops along joints dn compression test in which a sample of rockfill is
the face, particularly along the perimetral joint, compressed whilst confined in a steel cylinder and
allows for some rockfill movement it is important from which the Young's modulus on initial loading
that such movements should not be excessive. of the confined material is the main deduced
parameter. :
In order to assess the deformational characteristics : L .
of a proposed rockfill material a laboratory 3 THE STANDARD CONFINED COMPRESSION TEST
confined compression test has been developed. This
paper describes the confined compression test and The rock sample obtained from the site can be in
the results which have been obtalned for a variety the form of either rock pieces or drill core.
of rockfill materials. The test results are alse It is crushed in a laboratory jaw crusher to a
compared with the observed deformations of two 19 mm maximum size and then prepared to a
completed rockfill dams. prescribed grading {see Fig. 1). The cocrdinates
of this grading curve are as follows: 9.5 mm
2 THE DEFORMATIONAL BEHAVIOUR OF ROCKFILL 48%, 4.75 mm 25.4%, 2.36 mm 17.7%, 1.18 mm 11%,
600 ym 7.2%, 300 um 4.8%, 150 ym 3.2% and 75 um
The relationship between applied stress and 2,2%, This initial grading was arrived at by
regultant deformation in rockfill is dependent on averaging the as-crushed gradings of a number of
a number of physical characteristics of the materials investigated in the early stages of the
rockfill including rock type and degree of investigation and is coarser than the maximum
weathering, grading, particle shape, compacted density gradings of Wilhelmi (Fig. 1), Although
void ratio and moisture content. These physical this initial grading is otherwise arbityary it is
characteristics are not entirely independent of similar in shape to many prototype rockfill
each other as, for example, grading and particle grading curves.

shape will depend to some extent on rock type and
compacted woid ratio will depend om grading and
moisture content.

1-1
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Figure 1 Confined compression test standard
grading

A portion of the graded rockfill sample is mixed
with water to give a moisture content of
approximately 2.5%. This moisture content has
been found to be comvendent for the grading and
types of rock tested. A standard compaction test
is carried out on this portion to establish the
approximate compacted density so that the amount
of graded rockfill to f£ill the test cell tec a
depth of about 140 mm can be calculated.

Figure 2 The confined compressicn test .cell

The test cell consists of a steel eylinder, 150 mm
in internal diameter 180 mm high and with a wall
thickness of 10 mm (Fig. 2). This cylinder is
closed at the bottom by a freely fitting chamfered
dise attached to a base plate and at the top by a
chamfered loading head equipped with three arms

to hold dial gauges. These dial gauges are to
measure the longitudinal strain in the confined
rockf1ll within the cylinder and have a least
reading of 20 pm. Two bonded wire electric
resistance circumferential strain gauges around
the outside of the steel cylinder allow lateral
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pressures exerted by the rockfill to be measured.
The steel cylinder is equipped with three external
lugs so that it can be bolted to the base plate
whilst being filled with rockfill.

Prior to filling the test cell, the internal walls
are greased with graphite grease and the steel
¢ylinder is clamped with a 10 mm gap between the
bottom edge of the steel ecylinder and the base
plate.

The appropriate amount of graded rockfill at
approximately 2.5% modsture content is compacted
into the test cell using the equivalent of standard
compaction which for the cell is 18 blows with a
4.5 kg hammer falling through 455 wm for each of
four layers. The leoading head is placed on top of
the compacted rockfill and the dilal gauges are set
up. The steel cylinder clamps are then released

so that during subsequent leoading the steel
cylinder is floating.

The cell is placed in a testing machine and the
initial readings of the three dial gauges and the
two circumfereantial strain gauges are taken. Load
is applied to the cell and gauge readings are
taken at applied stresses of 100 kPa, 500 kPa and
then at steps of 500 kPa up to 3000 kPa, The
loading rate is controlled at 250 kPa per minute,
At 3000 kPa the load is held for 15 minutes.

Gauge readings are then taken at similar steps of
stress back to zero, The loading rate is based’
on convenience but is otherwise arbitrary. The
maxizmum stress of 3000 kPa is approximately the
stress that could be expected under 150 m of
rockfill. After unloading, the tested rockfill is
ovendried and sieved to determine the new partiecle
size distribution. Following Marsal (1967) the
breakage of the rockfill (B) due to compaction and
testing is calculated as the sum of the increases
in percents passing the eight sieves used in
testing (i.e. 9.5, 4.75, 2.36 and 1.18 mm, 600,
300, 150 and 75 um).
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Figure 3 Typical plots of longitudinal stress
against longitudinal stxrain

The plot of applied stress against longitudinal
strain for the loading part of the test is
effectively linear (see Fig. 3) and the slope is
equal to the confined modulus (¥) of the sample.
The plot of applied stress against external
circumferential strain is alsc linear (Fig. 4) and
from the slope (N) of this plot the Poisson's
ratio (v) of the confined rockfill can be obtained
from
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1
(1 + &) Is 2

Es = Young's modulus of steel

where K =

and k = ratio of wall thickness to internal
diameter of the cell

The Young's modulus (E) of the confined rockfill
can be calculated from the confined modulus and
the Poisson's ratio using the equation

- 1+ v) (1 - 2y)
E=M ) {3)

Two other parameters deduced from the test are the
15 minute creep and the recovery on unloading.
These are given by

I

15 minute creep F1s - &1 (4)

1}
m
-
L
1
o

recovery on unloading

(5)

in which €y is the initial longitudinal strain at
3000 kPa
15 is the longltudinal strain after 13
minutes at 3000 kPa
3 is the longitudinal strain when just
o
unloaded

[

The repeatability of the confined compression test
has been assessed from the results obtained for a
number of rock samples in which separate confined
Compression tests on twoe or three subsamples of the
same sample have been carried out, From these
results the coefficlents of variation listed in
Table I for five of the confined compression test
experimental parameters have been deduced.

4 RESULTS OF TESTS ON VARIOUS ROCK MATERIALS

To the time of writing, seventy-seven tests have
been carried out on ten types of rock, Rockfill
Young's modulus values for these various rock types
range from about 25 MPa for weathered greywacke to
just over 100 MPa for fresh guartzite. Although
rockfill Young's modulus is the principal parameter
deduced from the confined compression test four
other experimental parameters of interest are also
determined.
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TABLE 1

COEFFICIENTS OF VARIATION OF FIVE PARAMETERS
MEASURED IN THE CONTFINED COMPRESSION TEST

Experimental Parameter gz:;ii;:§n§z§f
Rockfill Young's Modulus 12
Rockfill Poisson's Ratio 4
Breakage 12
15 minute Creep 13
Recovery on Unloading le

The rockfill Poissen's ratio is much less variable
than the Young's modulus, with an average value of
0.27 and with 90% of the 77 values lying between
0.23 and 0.31. It is of interest that these values
agree quite well with a theoretical value of 0.26
for an ideal clastic material {(Trollepe, 1968).

Of the three other parameters derived from the
confined compression test, breakage and recovery on
unloading correlate satisfactorily with roekfill
Young's modulus, with low modulus rocks yielding
high breakage and low recovery values (Figs. 5 and
6). However the 15 minute creep values gave almost
no correlation with roeckfill Young's mgdulus. The
average of this creep value for the 77 'tests was
7.2% with 90% of values lying between 4.3% and
12.5%.

Whilst almost all the materials tested displayed the
trend between rockfill Young's modulus and breakage
shown in Fig. 5, one material (foliated quartzite
used in the construction of the Serpentine Dam) gave
anomalous breakage values. Three out of the four
samples of this material which were tested, whilst
giving high values for Young's modulus and rezovery
on unloading, also gave high breakage values (see
Fig. 5). Samples of this materlal also gave
significantly finer gradings, when crushed im the
laboratory, than all the other materials. However
the high rockflll Young's modulus of this material
indfcated by the confined compression tests has been
confirmed by the small settlements observed in the
Serpentine Dam.

The correlations of rockfill Young's modulus with
other mechanical properties of the rock have been
investigated for a number of the materials. For
most of the rock materials the porosity of the rock
fabric has been measured, For the drill core
samples, RQDP (Rock Quality Designation), dynamic
Young's modulus, uniaxial compressive strength and
in some cases point load strength indek values have
been determined. For some of the rock piece samples
point load strength, Les Angeles abraslon resistance
and sodium sulphate scundness tests have been
ecarried out.

Because of the variety of these varilous test results
and thelr intrinsic scatter, the correlation of the
rockfill Young's modulus with other ruqk properties
has been made using ranking methods (Moroney, 1956).
For a group of samples for which the same set of
rock properties are avallable, the samples in the
group have been ranked according to each of the rock
properties. An average ranking has then been
determined from the rank totals for each sample.
Spearman rank correlation coefficients have been
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Figure 5 Plot of rockfill Young's modulus against breakage

determined between the ranking according to the
rockfill Young's modulus and the ranking according
to the other rock properties and between the
average ranking and the ranking according to the
various rock properties. The results of such
analyses are shown in Table IIL for three groups of
samples.

From this table it will be seen that breakage in
the confined compression test cotrelates well with
rockfill Young's modulus (rank correlation co-
efficient close to plus cne) as would be expected
from Fig. 5. However the rank correlation of other
rock properties with rockfill Young's modulus is
not particularily good. On the other kand the
rockfill Young's modulus correlates quite well with
the average rank. Since average rank would appear
to be a reasonable indication of the overall quality
of the rock, it Is deduced that the rockfill Young's
modulus 1s dependent on overall rock quality.

The effects of variations in some of the test
conditions which are controlled in the standard
confined compression test have been investigated in
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a number Ff supplementary tests. The standard test
is basilcally for crushed rock in which particle to
particle contact 1s at sharp points or edges.
However tests on rounded quartzite river gravels
have yielded rockfill Young's medulus values of up
to 175 MPa, about twice those obtained for crushed
quartzite although the Polsson's ratic value for
these rounded gravels was 0.265, close to the over-~
all average. In the extreme case rockfill Young's
modulus values of up to 180 MPa were cbtained for

a collection of 14 mm steel ball bearings, although
for this material Poisson's ratio was 0.45.

Tests on a few of the rock materials have indicated
that 1if maximum density gradiags are used, such as
those of Wilhelmi (Fig. 1), the rockfill Young's
modulus is increased by about 40%, breakage is
decreased by about 30% and recovery on unloading is
increased by about 50%Z. If single gdze material is
used (passing 19 mm and retained at 9.5 mm) the
rockfill Young's modulus is decreased by about 40%,
breskage is again decreased, this time by about 20%,
and recovery on unloading is alsc again increased
by about 50%.



TABLE II

SPEARMAN RANK CORRELATION COEFFICIENTS BETWEEN ROCKFILL YOUNG'S MODULUS AND OTHER MECHANICAL PROPERTIES
AND (IN BRACKETS) BETWEEN AVERAGE RANK AND MECHANICAL PROPERTIES

Rock Property

14 Drill Core Samples
subjected to B tests

26 Drill Core Samples
subjectad to 7 tests

12 Rock Piece Samples
subjected to 7 tests’

Various rock types Various rock types Greywacke

Rockfill Young's Modulus 1.00 (0.94) 1.00 (0.86) 1.00 (0.69)
Breakage 0.90 (0.84&) 0.88 (0.88) 0.73 (0.79)
Recovery on Unloading 0.66 €0.70) 0.54 (0.28) 0.18 (~0.06)
Rock Fabric Porosity 0.48 (0.61) 0.37 €0.73) 0.10 (0.69)
RQD 0.57 (0.76) 0.35 (0.62)

Dynamic Young's Modulus 0.8% (0.84) 0.50 (0.77)

Uniaxial Compressive Strength 0.67 (0.64) 0.54 (0.66)

Point Load Strength Index 0.71 (0.87) 0,09 (0.57)
Los Angeles Abrasion Resistance 0.39 (0.87)
Sodium Sulphate Scundness 0.46 (0.60)

A few tests with crushed rhyolite, in which the
moisture content was varied, suggest that if the
moisture content is increased from dry to about 6%
the rockfill Young's modulus 1s decreased by about
20%, breskage 1s increased by about 40%Z and
recovery on unloading is decreased by about 30%.
In this case also Poisson's ratio decreased by
about 25%.-

3 MODULUS VALUES DEDUCED FROM THE DEFORMATIONS
OF COMPLETED DAMS

Although, as pointed out 'above, the confined
compression test 1s not intended to provide a
Young's modulus value for the deformational analysis
of a prototype structure, it is of interest to
compare the results of confined compression tests
with the measurements of settlement In completed
dams.

The five completed concrete faced rockfill dams of
the Tasmanian Hydro-Electric Commission contain
hydrostatic settlement gauges Installed during
construction. Similar gauges willl be Installed in
the three dams which are yet to be constructed in
the Pieman River Power Development. The principle
of the hydrostatic settlement gauge has been
described by Russell (1960). These gauges provide
information on settlement during construction as
well as during reservoir filling and subsequent
operation.

Whilst it is proposed to publish eventually an
analysis of the settlements observed in a number of
the Commission's dams, settlements in Cethana Dam
and in Mackintosh Dam have already been analysed to
determine Young's modulus values for comparison
with the results ¢of confined compression tests on
samples of the rockfill materials involved.

The 110 m high Cethana Dam was commenced in
September, 1968, and reached a height of 98 m in
November, 1969, The final 12 m of rockfill were
added in October, 1970 (Wilkins et al, 1973).
Rockfill was quarried quartzite which was placed in
0.9 m layers, sluiced and rolled. Four hydrostatic
settlement cells were located at two levels on the
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maximum section of the dam (Fitzpatrick et al,
1973). As strains due te increasing self weight
during construction are most nearly equivalent to
those produced in the confined compression test,
only the settlements between the time of gauge
installation and the time of commencing reservoir
filling (a period of 22 months for the two lower
gauges and 19 months for the two upper gauges) have
been analysed.

In the analysis, creep settlements have been
assumed to be proportional to the product of stress
and the logarithm of the time under stress. The
analysis yields a value for the constant of
proportionality for such a creep relationship
together with the Young's modulus of the rockfill.
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Figure 6 Plot of rockfill Young's modulus

against recovery on unloading.
Sée Figure 5 for symbeols.



Although the analysis cannot be detalled in this
paper, the values obtained for the Young's modulus
of the Cethana quartzite rockfill ranged from I60
to 210 MPa, By comparison confined compression
tests on two laboratory samples of the quartzite
gave values of 90 and 67 MPa Far the rock(ll}
Young's modulus.

Rockfill placing for the 75 m high Mackintosh Dam
was commenced in September, E977, and was completed
one year later (Paterson et al 1979). At the time
of writing the concrete face i1s nearing completion
and water storage should commence in the second
half of 1980. The rockfill material was a quarried
greywacke some of which contained minor amounts of
interfoliated slate, As for Cethana Dam the rock-
fi111 was placed in 0.9 m layers and was sluiced

and rolled, Six hydrostatic settlement cells were
installed at three levels on the maximum section of
the dam and two others were installed towards the
left abutment.

As for the Cethana Dam settlement gauges, settle-
ments indicated by the six gauges en the maximum
section have been analysed from the time of their
installation to July, 1979, a period ranging
between Il and 16 months, TFrom this analysis
rockf1ill Young's modulus values of between 34 and
47 MPa have been deduced. Confined compression
tests have been carried out on 20 samples of rock-
fill material used in the dam and values of rock-
fill Young's modulus ranging from 27 MPa to 53 MPa
have been obtained from these tests.

Good agreement has thus been obtalned between rock-
fill Young's wodulus values deduced from laboratory
confined compresslon tests and from measured
prototype settlements for the Mackintosh greywacke.
The agreement between the two sets of modulus
values for the Cethana quartzite has not been so
good. However it should be noted that the Cethana
Dam is located in a narrow valley with steep sides.
Arching of the rockfill may thus have occurred,
reducing settlements in the dam and leading to
higher deduced rockfill Young's modulus values.
Hotwithstanding, the confined compression test
results have satisfactorily predicted that the
Cethana quartzite rockfill 1s a significantly less
deformable material than the Mackintosh greywacke.

Whilst the laboratory confined compression test
does not necessarily aim at predicting & prototype
Young's modulus value directly, the accumulatdon of
data from the behaviour of prototype structures
should lead eventually to a correlatlion between
confined compressicn test modulus and prototype
medulus. -

6 CONCLUSIONS

The confined compression test procedure described
in this paper appears to provide a rockfill Young's
modulus value which is a suitable index of the
deformation properties of the rockfill. This
rockfill Young's modulus value correlates well with
the average guality of the rock as indicated by a
number of other rock properties including RQD,

point load strength, rock fabriec porosity and
dynamic modulus of rock core specimens,

Altheugh the deformation behaviour of rockfill in
a prototype structure 1la dependent on various
factors such as grading, compacted denwliy and
gtress history, 1t seemg likely that, with the
accumulation of data on the deformational behaviour
of prototype yvockfill structures, a satisfactory
relationship between confined compression test
modulus and prototype modulus will be established.
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SUMMARY The increasing height of earth and rockfill dams now being built makes the evaiuation of deformat-

ion behaviour considerably more critical.

In the present study, a finite element analysis is made for
Talbingo dam in Australia, a 162m high rockfill structure with a sloping silty clay core.

Predictions are

made using two dimensional elastic, non-linear inelastic and elasto-plastic constitutive assumptions, and
results are compared with the observed constructional deformations and stresses in the maximum cross section
of the dam. Whilst all the predictions have been quite satisfactory, the elastic model appears to have

been the most successful, with no real advantages occurring from the more complex models.

NOTATION

c cohesion (kNm'z)
d,F,G Poisson's ratio parameters_2
s Ey moduius of elasticity (kNm “}
K’Kur modulus number
n modulus exponent -2
Py atmospheric pressure {kim =)
Rf failure ratio
v Poisson's ratio =
)40 major and minor pgincipal stresses {kNm =)
¥ unit weight (kNm )

1 INTRODUCTION

Designers of earth and rockfill dams have available
various procedures for stress-deformation analysis,
involving different constitutive laws to represent
material behaviour. Each has its own advantages and
disadvantages, often linked to features of dam
geometry.

To assist in the selection of appropriate analytical
models, a study has been made of the various proced-
ures in common usage, including two-dimensional
elastic, non-linear inelastic and elasto-plastic
models. The structure selected for this comparati-
ve study was Talbingo Dam in the Snowy Mountains of
NSW, Australia, (Fig. 1} chosen because of its
extensive instrumentation, together with its relat-
ively simple cross section and a symmetrical valley
profile. Its instrumentation is described by Hosk-
ing (1974).

Talbingo Dam is a 162m high structure with rockfill
shells and a silty clay core, under the control ofthe
Snowy Mountains Authority. -Construction began in
December 1968 and was completed in October 1970,
with the storage reaching fuil supply level by
January, 1972. .

The dam has 6 zones in its cross section, divided
into.core (zone 1)}, Filters and transition (zones

2A, 2B) and rockfill shoulders {zones 3A, 3B, 3C).
The instrumentation and zoning of the maximum cross
section are shown in Fig. 1. The core is an imper-
vious clay of basaltic origin, compactegain 0.15m
layers to a Tield dry density of 1.8 tm “ at 15%
moisture content, on the average 0.3% wet of optimum.
The downstream T1lter 2A is processed fresh rhyolite,
compacted in 0.5m layers to a density of 2.0 tm 3.
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It is more rigid than the core. Transition zones
are moderately weathered to fresh rhyggite compacted
in 0.5m layers to a density of 2.0 tm The rock-
fi11 shoulders consist of slightly weathered to
fresh rhyolite up to 1.0m size compacted in 1-2m
Tayers to the same density as the transition zones.
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Fig. 1 Talbingo Dam - Instrumentatien at maximum

section,

The foundation bedrock is jointed rhyolite lava
flows and tuff beds of varying permeability. Exten-
sive foundation treatment was necessary prior to
construction invelving excavation and grouting
(Waliace and Hilton, 1972).

2, CONSTRUCTION AND INSTRUMENTATION OF DAM

The embankment was built up in 10 1ifts of approxima-
tely 15m each over a period of 22 months, Instrum-
ents placed in the dam enabled construction proced-
ures to be controlled within safe Timits and allow-
ed the subsequent monitoring of performance. Readi-
ngs taken on the maximum cross section, up to end of
construction have been used in the theoretical anal-
ysis below.

3. CONSTITUTIVE MODELS

Incremental finite element analyses have been



performed on the maximum section using linear elas-
tic elasto-plastic and non-linear inelastic consti-
tutive models. Because valley slopes are less than
2:1, two dimensional plane strain conditions may be
assumed. {Lefebwre et al, 1973}. The finite eleme-
nt mesh used in the analysis is shown in fig. 2,
the nodal points being chosen te coincide as close-
ly as practicable with the instrument locations.
For initial runs, 3 layers of foundation elements
were included in the mesh to investigate the influen-
ce of the foundation on deformations. Although
site investigations revealed that the bed-rock was
highiy jointed with random clay seams, foundation
deformations proved to be negiigible. Hence the
foundation elements were removed from the mesh for
subsequent runs.

Fig. 2 Finite element mesh (full extent of mesh
not shown)

Clough and Woodward (1967) demonstrated that the
incremental method of analysis enabled actuat
embankment construction to be modetied, st that the
deformations can be compared with theoretical pred-
jetions. Subsequently, several nonlinear constit-
utive models were developed for use in conjunction
with incremental analysis, such as the hyperbolic
model of Kulhawy, Duncan and Seed {1969). Other
useful forms of variable modulus models are also
available. {eg. Richards, 1978).

Constitutive models should be capable of describing
the soil behaviour completely under any loading
condition. This is often not so, and therefore
each model should be evaluated carefully before use,
in particular, with respect to the assumptions iny-
olved and the derivation of parameters.

The material models used here fall into two groups:
constant modulus and variable modulus. In the
former, the modulus of elasticity and Poisson’s
ratio are considered constant, and therefore the
stress-strain behaviour approximates a straight .
line. In the latter, the modulus of elasticity and
Poisson's ratio are stress dependent so that the
stress-strain characteristics are not linear. The
two types of variable moduli models used here are
the elaste-plastic and nonlinear hyperbelic models.
Thg TohrnCoulomb failure criterion is used with all
models.

Expressions for the determination of nonlinear
modulus and Poissons ratio, and procedures for the
derivation of parameters for the hyperbolic model
have been given by Wong and Duncan (1974), whilst
the elasto-plastic model has been described by
Zienkiewicz et al.{1975). These equations will not
be presented here.

4. LABORATORY TESTING

During the stages of design and construction, a
large number of triaxial tests, grading analyses

and compaction tests were carried out on both core
and rockfill materials. On core material, consolid-
ated undrained triaxial tests were performed on 0,15
m dia. saturated specimens, remolded at placement
conditions and tested over confining pressures rang-
inguptol035kNm™2. On rockfill matérialdrained
triaxial tests on 0.57m dia. specimens, compacted to
field density, have been performeg over a rangezof
confining pressures from 276 kNm ¢ to 1378 kim <,

In the field, the rockfill is well graded with maxi-
mum size ranging to 1m. For laboratory tests paral-
lel scaling was used with a maximum size of 0.114m.
A typical set of laboratory triaxial tests for rock-
fi1l are shown in Fig. 3. These tests, together wi-
th campaction and grading analyses formed the initi-
al source of material parameters for the finite
element analysis.
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Fig. 3 Stress-Strain characteristics of rockfill
material

5. MATERIAL PARAMETERS

Table 1 gives a summary of the material parameters
used with each constitutive model. Analysis indica-
ted that no elements yielded during any stage of
construction. Therefore the elastic analysis prod-
uced results identical with the elasto-plastic
analysis at this stage. For convenience both models
will be subsequently referred to as elastic. A
study of available test data on & different zones
across the dam revealed that the material properties
in zones 2A, 2B and in 3A, 3B 3C could be assumed
similar. For nonlinear analysis, Poisson's ratio



parameters for the core were estimated from publish-
ed data in the absence of triaxial tests with volume

change measurements.

These material parameters were

then used to back-analyse the triaxial tests by the

finite element method to confirm the values.

A pre-
dicted stress-strain curve for zone 3 rockfill
material is plotted in Fig. 3 from which it can be

seen that hyperbolic model is in reasonable agreem-

ent with the actual rockfill behaviour.

Modulus and Poisson's ratio values for foundation
rock were derived from triaxial tests on intact
rock specimens, with a modulus reduction factor of

3. (Lama and Vutukuri, 1978).

Elastic analysis predicts a maximum of 1.23m at a
stightly higher position. In the top third of the
dam, nonlinear analysis predicts small downstream
movements on the upstream side whereas these move-
ments are upstream in the elastic case. On the
downstream side, however, the movements are neglig-
ible in both cases. Elastic gravity turn-on analy-
sis producesa set of horizontal movement contours
nearly identical with elastic analysis, but with
slight deviations in the top gquarter of height. An
explanationfor this similarity has been given by
Clough and Woodward {1967).

E
¥

TABLE 1

TALBINGO DAM MATERIAL PARAMETERS

Relevant Foundation layers
Zones Zones
constitutive Pavameter | Zone 1 | 5p58 | 34,38,3C | Top Middle | Bottom
Tinear elastic ¥ (kNm:g 18.08 20.44 20.44 21.23 21.23 21.23
elasto-plastic E {(MNm ) 10.0¢ 50.0 60.0 5000 10000 20000
v, 0.44 0.32 0.31 0.15 0.10 «j 0.05
c (kNm™*) 70.0 0.0 0.0 - - -
® {Deg.) 25.0 45,0 45.0 - - -
non-1linear ¥ 18.08 20.44 20.44
inelastic K 250 850 675
Kur 400 1200 1000
n 0.45 0.40 0.43
d 5.0 7.7 10%0
G 0.30 0.21 0.21
F 0.00 0.07 0.07
Re .o 0.90 0.70 0.70
c (kNﬁ ) 70.0 0.0 0.0
¢ (Deg.) 25.0 45,0 45,0

6. PREDICTION OF DEFORMATIONS AND STRESSES

The results of the various analyses are shown in
Figs. 4 to 9.

Contours of settlements predicted by non-linear
inelastic analysis are similar in shape with maxim-
um settlement occuring at the centre of the core.
The magnitude of this maximum predicted by nonlinear
analysis is 3.0m, as compared with 2.75m by elastic
analysis, whereas the observed maximum at the end

of construction was 2.6m. The broken lines on Figs.
4{a) and 4(b) show measured setilement contours,
measurements being taken from hydrostatic settlement
gauges and surface settlement points. Fig. 4(c} is
the contour plot of predicted settlements by elast-
ic theory, assuming the embankment is built in one
step. The distribution of settlement does not
follow the measurements but this analysis enables 2
very close prediction of the total cumulative
settlement at any point in the section. Predicted
setilement at the crest of embankment is 4.9m where-
as the measured cumulative settiement is 5.2 m.

The corresponding horizontal movements are presented
in Fig. §. The location of the zero movement cont-
our and the distribution of downstream movements are
similar in both analyses but the magnitude of the
upstream movement differs. Nonlinear analysis
predicts a maximum upstream movement of 0.6m at a
third height and in the upstream transition zone.
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The distribution of maximum shear stress over the
cross section is illustrated in Fig. 6, These cont-
ours are generally parallel with the slopes of the
upstream and downstream rockfill shoulders. However,
the core proves to be aregion of low shear stress
bounded by high shear stress gradients in the filter
and transition zones. This supports field informat-
jon indicating a near-fluid state in the core at

this stage.

From the calculations of stresses and deformations
by the elastic method, pore pressures have been
calculated. These calcutations have used undrained

- strength parameters for the core and drained para-

meters for the rockfill, ignoring dilation. The
resulting pore pressures (Fig, 7) are the cumulative
values generated during stage construction (Fig. 7a),
and during two stage reservoir filling {Fig. 7b},

and these are compared with measured values from
electric and hydrostatic piezometers. Reasonablie
agreement has been obtained, at least near the

centre of the core, but with greatest departure at
the downstream filter.

7. DISCUSSION

It can be seen from the preceding results (Figs. 4
to 7) that predicted deformations and stresses are
in good agreement with measured values.

The pattern of vertical and horizontal movements can
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also be examined in terms of profiles at a particul-
ar elevation, as in Fig. 8. This shows that all
models over-estimate core settlements and under-est-
imate surface settlements (by about 20%). Horizontal
movements are best predicied by elastic analysis on
the upsi .n side, whilst non-linear analysis is
best on the downstream side.

From these results, it is clearly seen that the
horizontal movement patiern is controlled by the
geometry of the core. The magnitude of the upstream
movement (Fig. B8) is approximately 3 times the down-
stream movement. The upstream rockfill shoulder at
this level is compressed by about 0.35m. Compress-
ion of downstream shoulder is only about 0.2m, which
represents a neglible strain since this shoulder is
much thicker.

Elastic analysis has proved to give the hest predic-
tions at every stage of construction. Nonlinear
analysis, on the other hand, was found to be rather
unstable and stresses tended to fluctuate in the
outermost elements of the core and rockfill zones

as construction proceeded. This generates corresp-
onding fluctuations in the non-linear modulus and
Poisson’s ratio values.

Poisson’s ratio changes in the core have a consider-
ahle influence on the overall deformation pattern.
Also, the friction angle of the rockfill has a
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Fig. 8 Comparison of predicted and measured
deformation at reduced Tevel 457.2m

marked influence on the deformations of the rockfill
Zones, especially in zone 3A where stress levels at
mid height were up to 70% of failure stress.

Measured pore pressures in Fig. 7 show high values
at the bottom of the core. Construction moisture
contents were kept within %1 % of optimum, but tests
later revealed that field optimum was 2% Tower than
the laboratory value. Earth pressure cells indicat-
ed that total stresses in the vertical and horizon-
tal {2) directions were nearly egual, and equal to
the overburden pressure, implying a hydrostatic str-
ess state and near zero effective stress.

TABLE 11

CORE POISSON'S RATIO VALUES FOR SOLUTIONS
SHOWN IN FIG. 9

Retevant -
constitutive Solgﬁ;on Y E khm™2
mode]
Tinear elastic L 0.44 10000 (TABLE 1}
elasto-plastic L49 0.49 10000
L49E 0.49 4000
non-1inear NL TABLE 1] TABLE - 1
inelastic NL44 0.44 TABLE - 1
NL4S 0.49 TABLE -~ 1

The results presented so far have used material
parameters as listed in Table 1, derived from
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triaxial tests. It has often been found in the Tit-
erature that saturated core materials of fill dams
are modelled as & highly deformable medium with a
high Poisson's ratio value. For the Talbingo core,
a Poisson's ratio of 0.44 produced satisfactory res-
ults in the elastic analysis. In Fig. 9, the defor-
mation vectors, as predicted by linear and non-line-
ar analyses at nodal points 225 and 247 are compared
in order to justify the chosen value of v. Two Poi-
sson's ratio values are assumed for each model. In
addition to the non-linear Poisson's ratio, constant
values of 0.44 and 0.49 are assumed for the non-
Tinear model and 0.49 for the elastic model. The
code given to each solution is shown in Table 11.
Results of the six cases, presented in Fig. 9 show
that the best overall prediction of deformationsare
found with Poisson's ratic values from Table 1.

8. CONCLUSIONS

Two dimensional elastic, non-linear inelastic and
elasto-plastic finite element analysés were carried
out to simulatethe comstructional behaviour of
Talbingo Dam. Comparison of the predictions with
observed deformations and stresses has made it poss-
ible to derive the following conclusions regarding
the performance of different constitutive models.



Tne chosen constitutive models gave predictions of
deformations and stresses im reasonable agreement

wWith measurements. Elastic analysis provided the

best agreement, probably due to the fact that Poi-
sson‘s ratios are kept constant and that rotation

of the principal stresses is negligible.

Modelling the dam as an elasto-plastic material,
with a Mohr-Coulomb yield criterion and associated
flow rule, did not improve the accuracy of the
results. At the end of construction, no elements
were found to have yielded, so that solution coin-
cided with elastic analysis.

Non-linear analysis provided the best deformation
prediction on the downstream side where stress
fluctuations are minimal. However, changes in str-
ess levels in the upstream transition and adjacent
elements produced slightly unstable results during
simulated construction.

The chosen constitutive models predicted settlemen-
ts accurately in most areas of the cross section.
At low elevations, core settlements were over-pred-
icted whilst surface settlements were under-predic-
ted by all models.

The deformation behaviour of Talbingo dam is mainly
governed by the geometry and material properties of
the core. The settlement of the core is three
times larger than the rockfil) shoulders and trans-
itions, giving rise to high shear stress gradients
across the transition and filter zones and high up-
stream horizontal movements. Further investigatio-
ns into the behaviour of core material under part-
ially saturated conditions are necessary .

High pore pressures were observed at low elevations
in the core of the dam during construction and. th-
ese pressures continue to exist even today. Dissi-
pation during construction was negligible. Elastic
analysis predicted the pore pressures in the middle
of the core reasonably well. Hydrostatic stress
conditions existed in the lower half of the core
during construction, as measured by earth pressure
cells.

Inaccuracies in predictions arise from two sources:
the approximations made in respective constitutive
modets, and the difficulty in deriving representat-
ive waterial parameters. The stress paths follo-
wed in the dam are; in most elements, far from
triaxial conditions. Anisotropy in material prop-
erties and variations in density also cause depar-
tures from the analytical model. Under these cire-
unstances, complex and expensive analyses may not
provide improvements over the simple elastic solut-
ion.
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SUMMARY The peper presenta an approach for predicting the behaviour of prototype rockfil materisls by

testing mataerials which have been reduced in size geometricelly.

Isptropic consolidation and consolidetad

drainad triaxisl tests were condugted on vsrious fréstions of Calcite and Juartz minerels under confining

pressures vacying up to 126 kg/cm®.
mingrala was about 35.
approach.

The ratio of dgg of coarsest to tha Finest material tested for
Tha exprarimental dats of other investigstors hes been utilizad in support
The approach prasented sesnms to be promizing in predicting the bshaviour of prototyps materials

thesa
of this

by testing st least two gmometricslly reduced smaller sized Practlons at two different confining preseures.

1 INTRODUCT ION

Cosrae grain materials such as boulders, ceobhles
and coarse gravels are baing axtsnsivaly used in
the construction of rockfill dams and such materiz-
18 may exist in the foundations of civil enginaer-
ing structures. To eveluate dasign parameters for
thane large size rockfill materizls, teating requi-
res aquipmant of formidasble dimensions, particuler-
ly when their behaviour is te be evaluated under
appropriaste stress levels and stress combinstiona.
A2 a consequance of this, the design parameters are
sometimes assumed or obtained on the basis of teats
coanducted on amaller size fractions in the suitable
sizes OF test specimens.

To overcoms these difficulties of testing large
size materials under sppropriate styess levels,
namely, at low prassures (0 - 0.7 kgo/cm?), medium
prassyres (0.7 = 7 kg/cm?), high pressurez (7 - 70
kg/cm?) or very high pressures {3 70 kg/cm?),three
different technigues, namsly, scalping (Zellar and
Wyllimann, 1957), modelling (Lows, 1964} and quad-
ratic grain size distribution (Fumaqgalll, 1969 )have
been adopted. OFf these, three techniquss Por eval-
uating the propertiers of the prototype materials,
modelling by gmomatrically reducing the particle
size has besn found to stand to soms theaoretical
Justiricetion (Cupta and Ramamurthy, 1978) for sla-
stic bodies. Some experimental evidences is availe
able in support of this technique, but no comprehe-
neiva study has beesn undartaken in predicting the
behaviour of modelled rockfill materials on aspects
such as stress—strain behaviour, strength, angle of
shaaring resistance, volume changas during consoli-
dation and shear, extent af crushing and ite influ-
atce on the beshaviour of the meterisl.

Az a part of comprehensive programme of research
undertaken at 11T Delhi during the last few years,
these asprcts are being studied in detail for Bad-
arpur sand (locally available material), Calcite
and Jusartz mim@rals of different particle sizes.

In this paper tne results of behaviour of diffarent
sizes of duartz mineral are presented. 7The expseri-
mental date of Badatpur sand {Ramamurthy st al.1972,
1974), Calcite (Gupta and Ramamurthy, 1978),Pyremid
dam material {Maraschi et al.,1968) is alse fncluded
te support the technique of prediction of the baha-
viour of large £ize matarial by testing ssall part-~
icle aize meterial. Thess findings are applicable

for confining pressurse bayond 3 kg/em2.
2 RUBLISHED EXPRRIMENTAL FVYIDENCE

Chasil Bank coarse gravel and Hem river sand
(Bishop, 1948) having paraliel gradation have shoun
similar values of the angle of shraring resistence.
Yallerga et al.,(1957), Ramamurthy ot al.(1972) and
tarachi et al.(1972) from their studiss an differe-
nt materials have shoun that the angle of shsaring
resistance did-nut vary with the ‘chahge ef perticls
gize of the material. Marachi et al.(1972) results
suggast that volumetric straina during shear,axiel
strain at failure and’ lnitial tangent modulues are
influenced with the incresse of particle size to

soma extent.leussink{1965},Huder & Fretz(1967 )obser—
ved similar bshaviour of anqla of shearing reststance.

Ramamurthy ot al.{1972) hava shown that the dila-
tancy rate (14 4-8v/6€1), {whete v and €4 are the
volumetric strain and axiesl strain) did not change
with the changs of particle size. A unique relati-
onship Was obsarved between nat ansrgy Observed
and specific surface area at the and of shsaring
for four fracktions of Badarpur sand.

On the contrary Lewis {1956} showsd increasing

angle of shearing resistance with the increase of
particla size, while Leslim (1963), Kirkpatrick
{1965) and Marsal (1967) observed decreasing values
with increass of particle size. Rows {1962) showed
that the interparticle friction decreassed with in-
creasing perticle sjze. Lse and Farhoomand (1967)
and Fumagalli (1962} observed that compression in=
crgases with particle size. Ramamurthy et al.
(1972,1974) observad thot volumetric strain dus to
elastic compressicn, nonrgcoverable compression due
to slippage, degradatjion asnd rearrangemant of parti-
cles incrsased with increasing #ize of particles and
confining pressuyre. Pambrane psnetration during
isotropic conesolidation was also found increasing
with particle size and confining pressurs. Similar
behaviour was observed for exial strain at fajlure
and the volumstric strain during shear.

3 EXPERIMENTAL PROGRAMME

Far a comprehensive understending of the rasponse of
modelled material in predicting the behaviour of
prototyps material, isotropic consolidation and
consolidated drained trisxial shear tests were con=
ducted on three particle sizea ranging From Fine
sand to fine gravel of Calcite and Quartz st

€

£



confining pressures verying From 1.4 to asbout 127
kg/em?. At the end of each test grain Size distri-
bution of the material was determined. Tha phyaic—
al propertiss of thess materials are given in
Table I,

TABLE I

PHYSICAL PROPERTIES OF CALCITE AND QUARTZ

100 100 Average EZii:iiy
parcant percent Cu
pessing retained aiza(dsg)

mm ] mm Min. Max s
Calcite (Specific Gravity 2.73)
G.124 0.075 0.096 43.4 57.4 1.2B
1.18 0.853 1.0 42.5 55.4 1.15
4.75 2.36 3.4 43.5 56.71 1.43
Quartz (Specific Gravity 2.68)
0.124 0.875 0.095 42.5 54.1 1.28
1.18 0.853 1.0 41.5 49.0 1.15
4.75 2.36 3.4 48.5 50.1 1.44
Isotropic consolidetion and triaxial shear Gests

were conducted on cylindrical specimmns with slen-
der ratio 1:t using snlarged friction free end pla-
tens. Fine and medium Bize materials wera tested
in 38 mm diameter specimen and coarse sige material
in 100 mm diameter spacimen. Trisxial shear tests
weore conducted on smellexr and larger 2ize spagimens
at a constant rste of deformation of 0.096 mm/min.
and 0.043 mm/min respectively. Sufficiently salow
rate of deformatlon was selected in order to provi-
de affective drainagas sven during degradation of
tha materisl at high confining pressures.

The smallar size opecimans (38 mm diameter) ware
tested in » trisxisl cell enabling to teat speci~
men under confining preasures up to 140 kg/cmd. A
triexisl cell to toat large specimsne (100 mm dia-
moter) was febricated at IIT Dalhni. This call per-
mita testing of tha specimen under confining preoa-
sure up to B0 kg/cmz- The confining pressura wase
applied through a self compensating pressure asascm-
bly.

The phyaical properties of sand used by Ramamurthy
et 81.(1972) and of Pyramid dam meterial used by
Marachi et al.(1966) are presented in Teble 1Il.

TABLE II

PHY5ICAL PROPERTIRS OF BADARPUR SAND AND PYRAMID
DAM MATERIAL

pnlggnt palggnt Average Porosity
passing rateined siZB(dSU) pereant Cu
mm mm mm Min. Max.

Badarpur Sand (Specific Gravity 2.66)

0.124 0.075 0.0986 32 54 1.33
0.6 0.472 0.5 34.7 56 1.19
1.2 0.853 1.0 37.3 60 1.19
2.4 1.2 1.7 37.7 60 1.31
Pyramid Dam Material

1.2 0.06 3.2 - - 6.8
51 0.35 14.0 - - 3.1
150 2.0 4.0 - - G.7

4 RESULTS

4.1 Compreasibil ity

The variation of volumntric strains dus to isotrop-
ic coneolideation ia presented as a Function of cone
fining prasaure In Figure 1, for three fractions aof
uartz mineral. A straight line relationship an
log~log plot has bsen observed. Badarpur send, Cal-
cite and Pyramid dam material have aleo shoun oimi-
lar relstionship. The volumetric strains increasad
with ths increase of eonfinlng pressurs and partic-
le aize. The specimenz snalysed For gradation ana-
lysis indicated increasing degradation of the mate-
rial with confining pressure and particle sizo
(Gupts and Rememurthy, 1978).
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Figure 1 Influence of particle size and confining

prassura on lsotroplc consolidstion for
Quartz frections

4.2 Stress-Strain Characteristica
4.2.1 Axial strain at fallure

Axial strain at Pailure increased from 8 to 18 parx
cont for the taste conducted at madium confining
pregssurea(up to 7 kg/em?) Por Calcite and Quartz,
For tests conducted at higher canfining pressures
beyond 20 kg/cm? Pailure wss not observed for most
of the tests up to 20 parcent axial strain. The
deviator stresses continued to increass with the
increess of axial strain. This iz mainly due to
continuous degradation of material and because of
lubricer 4 ond platens which resulted in large
axial st..ina. The particle degradation during
shearing was more than the degradation during iso-
trapic consolidation, it also increased with con-
Pining pressure and particle size. Badarpur sende
and Pyramid dam materials were teated in triaxisl

with friction ond platens and, therefore, have
shoun failure highar confining pressurwss.

44242 Volumetric straing at failure

The variation of volumetric atrain during shearing

at failure or 20 parcent axial strain whichever uwas
earlier i8 shown za a Pfunction of confining pressu-
re in Figure 2 for Quartz fractions. The spacimene
of Fine and medium sive Practions tested beyond metd=-
ium confining pressyres {L.0. 7 kg/cm?) hed ehown
volumatric contraction, whareas beyond 3 kg/cm?
coarse fraction had shown contraction.

The volumetric contraction at failure increased with
confining pressure Por Pine and medium size materia—
18 and the goarse materials has shoun decrease in
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Figure 2 Influence of particle size and confining
pressure on volumetric atrein for Jueartz

fractions

volumetric contraction in the higher range of con-
fining pressurv. This may be because of incraassing
stiffness of the apecimsn due to continuous degrad-
ation.

4.2.3 Strasa-strain curvas

The stress strain curves for these materisls follow
the hyparbolic form (Kondner and Zelasko, 1963).

3
B Y - ()
5 03 1

wharme

61 = axial atrain

Ll deviator stress

a = constant {intercept corresponding to zero
sxial strain)

b = constent {tangent of the angle of slope of
the straight line with axial strain axis)

The initiel tengent modulus €;, inverses of con-
stant 'a' follows the relationship {Janbu, 1963).

3"

Ei = K Pa (-—p—— (2}

&

whare

Gé = minor principal stress
Pq = atmospheric prassure in the same unit

o o3

K = modulus number
n = eaxponant determining the rate of vari-

stion of £y with g

The varietion of E; with confining pressura . for
three fractions of Uuertz is shown in Figure 3.
It is observed that initial tangent medulus incre-
ases with confining pressure and decroase? with
particle size. Tha values of constent K and n
are also indicated in this figure. Calcite minaral
fractions also indicated similar behaviour having
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Figura 3 Influence of particle alze and confining

prassure on inltisl tangant wodulua  of
Quartz fractions

K valuas of (1) 364 (1i) 188 {iii) 92 and n values

of (1) 0.35 (ii) 0.41 (4ii) 0.55 for the three fre-
ctions in increasing size. The constant 'b' inuverse
of ultimate strength decresses rapidly with confin-
ning preseure and is independent of particle size

aof tha material. The verlation of 'b' an a fun-

ction of confining pressurse for the thras fractions
of Quartz is shown in Figure 4, suggesting a unique
relationship. The relatjonship for Badarpur = sand
and Calcite is also shown in this figure.
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Figure 4 Influence of particle size and confining

pressurs on constant ‘b* .

4.2.4 Strength

The Mohr rupture enyslopas are nonlinear for  the
threes fractions of Quartz minsral. The effective
angls of shnaring rosistance #' st 20 parcent axial
strain or at Pailure whicheayer waa eerlier is pre-
santed as a function of confining prassure in



Figure 5. The veriation in angle of shearing resi-
atance with particle size i3 becsuse of the varie~
tion of R, = (0, ~o%), / (63 - 55luiee The
values of Rp corresponding to maximum confining
pressure are indicated in this Figure. Tha Calcite
mineral fractions heve also shown aimilar variation
in angle of shraring resistance. Badarpur sand and
Pyramid dam materials have shown insignificant vari-
ation in angle of shaaring resistance with respect
to size. The tests on Badarpur sand and Pyramid
dam material were conducted using standard end pla-
tens and fallure was achieved in most of the tests.
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Figure § Influence of confining pressure on angle

of shearing resistance of Quartz Fractions

5 PREDICTION AND DISCUSSION

To predick the characteristics of a larger particle
sized material from the taest results of smaller si-
zad fractilons relative diametar is defined as the
ratic of diameter of any lorger sized mesterial to
thes diamater of the Smallast material tested.
Similarly other paramsters like volumetric strain
due to isotrepic consolidation, relative constants
K and n are definad.

5.1 Compresaibjlity

The reletionship of the relstive volumetric strain
due to isotropic consolidation with reaspact to ra-
lative diameter is presentad in Figure 6 for Radar-
pur, Calcite, Pyramid dam moterisl and fAuartz. This
figure sldo shows the varistion of relative voluma-
tric atrain over thre range of confining prossures
adopted in testing. The points for Calcite have
not been shown to avoid gverlap with Guarkz data.
It is obaerved from Figure 6 that by conducting
isctropic consolidetion tests on at least two difr-
erent smaller sizes of the materisl one could pre-
digt the compressibility of tha lerger size materi-
al quite reasonably for a glven confining pressure.
Figure 1 suggests that ons could also predict the
behaviour under higher confining pressures by con-
ducting tests at lower confining pressures.

5.2 Axial Strain at fajlure

from the rasults of teste carried out on Quartz and
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Figure 6 Reletive volumetric etrain due to isotro-
pic consolidation versus relative diameter

Caleite using lubricated ond platens it is observed
that the failure is not achleved under high confin-
ing pressurms even at 20 pergent axial strain  Par
large size materigl. Only Fine and maedium nize
materials have indicsted Fallure below 20 percent
axiel strain up to medium confining pressures.
Therafore, it appears that 1t is not possible to
pradict the failure axisl straina but thay are
definitaly higher than 20 percent for high confin-
ing pressures.

543 VYolumetric Strains at Fajilure

Hecauaa of tha changing bahsviour of materinl from
axpanaion to contraction with increesing confining
prassure and alsc with incressing degradation of
the matearial particulate structurs becoming stiffer,
the pradiction ssems to he not as good as in the
case of other properties with the presont availablae
data.

Se4 Stress-Strain Curves

The atress~strain curves for large 8ize material srs
prodicted from the conatitutive reletionship of
stress-strain curve given by the hyperbolic eguation
{1). To predict the stress-strain behaviour aone
requiras to estimate the values of constant 'a' and
'hb'. Constant *b*® has baen found to be independent
of s8ize of tne materizal and i3 = function of confli-
ning pressure as shown in figure 4. 5o by testing
atleast one fraction of the materisl at two diffe-
rent prassures one could esvalubte 'b' for any eize
and confining pregesura. The conatesnts K and n of
edquatfon {2} are ayaluated from Figures 7 and 8.
Figure 7 shows a linaear relatjonship betuweean rels-
tive velue of conastant X and relative diamster of
the mipsrals Caleite and Quartz on & semilog scale.
Figure 8 shows a linasar relationship betwsen role-
tive diamater and relative valum of constant n for
Calcits and UOuertz mineralo.

It appuars that the relationship for constant K
and n can ba used for relative diameter as high
a8 50 to 100. For purpose of fllustration, the
stress-atrain relatjonship were predicted for cosrse
fraction of dyartz and are shown along with the ex-
perimental curves in Figure 9. The predicted atrass-
strain curves agreas ressonably well with the experi-
mental data particularly For axial strains more than
4 percent. By testing minimum of %we different
8izeo of material at atleast two confining pressures
in the anticipated range. Conotant *a' and *b'eould
be evaluated for larger size fractions subjected to
desired confining presaurs.
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& CONCLUSTONS

On the basia of tests carrisd out in jisotropic con~
solidation, and consolidated drained triexial shear
tasts up to confining pressures of 126 kg/cmZ on
diffarant Practions of Caleite and Quartz minerals
and alse on the basis of the tests results available
from other invastigators the following conclusions
arg drawns

Volume compressibilifty incresses uith the increase
of confining preasure end particle size. To predict
the comprossibilily of prototype materisl teste

have to be conducted on at least two diffgront Fra~
ctions of the msterial geomstrically reduced in sizm.
To predict tho bshaviour at highar confining prespu-~
res these tasts have to bv conducted at least at
twe lowsr confining pressures.

Failure =axial strains were not reached for large
aize Fractions under higher confining preasures,
with lubricetsd end platens till the limit of teets
{20 parcent). Prediction was, tharefore, not:fees-
ible for failure axial streins. In generel, the
volumetric contraction increased with confining pre-
asure and particle size. It appesrs that the predi-
ction of this behaviour is pozaible only to certain
extont. :

The initial tangent modylus Ei’ ingresese  with
confining pressurs and decrees®s with particle size.
The constant 'b' invaerse of (67 - g3)ylg, dacreases
repidly with confining pressure end fe indapandent
of particle siza. It is possible to predict "the
styess-strain curves of tha lerger size fractions
under highsr confining pressures, by conducting
tests on smaller size fractions and lowar copfining.
pressurré and selecting the paremeters in the desi-
red stress-strain lavel. The modelling technique
seems to ba promiszing in predicting the behaviour
of prototype materisls such as rockfills. However,
more experimental date is required to suppert this
tochnigua. '
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SUMMARY .
states of the U.S.A. is outlined.
housing slabs is then presented.

The design and construction of post-tensioned housing slabs on expansive clays in the southern
The behaviour of a series of experimental post-tensioned slabs and
The paper highlights the importance of accurately defining the mound

shape under the slab and of not allowing runoff to pond against the edges of slabs.

INTRODUCTION

In the southern states of the U.5.A., slab-on-
ground construction is used almost exclusively for
housing foundations. In some of these states, (Texas
especially) large surface seasonal heaves (up to
200 mm) occur in highly expansive clays found in
most of the major cities. Post-tensioned steel slab
reinforcing systems are used in approximately nine-
ty percent of the housing slabs. Builders and eng-
ineers claim the following advantages of this rein-
forcement system over the conventional steel mesh
and bars:

(1) Stronger for a common concrete cross sectiom.

{2) Quicker, easier and more positive method of
steel placement.

(3) Slightly cheaper if housing is built on a
"tract™ or production line basis at a limited
number of large estates. For single homes, at
individual sites over a large city, this system
will be more expensive because of the addition-
al travelling costs required to return and ten-
sion up ‘the cables after the slab is poured.

The senior author has visited Texas on twe occass-
ions to study American performance, design and
construction of post-tensioned housing slabs on
highly expansive clays. As a consequence of these
visits a research study into the design of post-
tensioned housing slabs on Australian expansive
clays was comuenced in early 1977,

This paper will briefly outline the presently avail-
able design theories and American design and con-
struction practices. The behaviour of three experi-
mental slabs and three actual housing slabs (which
have been instrumented and are being monitored as
part of the research study) will be then discussed.

SLAR BEHAVIOUR

Clay soils in semi-arid climatic areas are subject-
ed to seasonal soil moisture changes in their top
few metres, which lead to cyclic volume changes and
vertical movements. The vertical movement from a
clay's seasonally driest to wettest states is de-
fined as seasonal heave, The seasonal heave at a
given clay soil site, and the depth te which it
occurs, depends mainly on the clay type, the soil
profile, the weather pattern and the site drainage.

When an impermeable surface cover, or slab, is

placed on an expansive clay, the seasonal soil
moisture change pattern will be altered, since sur~
face evaporation from the clay will be terminated
(Figure 1 {a}). If the site is very dry when a
completely flexible slab is placed on it, edge wett-
ing and heave of underlying clay will lead initially
to the development of an edge heave or saucer type
of slab distortion mode (Figure 1 (b)). With time
the heave under the slab will slowly progress in-
wards (Figure 1 (¢)), until ultimately a centre
heave or mound distovrtion mode will form (Figure 1

{e1].

In the long term, the soil surface surrounding and
under the edges of the slab will continue to move
up and down with the seasons, so leading to flexing
of the edges over a length which is commonly referr-
ed to as the edge distance, e (Figure 1 (e)}. How-
ever, if the slab is sufficiently rigid it will not
flex and distress of the superstructure will not
occur. The econemic design of an actual house slab

Complietely Flexible iat
{staps eveporation)

fe)  1igie TLAM_MEIRD Contn Tion

Figure 1 Idealized mound development



will effectively already exist, so only seasonal
wetting and drying of the clay under the slab edges
will need to be accommodated by the slab,

In the areas of known high seascnal heave in the
southern states of U.S.A. (Texas in particular)
three methods are most commonly used to design 104
housing slabs. Details of these three methods are

presented in Table 1. The major points to note from

this Table are as follows: °

(1) It is of major importance in using these theor-
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consists of making it sufficiently stiff, so that
any deflection of the slab due to mound develop-
ment or due to seasonal wetting and dryiag under
the slab edges will not lead to distortiocn of the
house superstructure sufficient to cause cracking
of brickwalls or jamming of doors or windows. {irim fom)
If a slab is placed on a very wet site, a mound a0

50~

U.S.A. DESIGN § CONSTRUCTION PRACTICES

ies to accurately define the assumed, initial
mound shape under the slab, if economical and 0 in)
realistic designs are sought., All the theories 0
generially only consider the long-term, centre

heave, or "doming'" case, since it leads to

significantly higher moments than the short- 400
term, edge heave, or "dishing' mode, of slab

distortion. The long-term mound shape is de-

fined by the edge distance, e, and the differ- 4004
ential mound heave yg. Since both LISSIAK and ]
OLD P.T.I. methods adopt vertical sided mounds, e
only the edge distance, e, is used to define *0s01
the mound. In Figure 2, the design moment, M, 1
and curvature deflection ratio,£ , obtained oo
using these three methods for E.typical single 13368-
single-storey housing are presented. This o

Figure clearly demonstrates the need to care-
fully estimate e and yp at a particular site,
if an economical housing slab design is Figure 2 Moment and defiectien
required.

In the U.S.A., BRAB (1968) has attempted to re-
late edge distance empiricaliy to the clay
type (via P.1.} and the climatic pattera. This
procedure cannot be used outside U.5.A. and s
universally recognised by engineers desipning
housing slabs in expansive clays us being ex-

versus edge distance

tremely conservative. llowever, this procedure is
still widely used, but often in wmedified form to
reduce its conservatism. The NEW PUTO1. (1079}
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(3)

procedure,which was developed by R.LYTTON at
the Texas A § M University, presents a more
rigorous procedure to estimate ¢ and yy. The e
estimation is done via an empirical correlation
with the Thornthwaite Moisture Index. The corr-
elation is extremely questionable in the
authors' opinion and is not supported by the
findings of this research study. A theoretical
diffusion model was also used to develop a mod-
el to predict ym. Unfortunately, this model
requires the determination of far too many
constants to be considered practical and eco-
nomical for housing slab design. The values of
ym chtained using this modei appear to be ex-
cessively high for most clay types.

The Dallas, Texas empirical expressions rclat-
ing ¢ and yp to the free and confined swell of
dried undisturbed samples of clay from a part-
icular site have been developed by engineers in
this city. However, although the expressions
are used widely in Dallas, they do not appear
to be used greatly elsewhere. LISSIAK (Consult-
ant) has used this procedure for over a decade.
1t commonly gives e values for Dallas clays of
from 1 to 2.5 metres. The soil testing required
is reasonably expensive and is considered to
represent the slab-on-expansive clay-situation
reasonably well. An unpublished current investi-
gation of this procedure has indicated that it
appears to be z most promising technique for
estimating e & ym for Australian climatic
conditions and clays.

The accurate prediction of the mound shape is
the most important factor in using these theor-
ies to produce the most economical slab design
at a particular site. However, the assumption
made in thesc three theories in relation to the
allowable concrete tensile stross, .the post-
tensioning losses, the subprade friction loss
allowance and the allowable curvature deflect-
ion ratio, do significantly affect the result-
ing slab design.

The wide difference in opinion as to what al-
lowable concrete tensile stress should be
adopted is most apparent from Figure 3. Al-
though post-tensioning losses due to elastic
cable shortening, creep and shrinkage of con-
crete, and friction between cable and concrete
may be estimated with some confidence, the
question of the amount of subgrade-friction
loss under a concrete housing slab is a very
vexed one. The concept of subgrade-friction
loss has been researched and developed mainly
for constant thickness paving slabs which are
only restrained laterally by the friction
development between them and the soil subgrade.
Housing slabs, however are restrained very
significantly by the embedment of their beams
into the subgrade. Obviously this subgrade
friction loss must be greatly reduced by this
lateral soil} restraint on the slab beams. The
coefficient of subgrade friction values
suggested by both P.T.I. procedures do not
appear to make any reasonable allowance for
this embedment effect. LISSIAK comsiders that
this loss will be negligible, if one considers
the beam embedment restraint, and so ignores
it.

The use of the entiré, uncracked cross-section
and the common elimination of bottom steel
beam reinforcement in American post-tensioned
slabs, can lead to economy when compared to
conventional steel reinforced slabs which do
not generally assume these design conditions.
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ALLOWABLE TEMSILE STRESS IMPal

Fe. COMPRESSIVE STRENGTH (M¥o.r

Figure 3 Allowable concrete tensile stress

It is alsoc most common to increase the internal
stiffening beam spacing to allow for the great-
er strength of the post-tensioned slab between
the beams.

The need for an ultimate moment check for hous-
ing slabs appears to be very questiomable. This
may be because this correction guards against

a catastrophic failure resulting from cxtreme
loading conditions (eg. abnormally high wind
loading on a multi-storey building) which is
much more likely to occur for an above ground
structure than a housing slab. In fact, it is
difficult for one to visualize any circumstanc-
es where extreme loading conditions will occur
for housing slabs.

%

The adoption of ultimate concrete compression
strength, F¢ of only 17.5 MPa is significant in
light of the Australian Prestressed Code (AS
1481-1974) setting a minimum value of 25 MPa.
However, the use of post-temsioned housing
slabs were probably not envisaged at the time
of the formulation of this Code.

By Australian standards, the contrel generally exer-
cised over housing slab designers and builders in
the expansive soil areas, appears Very lax. This,
therefore, has lead to much lower construction
standards. The use of very high slump concrete and
very poor post-tensioning cable placement proced-
ures is very common. Housing slab distress is
commonly traced to lack of tensioning. The recomm-
ended time to conduct temsioning using the three
design procedures is indicated in Table 1.

In the moderately expansive clay soils of Californ-
ia, the use of looped, post-tensioned cables is
popular. This eliminates half the cable dead-end
anchorages and saves about 3100 for an average
sized house. However, unless the loop is positively
anchored to the inside face of the slab edge beams,
it will be walked down during concrete placement
and, following teasioning, it may shear through the
beam and finish under the siab.

One aspect of the construction of housing slabs in
U.S.A., that appears to be well controlled is that



of providing good drainage around them. (Figure 4).
Obviocusly these requirements are more essential in
U.5.A., since roof runoff drainage systems are not
common, and at highly expansive clay sites the need
to stop runoff ponding against slabs and leading to
excessive localised clay heave under their edges is
generally accepted. In fact, the Home Owner's Warr-
anty Corporation, which cffer the largest national
warranty insurance plan for aew homes in U.5.A.,
has a coadition in its policy that will eliminate
housing slab damage claims which can be shown to
result from changes in the site drainage pattern
after its construction. If it can be shown that the
home owner changes: this pattern, so that surface
run-off water ponds against the house, and leads to
high,localised clay heave and slab distress, then
the clzim will not be honoured.

At Least 12 Stope Hinteun Frecbosrd

_"'._'"

15008 rtn,

ferb Level
Lot Grading Done as Part of
Estate Development

Figure 4 U.S5.A. drainage requirements

BEHAVEQUR OF LEXPERIMENTAL SLABS

Three 7.4 metre square experimental slabs were
constructed at Sunshine, Melbourne, dutring 1977
and 1978. From previous extensive research studies
{HOLLAND (1978)) at this site, significant seasonal
soil movements in basaltic clays found there are
known to occur. Details of the clays found at this
site, together with the maximum seasonal heave and
total soil water suction seasonal extremes obser-
ved over the last four years are presented in
Figure 5. From the movement of a series of unload-
ed surface covers at this very poorly drained and
very open, windy site {HOLLAND, PLTT, WASHUSEN,
CAMERON § JACKSON (1979}), a differential mound
heave, ym of 32 to 41 mm, coupled with an edge
distance, e, of 2.1 to 2.5 metres, have been
deducted.

1L PHOFILE & STALONAL. TG4 “0I WATLK
CLASSIF IGATION HUAYE fem)  SUCTION (ul)
TLAY 109 SIL A 0.0

10U wpe2t)

faroun CLAY

LCH,upets)

GRET CLAT
{CH w935 to 50}
10 AY LEASY 5.0m

P {m} DEPTH {m)

Figure 5 Sunshine scil properties

The three slabs have the same concrete cross-
section and post-tension cable size and spacing
(Figure 6). However, two of the slabs (S6 and S7)
were lifted up on 200 mm of rock filling or sand
so that their beams were sitting on the original
ground surface. These two slabs were placed on
initially wet sites in May, 1977. The other slab
(S58) was not lifted out of the ground and was con-
structed on an initially,very dry site in March,
1978. None of the three slabs had any internal
stiffening ribs. The designs of these threc experi-
mental slabs were based on the recorded behaviour
of a series of conventionally reinforced slabs at
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this site (HOLLAND {1978)}. The designs forth-
coming from the theories outlined earlier required
much stiffer slabs, and so were not used as a basis
for sizing the slab. The slabs were loaded with
pig-iron to simulate single-storey,brick veneer
house construction. They were extensively instru-
mented with precision levelling points, pressure

cells and strain gauges.
é]ﬁ
'*%L

4-12.5¢, P-T cablay
nO1420 eld. gach way

7300 suuare

=2

thick Poly-

g thene Mojatcre
barrier

FETH (Ty)

V.5.L. Antharages
Nute: Al disenslons are fa wlllimetres.
56 - POURED & MAY, 1977
25 HFa COMCRETE
. LIFTED UP OH 200 ¥ COMPACTED RGCK FLLLING
- HD HII5TURE BARRIER
57 - PGURED & HAY, 1977
25 HPa CONCRLTE
« LIFTED UP ON 200 M4 COHFACTED SASD

. A5 5D BECAM STEEL DXCEPT THAT A P-T CABLE 15 PLACED
15 BOTTOM.CENTRE OF BEANS

- HO MHSTURE RARRIER
“A - POURED T HARCH, 1978
N A MOKCRETT

S0 B OF CHHIALITE D AN JRIH B SLAK

Figure 6 Sunshine experimental slab details

In Figure 7, the importance of the initial site
soil moisture conditions in determining the future
movement of slabs in areas of high, seasonal move-
ments is demonstrated. In this Figure the centre
and average edge movements with time for slabs §6
(placed on an initially wet site) and 58 (placed on
an initially dry site) and the cyclic surface sea-
senal soil movement in the open are compared. The
movements of 56 is negligible compared to S8. No
significant flexing of the edges of §6 has been
observed over the last two normazlly dry summer and
early autumn periods (January to April}. This same
observation applies to S8, llowever, since the only
drying cycle experienced by this slab wuas unscason-
ally short in 1979, it is expected some future
significant edge flexing of this skab will occur,
In a matter of a few months after it was placed on
a very dry site,slab 58 changed from an edge to
centre heave condition. In Figure 8 the most severe
edge and centre heave distortion observed of this
slab are presented. The behaviour of S6 and 58,
even though they have no internal stiffening ribs
and hence, the 100 mm slab spans 7.4 metres, has
been quite satisfactory. The behaviour of S8 when
exposed to more severe and longer seasonal clay dry-
ing conditions is uncertain.

BEHAVIOUR OF HOUSE SLABS

The site and drainage conditions at Sunshine are
such that it floods regularly in the winter and
spring and becomes extremely dry with clay fissures
up to 75 mm wide being common in late summer and
early autwnn. Since these conditions were unrealis-
tically severe from a soil movement viewpoint and
unliveable for normal housing, it was decided to
monitor three actual house slabs placed on dry clay
sites where known moderate to high seascnal heaves
occurred. The tihree house slab sites were located
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Figure 7 Movement of 56 and S8 slabs

Figure 8 Distortion of 58 slab

at Broadmeadows and Cranbourne {outer suburbs of
Melbourne} and Horsham (a small provimcial western
district city in Victoria}. The soil conditiecns at

Broadmeadows are very similar to Sunshine, but the :

site is much better drained. Since highly expan-
sive clays are known to exist to a depth of about
six metres at the Horsham site, with a weather
pattern more severe than in Melbourne, larger sea-
sonal heaves of up to 80 mm at the surface are
commonly observed in this flat, open, rural city.
The brief design details of three actual housing
slabs are presented in Figure 9. These designs were
again mostly based on the known performance of
actual slabs in these areas and the observed
behaviour of a series of conventionally steel rein-
forced, experimental and actual house slabs
established and monitored over a greater pericd as
part of a separate but similar research study
(HOLLAND (1979)). The design theories could not be
used as the sole basis of the design selection be-
cause of lack of precise soil mound parameter input
at these sites. The Horsham post-tensioned house
slab design is interesting in that no bottom steel
was used in the beams. The behaviour of this slab
will not be discussed since it was only poured in
April, 197S.

At the well-drained Broadmeadows site only limited
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Figure 9 Details of house slabs

edge heave of the housing slab has occurred. (Pig-
ure 10). it is of interest to note from this Fig-
ure that the wider stiffening rib spacing used has
not had any noticeable detrimental affect on the
slab performance. To date, one unusually short sum-
mer period in Melbourne, (1979),the chserved sur-
face seasonal heave at this site is only 21 mm. If
one compares this heave with that at Sunshine {about
65 mm), accepting that the clay seoils at both sites
to at least a depth of two metres, have the same
high potential for swell, then the importance of
good site drainage is evident. If rain water is
quickly removed from an expansive clay, then it will
not be able to swell to the same degree as at poor-
1y drained sites where regular and sustained flood-
ing occurs. Clearly it is essential to stop water
ponding against slabs by grading the surrounding
surface away from them. ’

The housing slab at Cranbournc was constructed
using no internal stiffening ribs. lowever, the
existence of about 700 mm of filling and topseil
over the site required the edge beams to be in-
creased in depth from 360 to about 850 mm so that
they founded on the underlying (potentially highly
expansive) slightly sandy clay. The movement of
this slab after 12 montts is presented in Figure 11,
The slab has been in a fairly even cdge heave con-
dition simce its placement, with mno edge drying
effects being observed to this stage. In the area
of highest edge heave, surface water tends to pond
against the slab. This behaviour further highlights
the importance of grading the surface around the
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Figure 10 Distortion of Broadmeadows house
slab

slab so this does not occur. The observed surface

seasonal heave at this site, as measured in the
open away from the influence of the slab is 26 mm,
Since this heave is greater than at Broadmeadows,
it follows that the stiffening ribs were unnecess-
ary for both sites.

MAR. 7T

22

72
A
MOVEMERT COMTOUNS 1H mm

Figure 11 Distortion of Cranbourne house
slab ’

Considering the behaviour of both housing slabs,one
can conclude that the designs adopted were more
than adequate and that stiffening ribs may be elim-
inated if onty low te moderate levels of heave
occur under slabs, It would appear that both slabs
will remain in the less severe edge heave distort-
ion mode for many years or possibly indefinitely.
Unfortunately, because of a very short summer this
year, no significant soil drying appears to have
occurred under either of the slabs' edges. The
importance of good site drainage away from the
slabs is clearly evident.
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CONCLUSIONS

$labs placed on highly expansive clay sites, which
are in their seasonally driest condition, are sub-
jected to much greater underlying clay heave and
therefore need to be significantly stiffer than
those placed on wet sites,

For high seasonal heave clays, it is essential to
grade the surface surrounding housing so as to en-
sure that surface runoff does not pond against
foundation slabs. Ponding is likely to result in
high localised slab heave.

The three slab design methods currently used in
U.5.A., are all very dependent on precise
definition of the mound shape that develops

under the slab. The final designs derived from
the theories are also depondent (to a lesscr
extent} on the assunptions made in relation to
the amount of tensioning losses and the allowable
concrete tensile stress value adopted.

Post-tensioned housing slabs appear to have strength
and slight cost advantages over comventionally rein-
forced slabs at sites where high seasonal heaves are
known to occur and large numbers of similar homes
are to be constructed by only a few builders.
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SUMMARY From a survey of the performance of housing slabs on filling and the behaviour of experimental
rigid slabs at a variety of filled sites, a design method has been developed and is presented. An
essential part of this methed is a thorough site investigation by a competent soil engineer.

1. INTRODUCTION

An increasing number of housing allotments through-
out the major Australian cities are having fill mat-
erial deposited on them. This usually occurs dur-
ing estate construction because of the expense of
remeving the excess cut soil from the road forming
operation, Site speil is placed on the lower
blocks and, at least, track rolled in layers.Poorly
and deeply filled lots are often found in the inner
city areas. The use of old filled quarries and sand
pits for housing in the established areas of the
cities is now an attractive financial propesition
as a result of escalating transport and housing
costs.

In the past, at filled lots, the normal foundation
system adopted has been to use piers to carry the
house loading through the filling to the underlying
natural seil. This is now a very expensive approach,
especially for deeply filled lots. Recently, a
limited number of rigid slabs placed directly on
the filling have been used as a cheaper alternat-
jve. The cheaper cost of rigid siabs against the
use of piers (Figure 1), however, must be weighed
against the risk that unquestionably exists when
placing foundations directly on filling. Obviously
the more rigid the slab the less the risk at a
particular filled site. But as the slab is made
heavier its cost increases proportionally. It is
therefore necessary to thoroughly investigate the
filling and the underlying natural soil to deter-
mine the minimum slab rigidity which will give an
acceptable level of risk at the most economical
cost. It is essential to accurately define the
filling depth and type and then estimate its future
settlement behaviour over the area of the house.
The predicted settlement behaviour can be express-
ed most simply for slab design purpose by the con-
cept of the development of a soft spot. The great-
er the future uneven settlement of the filling the
greater the soft spot and hence the more rigid the
siab needs to be. For design purpescs, the soft
spot can be considered to occur anywhere under the
slab. This design approach is obviously a simplis-
tic model of the more complex and random support
conditions likely to occur under a slab om filling.
Great precision or refinement in the structural
stab design using this concept is therefore un-
justified.

As cutlined later, the range of soft spot dia-
meters likely to occur under housing slabs is from
0 to 5 metres. Unquestionably, in areas of mining
subsidence or limestone sinkhole development, much
larger diameters may occur. However, the behaviour
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of housing slabs when subjected to gross spot devel-
opment from these two causes is outside the scope
of this paper.

This paper will outline the details of housing
slabs placed directly on filling throughout Melb-
ourne, Victoria, Australia, over the last few years,
and discuss briefly the failure of three of these
slabs. A design approach for vigid slabs on Fill~
ing will be supgested. finally, the behaviour of
seven experimental housing slabs on filling will be
presented and discussed.

2. RIGID SLAB USAGE

Over the last ten years several thousand housing
slabs have been piaced directly on filled sites
throughout Melbourne. The general details of the
design of these slabs, together with the depth,age,
type of filling, and the simplified natural soil
profile are outlined briefly in Table 1. From this
Table it can be seen that the soft spot diameter
adopted can be related directly to the depth and



TABLE

I

DETAILS OF RIGID SLABS USED IN MELBCURNE

FILLING UNDERLYING | S S| RIGID SLAB DESIGN
e st S0iL .
DEPTH | AGE BTRENG-| AMT, OF § COMP- [ROCR ™1 HEal | UFFH [ﬁﬂ STKE
T™ GROSS OR4ACTIOR TYPE FILL |DEPFH |SPAC- | .
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2.5 e High |and clayey filling stiffer clay and rock 2.5 sQ0 6.6 F82
cantaining a little
building rubble
[} 0 Low Fartly controlled, Stiff clayey soil 2.5 A L) 4.0
to to pledium to Medjum] track volled, silty Joverlying bedrock to Nil to to 100 { FR2
7 1 Hediuwa clay or clay filling 3.0 600 4.5
containing & little
butlding rubble ?
¢ ¢ |vari- Uncontrolled sand or § Medium dense doep sand 3.0 0 60g 3.5
to ta sble, | Hedium |Hedium]sandy clay filling dopesits or stiff clay- to ta 1o to 100 } FB2
7 5 (Hediim containing building jey seil overlying bed- 3.5 300 7 700 4.0
Tubble Tock
] 0 {Variabg Modivm [Madium|Veriable uncontrolled] Soft topsoi}] layer 3.5 300 1 709 3.5 125 2
to to {le, to to |siicy clay or tlay averlying ltaoss sands to to to to to fLayers
4 3 |Hedlum} IEigh Low | filling containing or stiff ctayey seils 4.5 600 | 800 4.0 150 Jof F62|
to Law building rubble overlying bedrock to F82
] 0 |Very Hedlwe Vory variable, un- Soft topsoil layor 4.5 640 | 800 1.5 150 E
1o to Jvarisbf High to tontrelled Filliny overlying loose sands to to to to to JLayers
10 3 |le, Low fwith posalbly de- or stiff clayey solla 5.5 | 1000 |100D 4.0 200 fof FB2
Modium gredablo matorial overlying badrock
to Low through

filling properties. In particular, the variability
of the constitutents and depth of filling over the
house area, the method of placement and compaction
adopted, the age of the filling prior to slab con-

struction and the amount of gross orpanic matter
present all need to be considered.

To the authors' knowledge only three failures of
these housing slabs on filling have occurred. In
two of these cases, it was not realised that the
sites were filled until superstructure distress was
evident. At the third site, localized very highly
organic filling caused excessive uneven distortion
of the slab. Without indicating the locations,
since legal action is in progress for two of the
houses, these three failures will be discussed.

Case 1 :

At this site an old gully has been filled
with mainly grey silty clay and topsecil to a depth

(T2 e

he middle

415

(a3

of between 1 and 4 metres. The filling is underlaid
by a thin layer of topsoil and silty clay over silt-
stone. The filling was placed in 1973 under limited
control, with possibly some track rolling of 500

to 1000 mm thick layers. In early 1975 the builder,
unaware of the existence of the filling, placed a
very light slab directly on it. Figure 2(a) § (b).
Within months of completing the single-storey,solid
brick house, excessive uneven dishing of the slab
{(Figure 2(c)) occurred and led to extensive damage
of the superstructure, In fact, the slab has sett-
led so far in the middle that it is just below the
surrounding ground surface, This has resulted in
internal flooding of the house following heavy rain.

A poor layout of internal stiffening ribs was used
in this slab. Obviously it would have behzved in a
more uniform and rigid manner if the ribs had been
continuous from edge to edge and distributed more
evenly over .it. A recent set of levels on this

slab indicated very little change in shape over the
last nine months. This appears to indicate. that the
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filling has cecased to settle under both its seif
weight and that of the house welipht.

Case 2 : In the northern and western suburbs of
Melbourne relatively fresh basalt bedrock occurs

at very shallow depths. This has led to numerous
quarries being established throughout these suburbs-~
Some of these were used solely for exploration and
were ¢uite small (up to 5 to 10 metres across).

The second slab failure was in an area where a
series of small exploratory quarries (up to about
six metres deep) were very poerly filled with ™
large basalt pieces and very soft, wet clay
(Figure 3). Again, a builder completely unaware of
the existence of these expleratory pits, placed a
very light slab directly on onc of them. Before
the single-storey,solid brick housc was completed
the slab failed by dishing in the middle by an
estimated 75 mm. Failure in this instance occurred
immediately following a peried of heavy rain. The
house and slab were subsequently demolished.
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Figure 3 Case 2 subsoil details

Further, more extensive subsurface investigation
of these filled pits was only possible using a
large mechanical shovel. The test pits indicate
that the basalt pieces are very variable in size
and up to 900 mm across. The clay between the
basalt pieces is kept wet and soft by the build-up
of ground water in the pits.

Case 3 @ In this case a limited initial site
investigation indicated that between one and two
metres of mainly stiff sandy clay filling exists
over stiff to soft brown clay to at least a depth
of seven metres. It was decided te remove the top
two metres of filling and replace it in well com-
pacted 300 mm thick layers. A modified suspended
slab capable of spanning a soft spot of about two
metres was then placed directly on the filling.
About twelve to eighteen months after the slab was
constructed, it began to settle substantially in
the rear corner of the house (Figure 4). Unfort-
unately, the house sewerage lines were in this
area and their design at the slab/soil interface
was not capable of tolerating the large slab
settlement and so sheared off. The leakage from
these lines then aggravated the settlément problem
by locally softening the filling and increasing
the slab settlement. Recent subsoil investigation
indicated the existence of a pocket of very poor,
highly organic, filling under the corner of the
sinb that sottled (Figure 5). It is the anthors?
gpinion that 1his poor filiing was cronted by the
removal of the stump of 2 large tree and back fill-
ing the resulting hole with the surrounding topseil
and broken tree roots. Sandy clay filling was then
placed over this extremely poor fill.

These three failed slabs form only a negligibly
small percentage of the total number of rigid slabs
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that have been suceessfully placed on filling
throughout Melbourne over the last decade. The cx-
tensive and successful use of about 1500 relatively
light slabs on basically uncontrolled £illing at
Chelsea (a southern suburb of Melbourne) supports
the view that the risk invelved in using this
foundation system on some filled sites is not ex-
cessive. The filling placed at Chelsea is general-
1y an uncontrolled mixture of sands and sandy clays
containing a little building rubble. It has been
placed in a completely uncontrolled manner, then
left for 5 to 7 years to settle under its own
weight before the standard light Council designed
slabs are constructed on it. This standard design
is based on a 1.6 metre diameter soft spot and has
been used for all forms of single and double-storey
housing construction.

sHfF sand
clay filling
m.

o
thick,

highly organic
= fitting

G connmt Lo ol
vawnitgge line
to lhe slab

Figure 5 Case 3 filling details



Two further interesting rigid slab situations at
Essendon and South Melbourne {suburbs of Melbourne),
demonstrate the tremendous potential use and cost
savings that can result from using this foundation
system. At Essendon between 3 and 9 metres of un-
controlled mainly firm to soft, wet brown sandy to
very sandy clay filling containing many large
pieces of conerete, rock and steel (parts of car
bodies), existed over thin layers of sandy topsoil
and hard sandy clay underlaid by decomposed basalt.
Initially an attempt was made to use a pier and
suspended slab to support a large solid-brick,
double-storey house, However, because of the numer-
ous large pieces of concrete, rock and steel
through the filling, it was not possible to dxill
pier holes through the filling using conventional
equipment. It was then decided to place a very
heavy rigid slab (Figure 6) directly on the very
poor filling which had been placed about four years
earlier. The use of the rigid slab foundation sys-
tem saved the builder between $6,000 and $10,000
over the cost of a normally drilled pier and sus-
pended slab system. As already stated, normally
drilled piers were not possible, so if this system
had been used much more expense would have been in-
curred using special pier drilling equipment, so
increasing the rigid siab cost advantage by at
least a few thousand dollars.
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Figure 6 Essendon slab details

At South Melbourne, a light rigid slab (Figure 7)
was placed about two years ago on about 1.5 to 2
metres of stiff sandy clay filling overlying about
5 metres of very soft and wet clayey silt. This is
then underlain by stiff clay and siltstome. A
single-storey, partly solid brick, office was con-
structed on the slab. Absolutely no signs of ex-
cessive uneven slab distertion exist in the super-
structure of the office. However, the occupants
claim the building shakes as trams pass by tihe
front of the building. The excellent performance
of this light rigid slab on a thia layer of fill-
ing over extremely soft natural deposits demonstr-
ates again the load spreading ability and the
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Figure 7 South Melbourne slab details

tremendous potential for the use of slabs at diffi-
cult sites, The more traditional driven piling
foundation soclution would be much more expensive.
However, one must always be aware of the inherent
risk in placing slabs directly on filling.

"3 DESIGN GUIDELINES

Before attempting to design a rigid slab for a part-
jcular filled site it is essential that a competent
soil engineer conduct a comprehensive site investi-
gation, The investigation should include a series of
boreholes carried through the filling and into the
under lying natural soil, The number of boreholes
depends on the type of filling encountered. The more
variable the filling the greater the number of bore-
holes required so that the risk in using a rigid
slab at a particular site can be minimized. The

type of filling encountered in the boreholes must

be carefully logged, particular note being taken of
organic layers which could rot away and leave cavit-
ies. Estimates of strength and settlement character-
isties of the filling should be obtained using
appropriate soil testing techniques and experience.
Because of the likelihood of gross variability in
the filling properties, sophisticated and precise
soil testing is unwarranted. Rather it is better to
carry out many simple insitu or laboratory strength
tests. Compaction testing in highly variable fili-
ing is of little value.

After the site investigation is completed, an esti-
mate of the likely soft spot diameter that will
effectively develop under the siab must be made. In
making this estimation the following must be consid-
ered.
(i} The depth of filling and its variation over
the house area.

(ii) The constituents of the filling. In particul-

ar the existence and amount of gross organic

matter {i.e. timber pieces or large tree
roots) must be considered as far as the
possibility of it rotting away and preducing
sizeable cavities.

(iii) The stremgth, general degree of compaction

and age of the filling is important in deter-

mining whether the filling is in fact still
settling under its own weight.

(iv) The underlying natural soil profile. The

likelihood of future uneven settlement of the

natural soil under the filling self weight
must be considered.

(v) The type of superstructure to be supported by
the slab. Of particular importance is the
amount of movement the walling will tolerate
without distress and the evenmess and level

v ,of loading applied to the slab.

(vi) The house size must alsoc be considered,since

the repair and likely associated legal costs

resulting from excessive slab distortion will
inecrease dramatically as the house cost in-
creases,

(vii) The level of risk of excessive and uneven

slab distortion and associated superstructure

distress that the home owner is prepared to
accept.

There is no question that the estimate of the soft
spot diameter must be based on experience, however,
the positioning of the soft spot under the slab
controls the amount of steel reinforcing required



in it. The two critical positions of the soft spot
are given in Figure 8 (a) & (b). Generaily the

corner soft spot gives the greatest amount of steel.

The steel must be equal top and bottom in the beams

~
Lirernal  Sof1 Spot 1 L7 S Corner Sehl Spet |

(a) (®)

Figure 8 Soft spot positioning

and based on the worst soft spot location under the
slab. At poorly filled sites where large soft spot
diameters must be assumed, the use of crushed rock
under the slab is generally advisable. This rock
should tend to reduce the size of soft spots or
areas of localised settlement by flowing laterally.
The slab panel between the beam grids must be de-
signed so that it can span the design soft spot,
which means the steel must be generally placed in
the middle or near the bottom of the slab. For
poorly filled sites, or where heave of clayey fill-
ing is likely, layers of steel in both the top and
bottom of the slab panmel must be used.

In light of the difficulty in accurately predicting
the soft spot diameter and the resulting uncertain-
ty thus inherent in the total design concept, the
use of simple concrete design theory is suggested.
The very conservative assumption that all house
loading is taken by one beam over amy particular
design soft spot under the slab greatly simplifies
the design calculations,

Since the design concept for slabs on filling is
far from precise, house superstructure must be well
articulated by floor to ceiling openings or fre-
quent vertical expansion joints in unbroken lengths
of brickwork. Extensive articulation is particular-
ly important if solid brick house construction is
to be placed on the slab and/or if brittle forms

of brick and brickwork are to be used,

At poorly filled sites, the large uniform settle-
ment of rigid housing slabs may lead to edge ser-
vice piping failures., These failures could result
in a sustained waste water leakage leading to the
development of extremely large soft spot diameters,
This potential problem can only be overcome by
careful detailing of the sewerage lines, so that
they can accommodate the likely level of rigid slab
movement relative to the surroundings. Obviously
this movement cannot be estimated with any degree
of accuracy, but the two general sewerage line de-
tails outlined in Figure 9 should suffice in most
situations.
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Figure 9 Suggested flexible plumbing joints
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Based on experimental rigid housing slab behaviour
and experience gained from a survey of the details
and performance of a reasonably large number of
existing housing using rigid slabs, a series of
very tentative generalised designs for use on var-
ious types of £illing have been ocutlined in Figure
10. A thorough site investigation is essential be-
fore even contemplating the use of a rigid slab.
The generalised designs outlined in this Figure will
not eliminate the need for this imvestigation or
the use of an experienced engineer to design an
appropriate rigid slab.
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Figure 10 Generalised rigid slab details

4 EXPERIMENTAL RIGID SLABS

in an attempt to better understand the behaviour

and design of rigid slabs on filling a series of
seven actual housing slabs have been placed at a
range of filled sites. The settlement of these

slabs relative to deep bench marks is being monitor-
ed. The sites and slabs have been extensively
investigated and designed according to the proced-
ure putlined. General details of each slab design
and the relevant site details are given in Table II.

At the Endeavour Hill site between 3 and 7 metres
of track rolled sandy clay filling was placed about
four years ago., The settlement of the rigid slab
(placed in June 1978} has been relatively small
(Figure 11); however, it is greatest where the fill-
ing is deepest. The movement also indicates that the
filling had practically completely settled prior to
placement of the slab. The major conclusion one
could draw from this behaviour is that the siab was
overdesigned, cven theugh between 3 and 7 metres of
only track rolled sandy clay filling existed under
it,

The behaviour of the Chelsea slab in an old filled
swamp area, where about 1500 houses have been con-
structed over the last decade using basically the
same rigid slab design, is particularly interesting.
The movement of the slab (Figure 12) indicates that
a soft spot developed initially under the rear cor-
ner of the house. This caused a localised settlement
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DETAILS OF EXPERIMENTAL RIGID SLABS
SITE SLAB FILLING UNDERLYING | S5.S SLAB DETAIL CgIISNTG
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which was gradually redistributed by the stiffening
beams to the rear portion of the slab. Since June,
1979, the settlement of the slab has practically
ceased. The soft spot development appears to be duc
to the combination of a relatively morc clayey nat-
ural underlying deposit and the close proximity of
the cdge of the general filling. Tthe unfilled swamp
is only about five metres from the rear of the
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Figure 11 [Endeavour Hills slab settlement
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The Warragul site was used for sanitary tand fill,
so it represents the worst type of bicdegradible
filling likely to be encountered. The building is a
single~storey, solid brick football pavilion. The
settioment of the siab after nine months indicates
that the slab has tilted towards the rear. (Figure
13} . The greater settlement at the rear has result-
ed from the weight of the clay filling used to level
the site. This clay filling was deeper under the
rear of the slab. Obviously in light of the extreme-
ly peor type of filling, it is too early to draw
conclusions as to the adequacy of the design used at
this site. However, it has performed to date in a
very rigid manner.
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Figure 1Z Chelsea slab settlement
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Figure 13 Warragul slab settlement

They type of filling placed at Wonga Park, in con-
trast to Warragul, represents possibly the best

type of filling likely to be encountered, The fill-
ing consisted of basically clayey siltstone, care-
fully placed in thin layers with each layer being
well compacted using a vibratory roller. No compact-
ion testing was done, but the type of filling and
its placement and compaction was visually monitored.
The number of passes of the roller for each layer
was set at a minimum of five. The filling depth
varied from 0 to 3 metres, and, because of the fall
over the house area, the top twe corners of the

slab required site cutting and are, in fact, sitt-
ing on the shallow underlying siltstone. The slab
was placed about three months after the filling was
completed and has not basically moved in the six
months since. In light of the type of filling and
the way it was placed, this behaviour is unlikely

to change in the future, The slab obviously is over-
designed and a lighter design using a two metre dia-
meter soft spot would have been more than adequate.
However, the slab is supporting a large expensive
house so the extra risk in using this lighter cheap-
er slab may mot have been accepable to the owners.
The excellent performance of this slab clearly de-
monstrates the ability of a rigid slab foundation
system to perform with practically ne risk, and at

a much cheaper -cost than the traditional pier and
suspended slab system, at cut-fill sites where welil
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controlled and suitably compacted cheap filling is
available.

At the other two sites insufficient moaitoring has
been carried out to present any meaningful results.
Monitoring of these slabs will continue until no
further significant settlements occur, or until the
end of 1982.

5 CONCLUSTONS

Based on the highly successful performance of thou-
sands of rigid slabs on filling throughout Melbour-
ne and the monitored behaviour of seven experiment-
al housing slabs on a wide range of filled sites, a
design procedure for rigid housing slabs on Filling
has been outlined. The procedure basically revolves
around the determination of an effective soft spot
diameter, which is then considered to occur any-
where under the slab, and allows the slab to be
dimensioned using simple concrete theory. The crit-
ical soft spot diameter estimation requires a
thorough site investigation by a competent soil
engineer. In estimating the soft spot diameter at a
particular site the following must be considered.

(i} The type, condition, depth and age of filling
over the slab area.

(ii) The underiying natural soil deposits.

{iii) The size and type of superstructure of the
house supported by the slab.

The design procedure suggested is not applicable to
excessively large soft spot development due to min-
ing subsidence and limestone sinkhole formation.The
monitored behaviour of a series of rigid slabs at a
wide range of filled sites is presented and shown
to support the general design procedure outlined.

In closing, the complete lack of references ac =
companing this paper is significant. A very inten-
sive search of the literature using manual and
computer abstracting systems failed to produce one
paper where the author was prepared to offer a de-
sign approach for rigid slabs on filling. Obviously
this situation results partly from the fear of the
legal consequences of failures and the past lack of
use of this feundation system.
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Settlement of Power Statlon Structures In the
Latrobe Yalley, Victorla

D. RAISBECK

Geotechnical Engineer, Siate Electricity Commission of Victorla, Austraiia

SUMMARY: A review is made of predicted and observed settlement at four power statlons in the Latrobe
Valley. The metheds of settlement amnalysis are compared with those used to predict settlement at the new
Loy Yang Power Station. Ground instrumentation Installed to monitor both reglonal subsidence and net

settlement of structures at Loy Yang is described.

It is concluded that one-dimensional analysis is the

most rational method of analysis for large structures underlain by a multi-layered soil profile.

1 INTRODUCTION

The Latrobe Valley contains one of the world's
largest deposits of brown coal and Forms the basis
for power generation in the State of Victoria.
There are at present four major power stations with
a total generating capacity of some 3000 MW which
is to be augmented in the 1980s by the Loy Yang
Power Statiom of 4000 MW capacity.

The brown coal deposits occur in three major seams
and have been recovered by open cut metheds since
the early 1920s. The location of the open cuts

and their associated power stations is shown en
Figure 1. The general stratigraphy and structural
geology of the Latvobe Valley has been deseribed by
Glow (1976},

The deve lopsient of the Morwell Upen Cut in the
19605 made it necessary to depressurise aquifers
within and below the Morwell coal seams. This

prevented hydrostatic pressures causing heave in

the floor of the open cut. The dewatering of the
extenglve M1 and M2 aquifers has resulted In the
reglonal subsidence shown on Figure 1. The effects
of ground movements resulting from open cut
development are discussed by Hutchings et al (1977).

In reviewing the settlement of large power station
structures in the Latrobe Valley, previous methods
of analysis will be compared with that adopted for
Loy Yang A Power Station.

2 EFFECTS OF SETTLEMENT O¥ STRUCTURES

It is generally accepted by the Commission that
differential settlements of [.0 te 0.3% between
structural columns can be absorbed wlthout concern.
There Is greater concern for the effects of
sectioment on plant and machlnery.  Some notable
exceptions are the central 1ift towers and the
cooling towers. The 1ift towers are usually the
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TABLE I

Summary of Observed and Predicted Settlements for Power Station Structures

Power Stations & Date Eoundation |Sustained| Predicted | Observed | Regional {Max. Tilt. | Remarks on settlement
Struciure foundation |dimensions Met.Press| Net. Settlal] Net. Setlef | Settlement } & direction| analysls & soil conditions
completed {moires) {kPa} {enm) {mm) {mm) %)

YALLOURN (D) 470 MW Elastic analysis based on

. . plate load tests. £=275MPa
~Bpiler foundations 1954 55 %1% ig8 620 25-30 38 0.055€ Turbine founds. all an GO.
—Boiler columns " 73x4.3 188 5-20 1228 " " Remainder 1on CO, Zon
~Turbine foundations " 26%6 140 §-10 15 N i CLSA, Bas rock ai 500m?
~Tatal Found. Area " 100 % 0¥ 35% 20 33 max. w " GWL. at 9 (perched). See

Saction ®
* ¥#

YALLOURN WEST 1+ eedometer method using
STAGE 1 700MW . average my and A =0.3,
T ; _ £ % . Elastic ignered.

Bofler foundations 7/66-2/69 30 x 30 160 25-45 20 36 0.028 GLEl & CLSA with up to 3m
-Boiler columns 7/68-2/69 Bx8 170-255| 20-40 0 36 " of compacted fifl on E-slde
~Bunkerbay columns 2/68-6/69 7xB 200-240| 30-40 10 36 " of botler founds. Base rock
—Turbine foundations 2/6B-6/68 44 =14 122 18-19 0-10 30 D 0145 at 5-25m, GWL at Bm.
=Turbine columns 9/68-6/69 5x4d 70-1i5 20 0-15 30 0.0128 CT2 analysks based on plate
~Total Found. Area 1970 120 x105% ] 2% 56 20 36 0.0155 | load tests. E=125MPa
~Chimney No. 1 3/70 304 (1680} 100, 25 11 50 0.028 |[BT!: Rock at 3-10m.GWL.
~Cooling Tower 1 3/70  |90@x2.5w | 125 10 14 18 0.015E ?:tl..isﬁméo(é:iﬁ on ;% Lon
~Cooling Tower 2 4171 90 & x ?.SW 125 10 34 35 0,085 SSW WL* 13_20;".% . R
Stage 2 750MW 1-D oodomater method using
—Boiler foundations 6/78-6/77 | s0g¥* 150% | 120 60+ 20 0.018E | My varying with appliad
~Boiler columns 1976-77 Bx5 220 120 80+ 20 " press. a"dl"‘;d-i-"zsaf‘;;“ .
—Bunkerbay columns | 4/76-12/76) 33x 12 260 130 70+ 16 " S e & B 2150
~Turbine foundations | 4/76-3/77 | 42#14 131 81-95 28 + 12 " MPa bolow. 5- 10m of comp-
—Elect. Annexe cols. 3/77 8x8 200 125 25+ 16 . acted tilk } on site underlain
~Total Found. Area 1976-79 130 = 110% 77% 130 70 + 110(p} 2¢ | 0.01SE | by CO remainder CL3I &
—Chiraney No. 2 6/77 30 ¢ (16Bh) 130 85 21+ 22 0,0078E | CLSA.Baserock at 60-120m.
~Gooling Tawer 3 8/76 | 103gx3w | 100 1% 23+ a0 0.007 SE %Lsrg Sm (pég&dl-

180 BT + 150{p)55 | 0.0048§ asaroc mm
Raw Coal Bunker (RCB)|  11/75 120 x 45 8 120 {p) Seo Section (@
MORWELL, {240 MW)
& BRIQUETTE WORKS % 3 *
—Bagiler foundations 6/55 100x= 92 115 N A 15 490 0.03 W .
—~Turbine foundations 9/57 6%15.2 120 . g9 480 0.04W ﬁe;mz;; design Pf?dicicllonis
~Turbine columns 8/57 3x5 115 " 6 480 0.055 W R:C:B'a:::{uﬂz:l;afc:?n ations,
—~Ghimneys x4 9/57 20 ¢ {94h) 15 “ 3 430 0.11N Interbadded SAGL & GLSA
Briquelte Factories 1957 - 58 113=30 122-134 " 6 480 0.01 W Baserock 300+m.GWL 12-
Raw Coal Bunker 1957 -58 70%23 128 " 15 500 0.05W 15m (perched). Ses Section @
HAZELWOOD 1600 MW: ¥ % X
~Bgiler foundations 1962 -68 30x 14 188 i2 15 380-400 0.02N
—Boiler columns " T=7 260 18 15 " " t- oedometer method using
~Bunkerbay columns " 3x3 260 5 15 " " average my. Elastic ignored.
~Turbine foundations " 28x10 160 0 18 " " g“e'b"dz"d %&f‘:‘ &GS\‘?L(.:L.
~Total Found. Area 1961-68 | B3x 91(x4) 83 18 25 " " 13;‘9":ng§; 8. 8l Nl a
~Site Cut & Fill 10s0-60 [760x3s0 |G (34 S120% | 28 | 0.038%%| East side. Fill on West side,
—Chimneys {*8) 1963-68 |22¢ (137h) | 140 0 0 a00-410 | opan | See Section @
Raw Coal Bunker 4/62-8/64 |(116%10)x4 [ 160 160 140 425 0.09
LOY YANG * * *
*A’ Station 2000 MW
T . . # # | 75- .10

Bofier foundations 1979-82m | 4Bx48 153% | 75-108 NA 85(p) 0-10N(p} I- 0 oedometer methed using
—Boiler columns " 10.5x10.5 | 163 80 " " " CR; for unload-reload & GRz
~Turbine foundations " 42x20 85 70 " " " for net loading. Elastic
~Turbine columns " 4x6 50 25-35 " ' " ignored. Post construction
~Total Found. Area 1979-83 | 140<150(:2)  70% | 105 " " " assummed L of cedometer,
~Bailer Excavation 1978 50 %120 <) —20 27 “ “ SACL underlain by inter-
—~Chimneys {*2) 1979-80 | 40@(280h) | 185 50 NA 100{p) " bedded $ISA & GLS!
~Chimnay Excavalion 1979 504 200 | —40 ~48 " " gi}ﬁf‘oc!’: at 130~ 220m
~Gonling Towars (»4) [ 1970-B3 103gx3.2w W00 {?H-U0 MA 85 (p) " See S%‘cll%ﬁ@

Raw Coal Bunker 1479-80 166 x 68 180 140 ' 430 (p) 0,20N (p)
—~Bunker Excavalion 1978 166x 68 60 —20 —18 " "

NOTES: ¥ Indicates foundation dimensions and net pressures are based upon averages.

#¥ Measurements started 12 months alter construction complete.

Soll Type; 8A-sand Sl~silt CL-¢lay CO~coal le. SISA-silty sand.
NA=Not avaliable {p) predicted w-width h-height ¢-diameter
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first structures erected in the centre of the power
station block, usually between the hoilers and
adjacent to the bunker bay. Once erected these

100 m high concrete structures are subjected to tilt
caused by subsequent construction. This produces
connection problems with steelwork and fleors at
higher levels.

The thin shell hyperbolic cooling towers are
constructed on a countinuous strip footing at low
bearing pressures to minimise differential settle-
ments. To date, the maximum observed planar tilt
has been 0.0B5% under Cooling Tower 2 at Yailourn
West. It is noted that Ciesielski et al (1977) has
reported values of planar tilt in the ovder of 0.10%
and differential settlements between adjacent
columns around the perimeter footing of 0.17%.

The major items of plant which are affected by
settlements inciude the turbine house crane rail,
the bunker bay shuttle rail, the boliler off-take
ducts and turbo-generators. Provided that post-
construction adjustments can be made to the supports
for these items, the effects of settlement can be
accommodated.

3 SETTLEMENT OF EXISTING STRUCTURES

The earliest power station for which survey records
on settlements are available is located at Yallourn.
The later '"D" and "E" sections of this station were
constructed after §954. Morwell Power Station and
Briquette Works were completed between 1955 and
1958, while Hazelwood and Yalleourn Wesi were con-
structed between 1962-68 and 1968-80 respectively.
4 summary of the observed settlements at these
stations is presented in Table I. The stratigraphy
beneath these stations is indicated on the cross-
sections, Figure 2.

3.1 Yaliourn D

Observed - settlements at Yallourn D Power Statiom
are approximately 50% higher than predicted. The
difference may be attributed to the method of
analysis which used the elastic modulus from plate
load tests to determine an assumed elastic settle-

ment. ‘The method did mot take into account the

size of the loaded area or the time-dependent nature
of settlement on coal. However, settiements have
been relatively small and no structural distress has
cceurred.

3.2 Morwell

The Morwell Power Station and Briquette Works were
destgned in Germany in the early 1930s and no
sertlement estimates are available. The foundations
are monolithic rafts on a site which had significant
excavation prior to construction. Net settlements
are small while regicnal settlements ave the largest
experienced in the Latrebe Valley. These settle-
ments have not caused distress im the gtructures.

3.3 Hazelwood

Settlement predictions at Hazelwood were made using
an average coefficient of compressibility m  from
laboratory cedometer tests and a large scale load
test described by Green (1972). An allowance was
made for site cut and fill in the choice of m
values. No elastic settlement was considered.

3.4 Yallourn West

Stage 1 of Yallourn West Power Station was completed
in 1971. Observations indicate that settlement of
the structures is substantially complete with
additional settlement due only to regional effects
and construction of the Stage 2 structura., As shown
in Figure 2, the base rock is much shallower under
the Stage 1 structure and settlements are corres—
pondingly lower than Stage 2 which is nearing
completion. The method of analysis used in settle-
ment prediction for Stage 1 adopted a one-
dimensional (1-D) approach using average m_ values
directly from laboratory c¢onsolidation curves. &
correction factor u = 0.3 was then applied to the
oedometer settlement pgag thus calculated to obtain
the estimated total settlement @ ie P = UPged:
This faetor had its origin in the experience gained
from settlement of structures at Hazelwood and was
thought at the time to be related to Skempton and
Bjerrum's correction factor u quoted im Burland et
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al (1977). No additional allowance was made for
immediate elastic (lateral yield) settlement.
Comparison of the predicted and measured settiement
in Table I indicates a reasonable agreement in the
Stage 1 power statlon block itself. The Stage 2
analysis used a variable m from laboratory curves
and added an elastic component pj after applying a
factor u = 0.3 to the oedometer settlement Py = Pi
+ Upged- The rate of settlement of Stage 2 founda-
tions is being observed at present. Elastic settle-
ment is predicted to be approximately 70% of total
net settlement. By mid 1979 approximately 75% of
the load had been applied resulting in some 50% of
the predicted settlement occurring.

[ LOY YANG POWER STATION

The Loy Yang Power Station site lies across an
anti-clinal dome structure on the southern flank of
the proposed open cut. Two 2000 MW stations, A and
B, are presently under construction on adjacent
sites. The subsurface profile is showa in

Section 5, Figure 3.

4.1 Soil Properties

At A Station a total of 28 distinct soil layers
were ldentified in the upper 130 m of the soil
profile. Study of the laboratory consolidation
characteristics of these soils, shown idealised in
Figure 4, indicates that the coefficient of
compressibility m, should not be used directly from
the curve, Significant sample disturbance is shown
to occur in the working range of P, to P, where the
immediate strain component Aej reaches its peak.
This made it necessary to reconstruct the undistur—
bed conseplidation curve by adopting a compression
ratio CR; based on the rebound curve CRY or CRY
over a similar pressure ordinate range. A similar
recycle from Py gave a compression ratio CR; which
was adopted for calculation of heave or reload.

The wirgin curve and preconsolidation pressure were
determined by the Schmertmann method and the slope
identified by the compression ratio CRy. In
general, the value of CRy, wnd fourd Lo he about 10%
of CR3 and four times CR;.

As the soil profile in Figure 5 shows, the apparent
preconsolidation pressure decreases through the
upper Quarternary materials due to desiccation of
the upper clays. In the Tertiary materials there
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is an increase in the over-consolidation ratio
which becomes more distinct in the coal seams.

This additional apparent preconsolidation is the
result of high secondary consolidation in the
organic coal. This manifests itself in a high
undrained strength compared with clays at a similar
depth. HNear the base of the Tertlary materials
there is a formation known as the Thorpdale
Volcanies consisting mainly of a completely
weathered tuff. The deeper samples taken in this
material showed a tendency to collapse at lower
preconsolidation pressures. A rapld rise in
preconsclidation results once the Mesozolc hasement
is encountered.

In the applied stress range these over—-consolidated
soils show little evidence of n Terzaghi type
primary consolidatlon time curve. A typical curve
tends to exhibit am inicial lmmediate straln and
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Heavy Structures Founded In Asollan Solis

S. R. RONAN
Supervising Designing Englneer, Engineering and Watar Supply Depariment, South Australla

SUMMARY Case histories relating to the foundations for three R.C. tanks are presented. Details of the
site investigations are given. The design criteria, construction methods and the performance of the
treated soil foundations are recorded.

1 INTRODUCTION 2 RELEVANT GEOLOGY OF THE REGION

The treatment of the foundaticns for Gtanks at The aeolian soils of the Murray Basin of South
Waikerie, Weolpunda and Loveday provide the basis Australia, are derived from sedimentary marine
for these case histories, The tanks are all close deposits 1laid down, during the Tertiary periad.
to the River Murray in South Australia and are During this period limestones were formed, visible
founded oh "fossil" sand dunes. The locations of in river cliff formations downstream of Morgan.

the tanks are shown in Fig. 1.
Next an impervious layer of marl was laid down

In the past the practice has been either to found followed by the bright yellow Loxton Sand,

at the surface or to use reinforced conecrete plles typieally 16 m thick. These unconsolidated sands

to carry the structural loads through the aeolian were laid down in estuarine conditions.

soils. The [former solution was not always

successaful, and the latfer, altheugh sound, was More sands overlie the Loxton Sand. These occur

not necessarily the most economical. as wsandstones, sandy limestones and calcareous
sands and were deposited in an estuary which more

In order to understand the behaviour of these or less follows the present course of the Lower

soils, a study was made of the local geology and Murray. They are visible in cliff exposures at

aeolian landforms. Waikerie and are found as partly consgolidated

sands in the river cliffs upstream of Loveday.

€00, 0" 00" o
Chowilla}
%
Lake Renmnrka
*Woolpunda Borney
3015 g
» Barmera
. Loveday .
e
@ Loxton
Jroe
—— LEGEND e i

Aeolian sands except in Murray Valley where they are Recent ailuvial deposits.
Sheet calcrele except at Chowilla where it is Blanchetown Clay.

Tertiary deposits. Limestone and sandstone cliff formations between Swan Reach
and Woolpunda; sands between Loxton and Chowilla,

Pigure 1 - Location plan and broad geology
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Later, in the Quaternary, clays and limestones
were formed as lake deposits, The ercded surface
of these depozits Is overlain by dune sands and
pebble conglomerates derived from them ard older
rocks, This is the present-day blanket of loess
and associated calcrete which forms the
foundations for the Departmental tanks.

3 DESTIGN TASK
3.1 The Structures
The dimensions of the 1.25 ML elevated tank at

Waikerie and Woolpunda and of the surge tank at
Loveday are shown in Fig, 2.

WAIKERIE AND WOOLPUNDA TANKS

3Fm

LOVEDAY SURGE TANK

' 20 _dia.
']‘— |_,._§ML‘ . 1
&
'_ttﬁ“m e
e

Flgure 2 - Tank dimensions
3.2 501l Loading

The load diagram for the Walkerie and Woclpunda
Elevated Tanks is shown 1in Pig. 3.

—

;
H
1
TANK  EMPTY gy yp,

=

208kPs
CTANK  FULL | igapkpe
WD - - /2TOKPE

Figure 3 « Load diagram
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3.3 The Foundation

It was reslised that, should the foundaticn for

any of the three atruotures become partly or
completely wet then collapae af the
open-structured soil would be inevitable. The

foundation treatments considered were to:

Prevent the soll from becoming wet,

Excavate and recompact with fill for a selected
depth,

Use conerete or steel piles,

Form sand or gravel piles,

Densify the soils by Vibroflotation,

Construct stone columns by Vibro-compaction,
Pre-lecad the saite.

4 WAIKERIE ELEVATED TANK
k.1 Site Investigation

Typical soil profile and test results are given in
Fig, 4.
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Figure 4 - Soll profile and test results

4.3 Design

Settlement predictions, based initlally on the
static cone soundings, gave U6 mm total
settlement. The soundings showed the ground to be
uniform. Henee, with the rigid tank base and
small wind loading component, the differential
settlement was expected to be small, Initially
the natural soil foundation was therefore
conaldered acceptable.

The inspection of the 1.5 m deep excavation for
the foundation revealed ameolian deposits. A pit,
then a shaft, were dug to obtain scoil densities
and determine the degree of cementation of the
sand. This revealed how loose and also how weakly
cemented the sand foundation was.

Plans to provide an adequate foundation by
preventing the soil from wetting-up were therefore
scrapped as the seil in 1its dry atate was
consldered insufficiently cemented to prevent
excesslve settlement under the tank load.

Further deeper exploration was then done, the
Standard Penetration Test belng used to define the
gands density. Low densities were found to 12 m
with a small increase at 6.4 m, A rocky layer was
found at 13.4 m.



Cost estimates for excavatlon and recompaction,
ecast-in-situ piles and sand piling came out in
favour of sand piling and a design, based on this
method, was prepared,

The design aim was to produce a mass of compacted
sand, 15 m in diameter and 5 m thick beneath the
footing. A triangular grid of piles, spacing
1.7 m, was used., The Contractor was required to
displace 650 kg of sand per metre of pile into the
ground, This "method" specification, was used as
an alternative to requiring the Contractor to work
to a performance specification.

The specification called for the first five piles
to form a trial to ascertaln whether the pile
spacing or the amount of sand to be displaced
should be altered.

The predicted settlement for the sand piled
foundation was 50 mm., It was expected that this
would be derived largely from the soil below 6.4 m.

4.4 Construction of Foundation

The sand piles were placed from a 380 mm tube
which was driven percussively with a 3 tonne
hammer ¢to 6.4 m. The Contractor elected to
backfill the excavation and form the piles from
1 m above foundation level, thereby ensuring the
piles immediately below foundation level would be
heavily compacted. The sand was hammered out of
the tube as it was withdrawn, the Contractor belng
required to pull the tube in 250 mm increments.
The first five piles, which formed the trial,
indicated that the pile spacing and the amount of
sand displaced were adequate to achieve the
required sand density.

During the work a general tightening up of the
sand oceurred ahead of the piles being formed,
particularly below a depth of 5.5 m. Piles became
increasely hard o drive. Because of this the
driving depth, for all except the perimeter piles,
was reduced to 5.5 m.

The treated ground was extremely tight. Standard
Penetration Test values in it ranged from 32 at
1,8 m to 100 at 6.5 m.

i.5 Performance of Structure
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Figure 5 - Settlement data for Wallkerie Tank

1-41

Settlement data for each loadlng stage i3 given in
Figure 5. The measurement points are at the
quarter points on the perimeter of the base and
number consecubively around it.

These measured settlements imply a mean settlement
of 5 mm with an overall tilt of 10 mm.

5 WOOLPUNDA TARK
5.1 3ite Investigation

Typicai =oll profiie and test results are given in
Figure 6. .
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Figure 6 - Seoll profile and test results

The aoil investigation, confirmed the site as the
orest of an aeolian dune. The sanda were loose
and weakly cemented. Sand densities atarted to
improve at 7.5 m and a hard layer was hit at
9.5 . Sand sizes to 6.5 m depth were typically
35% medium (200 to 600 microns) 50% fine (60 te
200 microns) and 15%¢ less than 60 microns (with 8%
less than 2 microns).

5.2 Design

Cost estimates based on foundations of conecrete or
steel piles, excavate and recompact and sand
piling again came out in favour of sand piling. A
treated volume of 15 m dia. by 4.7 m thick beneath
the footing was selected,

An alternative tender based on vibro-compacted
gtone coliumna' was submitted by one tenderer,
This was cheaper than the lowest sand-piling
tender. The "atone c¢olumns" were to extend from
the surface to a depth of 6.5 m. Pile spacing
varied between 2.35 m close to the centre of the
foundation to 1.35 m at & m frem the centre. The
spacing then opened¢ out until it became 2.08 m,
6 m from the centre.



The ™ atone column" design called for the removal
of the top metre of the prepared foundation and
its replacement with mat of compacted orushed
rock. Thils was to ensure the adequate tranafer of
load into the "stone columns® and also teo remove
the leas compact stone from the top of the columns.

It was assessed that the total settlement for the
tank founded on the columns would not exceed 75 mm
with a maximum differential settlement of 20 mm.

5.3 Conatructlion of Foundation

The stone columns were selected both because they
were cheaper and bacause the contractor had doubta
whether sand piling would be eompletely succeasful
in soil contalning 15% less than 60 mierons (silt
size) and 8% less than 2 microns (clay szize). It
was accepted that total settlement would be
greater with stone columns as the process does
little to densify the natural s0il between the
piles. Pipework was therefore designed to allow
for the settlement.

The stone columns were formed by the
"Yibro-compaction" process, a 300 mm dla. x 5 m
long vibro-flot being used to penetrate 6.5 m
below ground surface. The vibro-flot was equipped
with a 35 &kVA electric motor and used up te T 000
Litres of water to form each column - which wvaried
in diameter between 600 and 1 100 mm. An average
of & cubic metres of B0 mm crushed rock was used
to backfill each "vibro«fiot crater!. Density was
confirmed by ensuring the vibro~flot's electric
motor peaked at T5 amperes, there being an
eatablished correlation between the amperage and
the density of the c¢rushed rock forming the
columns.

5.4 Performance of Structure

Settlement data for each loading stage is given in
Figure 7.
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Figure 7 - Settlement data for Woolpunda Tank
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6 LOVEDAY TARK
6.1 Site Investigation

Typical so0il profile and test results are given in
Figure 8,

The site investigation revealed very weak solla
between depths of 3 and 7 m. The sands were
caleareous and below 4 m and became increasingly
clayey. Thiz formation 13 compatlible with certaln
aeclian landforms. A water table was intersected
at 3 m, this being perched on the clay layer found
at 5.5 m,

6.2 Design

A rough calculation of the settlement of the
proposed tank, 1f founded on the natural seoil,
gave a figure of 250 mm under the uniformly
distributed "tank-full® loading of 160 kPa. This
was not acceptable, it being necessary to limit

the asettlement to 75 mm total and 25 mm
differential.
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Figure § - Soil profile and test results

The varicus ground-treatment optlons were analysed
and costed. Gravel piles consiructed by the
sand-piling oprocess were initially shown to
provide the most economical solution,

On receipt of tender=z it was found that the number
of gravel piles required had had to be doubled;
also although the contractor  expected the
settlement criteria to be met he could not
guarantes the differential settlement would be
within the tolerance specifiled. Alternative
foundation treatmentn were reoonsidered, A
nausewAy wWas to bo aonatructed close to the tank
nite. It waa found that a pre-load solution oould
he mads economlcal by temporarily diverting the
material destined for a causeway to the tank
site. The pre-leoading option was tharefors
selected.

To ensure total wetting of the foundation soils
prior %o pre-loading, the tank foundation was
required to be flooded.



The shape of the rockfill pre-load is shown in ’
are the elevations and .

Fig. . 9. Also  shown.
locations of the settlement measuring points.
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Figure 9 - Loveday pre-load and settlement points
6.3 Construction of Foundation

Construckion started with the flooding of the
shallow excavation. This lasted 14 days.

Sand drains were installed on a 5 m grid to
accelerate the consolidation of ¢the foundation
soil under the pre-load, The ccomplete saturation
of the soil profile was confirmed during the
drilling for the sand drains.

Settlement measuring points were established for
three purposes.

1. "To check when settlement under pre-load wWas
effectively complete.

2. To measure ground movements at selected
levels in the natural ground below the
pre-load.

3. To monitor fill placement. This waa done

because a low safety factor had been used
for the pre-load slope design and a fallure
of the pre-lead foundation had to be guarded
against.

Pre-load was placed within 3 weeks and remained
for a further 6 weeks. No sign of any slope
failure waa cbserved despite using the 1 on 1 rock
fi11 alope above the weak soils.

The surface settlements for polnts under the
ecentre and the perimeter of the propesed tank are
shown in Fig. 10, plotted against time and height
of the preload. Ground mwmovements below Lthe
syrface are also shown.
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Figure 10 - Settlement data for Loveday preload
ki COSTS

The table below compares the actual costs of the

treatwents used wlth those for an equivalent
reinforced concrete pile foundation (figures in
brackets}.
Treated Cost &1
Tank Date | Area - m Actual 1979 Basis
Waikerie 1973 177 10 000 28 000
(17 000) § (4T 600)
Woolpunda| 1975 177 12 000 20 300
(14 000} | (23 800)
Loveday 1979 314 15 000 15 Q00
(48 000) (48 000}

It is noted that the very favourable cost of the
pre-loading is probably unique to this job. This
{8 Dbecause the intenaity of loading did not
require a high fill to be placed; also because the
filling was so readily available costs were
reduced,

8 CONCLUSTONS

The flexible approach, which considered a wide
range of engineering techniques, enabled a low
coat foundation to be selected.

Technically, the foundation treatments achieved
their purpose, The total settlement at Woolpunda
was more than forecast but would in part have been
derived from settlement of the untreated ground
pelow the piles. Deepening of the treatment could
therefore have reduced the settlement, The
Loveday tank has still to be construeted but 1ts
settlement is not expected to exceed 10 mnm.

The interpretation of the geclogy of the sites was
valuable when evaluating the tank asites. The
probable density of the soils, the degree of



cementation of the so0il and the value of =&
potential =o0il {or rock} "basement" stratum could
all be inferred. It was also a useful ald when
planning the site investigations.

The Dutch deep sounder was not used in the
Woolpunda and Loveday investigatlons. It was
coneluded from the Waikerie investigation that it
was unreliable a3z a means of estimabting
settlements in these dry cemented soils. The
Standard Penetration Teat, although limited as a
deslgn tool, was a more reliable sounding device.
The shaft at Walkerie provided valuable density
information but was relatively expensive, In
future work 75 mm dia, thin-walled push-tubes will
probably be used to obtain an indication of soil
density and degree of cementation.
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SUMMARY

This paper describes a vibroflotation field trial conducted in lcose, calocareocus sands.

The results of the

trial indicated that little ground improvement ocecurred in material which was expected to show substantial

density increase following treatment.
technique are discussed.
operational data are also presented.

Probable reasons for the ineffectiveness of the vibroflotation
The effect of .the ground vibrations induced on nearby structures and detailed
The work reported is an example of a trial, conducted during the

planning phase of a gtructure, intended to assess the feasibility and possible advantages of one form of
ground treatment compared with other foundatieon systems.

1. INTRODUCTEION

In late 1976 field trials were carried cut at the
site of proposed major additions to Fremantle
Hospital in Western Australia to evaluate the
effectiveness of vibroflotation for compacting
loose, calcarsous sands.

This paper describes the work undertaken and pres-—
ents the results obtained and conclusions drawn
from the study.

The 0.54 hectare site of the proposed additions to
Fremantle Hospital is located in an area bounded by
South Terrace, Alma Street and existing hospital
facilities and is shown on Figure L. The additions
will comprise four adjoining structures, three
eleven-storey buildings together with a five-storey

building. The layout of these buildings is also
shown on Figure 1.

The three high-level buildings will be constructed
using post-tensioned primary beams and reinforced
concrete columns and walls. The five-storey build-
ing will bhe constructed using reinforced concrete

fiat plate slabs supported on reinforced concrete
columns.

Underside of basement floor level is RL-0.07 AHD
{Australian Height Datum). This is approximately
soaven metres below the level of South Terrace with
the lower two storeys of each building forming a
double basement to the whole complex.

Fourddation design studies by engingers of the
Public Works Department of Western Australia,
architectural Division based on site investigation
(Ref, 1) indicated that a piled foundation system
would be the most satisfactory both technically and
economically. However, since early 1973 when these
studies were completed, construction costs have
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risen significantiy and differentially to the extent
that, if technically sound, a shallow foundation
system supported on ground compacted using vibro-
flotation could yield substantial time and cost
savings.

The latter development prompted additicnal investi-
gation into the use of vibroflotation and shallow
foundations which culminatéd in the field trials
described in this papex.

2, SITE CONDITIONS

subsurface soil and rock conditions were initially
examined by investigations conducted during the
periods 1971 to 1973 (Ref. 1). Further investigation
was conducted at the time of the vibrofletation

trial (Ref. 2) and additional boreholes were drilled
during the subsequent piling centract primarily to
assess pile founding conditions within the sandstone
beneath the site (Ref. 3).

Generalised subsurface profiles across the site are
shown on Figure 2.

Material underlying the site to a depth of approxi-
mately 20 metres is believed to belong to the
Safety Bay-.Sands of Recent age comprising aeclian
and sedimentary deposits overlying calcareous
sandstone, - It is probable that material below this
depth belongs to the Tamala Limestone Series
(otherwise known as "Coastal Limestone") of
Quaternaxry Age. {Ref. 4).

A generalised description of the various strata
penetrated is given in Table 1.

The uppermost unit shown in Table 1 is dune sand
and exists in a medium dense state with SPT values
generally ranging between 12 and 60, the higher
values probably indicating cemented zones.

The central unit contains a wide variety of mater-

ial types, many of which are in a very loose condi-
tion. Typically, SPT values obtained were less
than ten, many less than five ard several times the.
SPT sampler fell up to two metres after one blow of
the drop hammer. 5 gradation envélope constructed
from gradings of a number of samples in this unit
lS presented in Figure 3 and 111ustrates the size

.range of material encountered,
TABLE 1
SUMMARY OF SUBSURFACE CONDITIONS

Reduced Level {metres) Description De::lty
Top Bottom Strength

Up to +6.9 =~L.0 to -5.0 SAND, calcareous, Medium
white, pale grey dense to
or pale brown, very
fine to coarse dense.
grained, Weakly
cemented in part.

~1.0to~5.0 6.1 to~16.8 SILTY SAND and Loose to
SAND with discon~ very
tinuous calcar- loose.
eous SANDSTONE
bands. Very
shelly. Contains
decomposed
organic matter.

-6.1to -16.8 -30.3 Calcareous SAND- Very
STONE, white to  weak to
yellow, fine to medium
coarse grained, strong.

Hainly moderately
cemented, some
calcreted sur~
faces. Cavernous
in part.

*Only one borehcle penetrated the calcarecus sand-
stone. This borehole intersected stiff black
clayey silt of the Osborne Formation at RL~30,3.
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The lewer unit is a calrcarenite or calcareous sand-
stone formed of cemented dune sand. The upper
surface is irregular. Closely spaced vibroflotation
probes and boreholes indicated variations in levels
of several metres, suggesting that the "surface” is
it the form of a series of steep-sided pinnacles.
There is evidence of cavities in this material and
the degree of cementation varies widely.

Groundwater level was observed in a number of bore-
holes and occurs-at approximately RL + 0.6.

3. TRIAL PROGRAMME

The vibroflotation trial had two main purposes. One
was to evaluate the effectiveness of vibroflotation
as a means of densifying the underlying loose silty
sands and the other was to examine the impact of
vibrations upon adjacent buildings during the
operation of the vibroflot.

An area of the site was selected for the trial and
is shown én Figure 1. The main basis for selection
of this area was that it had been excavated to
approximate founding level and was located clear

of other work progressing on site.

Prior to the trial three boreholes were drilled in
the trial area to investigate subsurface conditions
in the zone above the calcareous sandstone. In
addition five Dutch cone probes were performed
within or close to the trial area. The results of
this work are shown on Figures 4 and 5 respectively.

A suitable pattern of wvibroflotation probes was
then designed and agreed to by those invelved in
the trial. This pattern is shown on Figure 6.
Further probes using the in situ sand and slag res-
pectively as backfill, in place of the cxushed rock
used in the main trial, were installed after the
main trial was completed, The locations of these
probes are also shown on Figure 6.

The 75 kw vibroflot used in the trial is owned by
the vibroflotation Foundation Company and operated
locally by Grouting and Foundations {W.AR.) Pty Ltd.

Since scme concern over the effect of the vibroflot
operation on adjacent buildings was expressed, it
was decided to monitor both vibrations and levels
at a number of points around the site perimeter.

To implement this a number of stainless steel pre-

cise level studs were installed in adjacent build-
ings and in concrete paving slabs on the floor of
the excavation; these were then surveyed using
precise levelling techniques. The locations of
these precise level points arc shown on Figure 1.

Before vibroflotation work commenced a photdgraphic
survey of all adjacent buildings was undertaken;
this was augmented with notes concerning existing
structural damage, cracks etc.

During the vibroflotation trial, ground vibrations
were measured at several locations around the site
using a Sprengnether seismograph. In addition
noise levels were monitored during operation of the
vibroflot.

Approximately 48 hours after the cowmpletion of the
vibroflotation trial, three exploratory borehcles were

drilled in the trial area at the locations shown on
Figure 6. The borehcle locations were selected to

examine the soil density in the centre of four vibro-
flotation probes, in the centre of three probes and
close (0.6 metres) to a probe centre. Dutch cone
probing was also undertaken., The results of this
works are shown on Figures 4 and 5 respectively.

At this stage a survey of all the precise level
points was carried out.

The vibroflot was then moved to the northeast of the
site and three probes were installed at locations
progressively closer to the Samson Building (See
Figure 1), The purpose of this work was solely to
measure ground vibrations; again these were moni-
tored using a Sprengnether seismograph. On comple-
tion of this work another survey of the precise
level points was undertaken.

Following complietion of the main vibroflotation trial
the vibrflot was used to compact an area to the

west of the trial area wsing in situ sand as back-
£ill. The following day onc borechole was drilled in
the centre of three probes to measure the densifica-
tion achieved. Later, an additional eight vibroflot
probes were installed at a closer spacing than used
in the main trial, utiiising slag as backfill. The
success of this operation was checked by drilling,
testing and sampling at the centre of these probes.
The locatiocns of these probes and boreholes are

shown on Figure & and the results of drilling and
testing are shown on Figure 7.
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Figure 5 - Dutch Cone Resistance Prior to and
Follewing Vibroflotation.

4. RESULTS OF TRIAL

4.1 Vibroflot Operation

During the vibrofictation trial the time taken to
complete each probe, the depth of penetration of

the vibroflot and the approximate volume of backfill
used to form each stone column were recorded. These
data are summarised in Table 2. These volumes were
used to estimate the approximate diameter of the
stone columns and this information is also presented
in Table 2.

4.2 Evaluation of Compaction

Evaluation of the degree of densification achieved
was based on a series of precompaction and post
compaction Standard Penetration Tests and Dutch
Cone probes. The lccations of these tests are
shown on Figure 6 and the resuits of the tests are
shown on Pigures 4, 5 and 7 respectively. DBDutch
Cone probing was only carried out in the area where
crushed rock was used as backfill.

Examination of Figures 4 and 5 indicates that the
vibroflotation achieved onty slight increases in
soil density. Figure 7 presents both results of
SPT conducted in an area compacted using in situ
sand as the backfill and in an area compacted using
slag as backfill with stone columns more closely
spaced than in the main trial. Again, perusal of
these results also suggests that only slight soil
density increases were achieved.

4.3 Precise Level Survey

Overall, the precise level data indicated that no
measurable settlement of the buildings adjacent to
the excavation occurred during the vibroflotation
trial.
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TABLE 2 DETATLS OF VIBROFLOTATION PROBES

Time Taken Time Taken Backfill E?tlmatEd
Depth X . Diameter
Number* To Probe To Back£ill Used (cubic
{metres) (minutes} {minutes) metres) of Probe
{metres)

a) crushed Rock Back£ill Probes (In Ordex of Completion)

1 11.89 3 16 lo.8 1.07
2 11.89 2 16 10.8 1.07
3 7.93 2 13 7.7 1.11
4 8.24 2 16 9,2 1.19
5 14,34 2 14 12,3 L.05
6 13.27 3 17 15.4 1.22
7 1G6.37 3 14 12.3 1.23
8 8.85 4 11 10.0 1.02
9 10.37 2 13 10.8 1.15
10 10.06 2 1z 7.7 0.99
11 13.57 4 12 13.8 1.14
12 9.61 4 L2 9.2 1.10
13 7.02 3 - -
14 7.02 - 6.2 1.06
15 9,46 3 11 7.7 1.02
Average Average Backfill Por Average

Depth 10.26 m Metre of Probe l.0cu.m Diameter 1.1l m

b) In-situ Sand Backfill Probes

16 9.07 4 34 7.3 1.01
27 11.29 4 11 5.4 c.78
18 9.53 3 11 6.2 0.91
19 1z2.20 3 11 7.7 0.90
Average Average Backfill Per Average

Depth 10.52 m Metre of Probe ¢.Geu.m Diameter 0.90 m

c) Crushed Slag Backfill Probes

20 7.63 2 20 13.8 1.52
21 7.63 2 17 13.8 1.52
22 7.63 2 12 9.2 1.24
23 7.63 3 14 10.0 1,29
24 7.63 3 11 6.9 1.07
25 7.63 2 14 9.2 1.24
26 7.63 3 10 8.5 1.12
27 7.63 3 11 10.0 1.29
Average Average Backfill Per average

Depth 7.63 m Metre of Probe l.3cu.m Diameter 1.30 m

* Refer to Figure 6 for probe location

4.4 Ground Vibration Monitoring

The vibroflot specification indicates that when in
operation it has a free standing horizontal ampli-
tude of approximately 10 mm at a frequency of 30Hz.

During installation of a vibroflotation probe twe
points of maximum vibration were observed. These
were at the initial penetration of the vibroflot
into the ground and at the start of backfilling teo
form the stone column. At most other points during
vibroflotation the vibrations were approximately
constant with the backfilling operation producing

a $lightly larger wvibration than penetration.

Measurements taken approximately three metres Efrom
the vibroflot indicated predominantly horizontal
vibrations, although the vertical component was
tyuilte large on initial penetration of the vibroflot.
The maximum vibration amplitude was 0.13 mm at the
start of backfilling and the average amplitude
thereafter was approximately 0.08 mm. The major
freguency recorded was 60Hz {although 30 Hz did
occur in some cases) giving maximum peak acceler-
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ations of the orxder of 1.1 g both wvertically and
horizontally.

At a digtance of 15 metres from the vibreflet,; the
average vibration amplitude was of the oxder of 0.02
mm with peaks of up te 0.04 mm. The influence of
the vertical vibration was more evident in this case
than at three metres from the vibroflot. The major
frequency recorded was 30Hz in all cases - this
being the frequency of vibration of the vibroflot -
giving maximum peak acceleraticns of 0.04 g both
vertically and horizontally.

4.5 HNoise Levels

In general, the noige produced by the vibroflot
could not be heard above the noise of the generator
and the front end loader moving the &tone backfill.
The noise from the genspator was measured at B6AB{A)
at a distance of seven metres although this was
located near a large earth embankment which would
constitute a reflective surface. The noise level
recorded could hence be reasonably reduced by approx-—
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imately 3 to 4 dB (A) to a resultant level of 82 to
83 dB (A).

5. DISCUSSION AND EVALUATICN OF RESULTS

Numerous accounts of successful vibroflotation
projects, many at sites underlain by fine sands and
silty sands, have been documented {e.y, References
5, 6 and 7) and it was generally assumed that vibro-
flotation would achieve compaction of the loose,
saturated sands beneath this site.

Imported aggregate was used as f£ill material in
preference to in situ sand because the latter was
considered too fine to sink rapidly through the
water surrounding the vibroflot, This was seen as
an added advantage in the attempt to achieve good
compaction.

Despite the apparent near ideal conditions for
vibroflotation, evaluation of the results of testi.
indicates only marginal improvement. The question
remaining to be answered is why the apparent lack
of success at this site? Two possible explanations
for the poor response of the fine calcareous sands
to compaction by vibroflotation are offered. One
relates to the formation of a zone of liguefied soil
around the wibroflot inhibiting transmission of
energy waves, while the other suggests weak cement-
ation between sand grains could be the reason for
lack of compaction.

5.1 Ligquefaction of Soil around Vibroflet

Gaological ovontes related to the formation of the
calearcous sandg may have created a gituation in
which the present effective vertical stress between
discrete grains is unifiormly lower than theoretical
overburden pregsure calcualtions would suggest.
Circumstances which could have resulted in low
vertical stress conditions include large scale arch-
ing between cemented zones, leaching of calcareous
material leaving only a skeletal structure and
water table movements.
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It is possible that liguefaction (wherein pore
pressures under cyclic shear stress application
build up to exceed effective stresses) in the zones
close to the vibroflot reduced the shear modulus of
the sands to almost zero. The development of such

a liquefied state would be assisted by the low eff-
ective vertical stress situation. Transmission of
energy from the vibroflot inte the surrounding sand
could therefore be greatly impaired or even negated
through loss of effective shear strength in the sand.

A parallel to thic loss of shear strain transmission
capability has been reported in recent work relating
to seismic induced ground movements of sand over-
iying rock. The estimation of ground surface accel-
erations under seismic influences, in terms. of
effective stress concepts, has been developec by
Finn et al. (Ref. 8). In their approach the
development of a zone of liguefaction in sand above
the bedrock is deemed responsible for a reduction of
surface accelerations to approximately zero shortly
(6 to 10 seconds) after the onset of seismic induced
shear stresses from the bedrock. Bs is pointed out
by Finn et al the case histories of seismic activit-
ies for saturated sends on bedrock indicate the
actual surface accelerations fall to relatively low
values a certain time after seismic influences
initiate ground movements.

5.2 Weak Cementation of Soil

sands in the coastal fringe area of Perth gencrally
have a high proportion of calcium carbonate; prev-
ious work {Ref. 9} has indicated that these sands
often have a lime content of between 6G and 80
percent,  Solution and redeposition of the lime as
calcium bicarbonate has caused varjous degrees of
leaching and cementation of the sands with depth.
Evidence of this cementation was obgerved during
the site investigations when a range of material
from weakly cemented sand that could easily be
broker in the hand to strongly cemented calcarenite
core that could only be broken by a sharp hammer
blow were intersected.



With a low density and weak cementation of the
particles it is very probablie .that in a saturated
condition the soil structure would break down
under mechancial pressure (SPT sampler, Dutch Cone
probe or wibroflot). This hypothesis is suppoxrted
by the low penetration values recorded during the
investigaticon and by the large wvolume of backfill
consumed during the vibroflot opexations.

It is believed the rapid attenuation in enexgy with
increazing distance from the vibroflot that was
measured during the trial resulted in insufficient
disturbance to break the weakly cemented bonds
between soil particles. Conseguently, in areas
relatively close to stone columns the loose sand
remained unaffected. This hypothesis has been
supported by engineers with considerable experience
of vibroflotation who suggest that in the ground
conditions occurring at the Fremantle Hospital site,
more time should have been spent in forming the
stone columns. It is considered that this
additional time during the compaction phase would
have broken the relatively weak inter-particle bonds
in the sand outside the immediate area of the vibro-

fiot, thereby increasing the amount of compaction
achieved by the operation.

6. CONCLUSIONS

The information presented indicates that caution
should be applied to the use of vibroflotation for
improving the density of loose, calcareous sands
outside the immediate area of the wibroflot., The
accepted overall improvement does not appear to be
achieved in these sands despite the consumption of
large volumes of backfill., The reason for the poor
performance of vibroflotation may be attxibutable
to the weakly cemented bonds between soil particles
and/or the development of liguefied zand zoneg
adjacent to the probe significantly reducing trans-—
mission of energy from the vibroflot to the
surrounding ground.

It seems the apparent lack of compaction achiewved
in this trial may well indicate that potential
ligquefaction of the sands heneath the site would
not cccur under seismic induced accelerations,
which would reascnably be assumed to be lower than
those produced by the vibroflot. If this were the
case then it is feasible that the use of stone
columns installed by vibroflotation dexiving their
lateral” support from the weakly cemented sands
could provide a foundation system with adeguate
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bearing capacity and acceptable reductions in
potential settlement. However, evaluation of such
a foundation support system could only be achieved
through large scale load tests.
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SUMMARY

A study of the required depth of cover of a pipeline to provent flotation when the pipeliine is
submerped below the ground water table in sandy soil has been carried out,
ation of the shenr stresses that may be mobilized in the overburden soil,

This study inciudes considor-
Comparisons between these

caleulated depths of cover at which pipeline flotation may oceur and those observed experimentally were

made.

Reasonable agreement was obtained provided the calculation was carried out in a particular way.
The phenomenon known as pipeline jacking was also examined experimentally.

It was found that pipeline

jacking did not occur unless large voids were purposely left beneath the pipe and the overburden material

was leosely placed arcund the pipe.

NOTATION

B radius of pipe

g gravitational acceleration

F factor of safety based on maximum uplift
pressure

E_ factor of safety based on overburden pressure

Fs factor of safety based con angle of shearing
resistance

K earth pressure coefficient (= ¢ /o }

u uplift force per unit length ofhpifeline due
to weight of displaced fluid

W weight of pipe per unit length

zg depth of cover

Y unit weight { = pg)

[} angle of shearing resistance of soil

¢m mobilized angle of shearing resistance

p density of overburden soil

T shear stress

o, uplift pressure

g uplift pressure required to cause pipeline

v R
flotation

o horizontal stress

1 INTRODUCTION

One of the geotechnical problems involved in the
design and construction of large diameter gas pipe-
lines is to prevent the failure of the pipeline by
upward heaving otherwise known as pipeline flotation

when it is submerged beneath the ground-watexr table.

A common procedure to overcome this problem in
sandy soils is to provide a sufficient weight of
overburden material to counteract the net uplift
force (uplift force from buoyancy minus the weight
of the pipe) with an appropriate factor of safety.
If this cannot be ecomomically done then it would
be necessary to provide a coating around the pipe
to increase its weight or the pipeline would have
to be anchored by devices embedded deeper in the
ground. These conservative procedures ignore the
shear stresses that may be mobilized in the
overburden.

The problems of pipeline flotation were discussed
by the ASCE Task Committee (1961) and by the ASCE
Pipeline Flotation Research Committee (1966) but
there has been relatively little research carried
out in recent years. The old conservative design
procedures are apparently still being used. Bonar
and Ghazzaly (1973) and Lim {1974} have examined

the problems of pipelines buried in extremely soft
clay soils. Begemann (1964) appears to be the
only person who has directed attention to problems
associated with sandy soils. One of these problems
identified by Begemann, which is associated with an
oscillating water table, is that known as pipeline
jacking. This is a process where sand particles
move into the voids left beneath a pipe when the
pipeline is moved upward by a rising water table.
This prevents the pipeline returning to its original
position when the water table falls. A succession
of these movements can result in the pipeline being
jacked out of the ground.

In this study a theoretical analysis for the
determination of the required depth of cover of a
pipeline to prevent flotation, including consider-
ation of shear stresses in the overburden, has been
carried out. In additicn an experimental program
has been completed with the twefold aim of observing
the cover at which pipe heaving takes place and
examining the incidence of pipeline jacking under
the effects of an oscillating water table.

2 CALCULATION OF COVER TO PREVENT PIPELINE
FLOTATICON

Pipeline flotation can occur when the net uplift
pressure of the pipe is sufficiently large to over-
come the vertical stress caused by the dead weight
of the overburden plus any resisting shear stresses
mobilized in the overburden as a result of the up-
ward movement of the pipe. The relationship
between the depth of cover of the pipeline, the up-
1ift pressure to cause pipe heaving and the shear
strength of the overburden may be obtained by
adaptation of the simple model first proposed by
Terzaghi (1943) in his discussion of arching. This
model which is illustrated in Figure 1, assumes that
the upward movement of the pipe will mobilize
resisting downward acting shear stresses {1} on two
vertical planes a distance equal to the pipe dia-
meter {2B) apart. The equation of vertical
equilibrium for the element of width 2B and thick-
ness dz is

dov W 1
% C Wa ¢t E (1)
N ¢ +K"_VBEEI_‘_"’ 2)



ground surface
V4 |

| 7777

Figure 1 1Identification of symbols

The solution to equation {2) is

~ B K tan ¢.72./B
9% ® X tan ¢ (e B 1) (3)

This equation can be interpreted in two ways.
Firstly, the g, may be considered as the maximum
uplift pressure (oypay) acting at the depth of
cover zy (plane B-B in Figure 1} below the ground
surface and which is just sufficient to counteract
the overburden pressure plus the downward acting
shear stresses in the overburden. The shear
stresses are failure stresses and the angle of
shearing resistance of the overburden material is
considered to be fully mobilized. Under these
cenditions the factor of safety against a pipeline
failure by upward heaving is defined as unity.

Secondly, the angle ¢ in equation {3) may be inter-
preted as a mobilized angle of shearing resistance
(4p) which is smaller than the full angle of shear-
ing resistance. This means that with the uplift
pressure oy acting at a depth zp (Figure 1) the
pipeline is not on the point of failure by upward
heave and the factor of safety is greater than
unity.

The uplift pressure, sometimes referred te as the
net uplift pressure, operates when a pipeline
becomes submerged, the value of v, being defined as

= U-¥p
Oy 7B (4)
where U—Wp = net uplift force

In the case of permanently submerged pipelines it
is usually rccommended that a weight coating be
applied to the pipeline to increase the weight of
the pipe so that movements will be limited, as in
the case of the SAA Submarine Pipeline Code (1976).
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In such cases W, will be greater than U, there will
be no uplift prgssure, and movements of the type
examined in this paper will not occur.

The resisting shear stresses in the overburden may
be considered to act over a depth equal to the cover
(Case A). Alternatively it may be argucd that the
overburden shear stresses should be considered to
act over the grearer distance between the ground
surface and the pipe centreline (Case B). For Case
B the uplift pressures required to causc pipeline
failure are significantly greater than those for
Case A. Instead of the arbitrarily chosen K values
of 0.5 and 1.0, a more rational value may be derived
from consideration of the failure Mohr stress

circle from which it may be shown that

N 1
k= - (L + Z tanZ $) ()

An indication of the maximum uplift pressure for
Case B compared with the maximum uplift pressure for
Case A required to cause pipeline failure is given
in Table I for the three values of X and for various
angles of shearing resistance. The ratio of maxi-
mumt uplift pressure for Case B to that for Case A is
not unity and is seen to vary not oniy with angle of
shearing resistance but also with the value of K
used in the calculation. This indicates the desir-
ability of checking whether Case A or Case B more
accurately predicts experimental behaviour and
whethexr the more rational value of K given by
equation (5) is supported by the experimental data.
This is discussed further in Section 5.

TABLE T

COMPARISON OF CALCULATED UPLIFT PRESSURES
REQUIRED TOQ CAUSE PIPELINE FAILURE

Nepth of Cover = Pipe Diameter

Both interpretations are used in this paper.

Max. Uplift Pressure (Case B)
Max. Uplift Pressure (Case A)

K Value § = 20U 4 = 307 ¢ = 407
0.5 1.33 1.48 1.66
1.0 1.58 1.94 2.47
1/(+2tang)| 1.47 1.56 1.56

3 FACTORS OF SAFETY

A commonly used factor of safety (F,)} that is used
in the pipeline industry is one that is based on
overburden pressure
Y2g
= 6

Fy c {6)
where g, is as given in equation (4). If the over-
burden is completely submerged then y is derived
from the buoyant density of the overburden material.
With this definition of the safety factor the

.contribution of the strength of the overburden in

resisting the upward movement of the pipeline is
ignored. It is to be noted that the factor of
safety (Fy) in equation (6) bears no relation to
the more traditional factor of safety with respect

- to strength (Fi), a measure of the degree of

mobilization of soil strength that is used in seil

engineering. For a cohesionless soil
= fang
Fs = tam [N 2

Since the overburden strength contributes in a minor
way only to the resistamce against the uplift
pressure, Fg; does not uppear to be as convenient a
measure of safety as Fy. Fy, however, provides a

conservative indication of safety and it would be



TABLE III
. MINIMUM COVER REQUIREMENTS FOR GAS PIPELINES

cation M?n?mum Cover (mm)
“ass Bivision I Systcms
- Consolidated Other than
Rock Consolidated
Rock
1 450 750
2 600 750
and 4 600 900
Division 2 Systems
600 750

ding to the §,A.A. Gas Pipeline Code (1975)

. are minimum cover requirements for seil and

411 overburden materials as detailed in Table
The difference between Division 1 and Division

tems relates to the maximum operating pressure

he hoop stress level in the pipe. The location

. relates to the number of buildings in the

liaute vicinity of the pipeline. These cover

roments are compared in Figure 3 with cover

& calceulated for various facters of safety.

:alculations are Lased on the equations des-

:d above and the factor of safety is defined in

:ion (8). The figure shows that for a par-

.ar cover requirement as specified by S.ALA.
example 750 mm) the factor of safety against

ire by upward pipe heave decreases as the pipe

ster increases. Figure 3 suggests that the

it of cover should be related to pipe diameter.

LABORATORY OBSERVATIONS OF PIPELINE BEHAVIOUR

yoratory based investigation into the stability
natural gas pipeline buried in saturated sand

and subjected to an oscillating water tablie was
carried out by Dight (1977). The experimental
arrangement consisted of a 3 m long 305 mm diameter
pipe, sealed at the ends and surrounded by sand in
a tank.  The water table level was varicd from
below the pipe to the top of the sand overburden.
Tests were carried out with three different sands,
the properties of which are given in Table IV.

The pipe movements were monitored as the water table
was oscillated and the depth of cover over the pipe
was progressively decreased until failure of the
pipe by upward heave was observed. The test data
showed that no pipeline jackiang was observed even
for quite small depths of cover. This may be
related to the fact that the amount of pipe movement
per cycle of water table oscillation was signific-
antly smaller than the grain size of the sand so
that there was no opportunity for the sand particles
to.move beneath the pipe. For a cover depth of

230 mm, the pipe experienced settlement in all cases.
This behaviour, similar to that described by Inckel
(1972} for some field tests in the Netherlands, has
been attributed to the compaction of the sand beneath
the pipe. When the cover was reduced to 25 nm
failure by upward heave occurred with all three sands.
During exgerimentation it was found possible to
produce the pipeline jacking phenomenon referred to
in the introduction, by purposely leaving large
voids beneath the pipe at the installation stage
and placing the overburden material loosely around
the pipe. This would relfect poor construction
practice in the field. Following water table
oscillation the pipe commenced a steady upward
movement as shown in Figure 4. At this rate the
pire would have failed ultimately by upward heave.
After 340 cycles the pipe was subjected to vibra-
tion while the water level was at its lowest point.

case B,
g = 30°,

saturated density = 2000 kgm™

SAA réqui rements

calculated cover for
various safety factors

|
submerged sand surcharge

K=1/(1+2tan’g )

Depth of Cover / Pipe Diameter

Pipe Diameter,

m

figure 3 Comparison of cover requirements
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TABLE 11
COMPARISON OF FACTORS OF SAFETY Fy AND F

Depth of Cover =

Pipe Diameter

Angle of Shearing Resistance ¢ = 30°

Up1ift " F

Pressure W Case A Case B

(%v/yB) K=0.5 K=1.0 K=1/(1+2tan~¢$ K=0.5 K=1.0 K=1/(1+21
1.5 1.33 1.81 2,51 1,93 2.76 4.83 2.99
2.0 1.00 1.30 1.88 L.45 2.00 3.62 2.25
2.5 0.80 1.08 1.50 1.16 1.60 2.90 1.80
3.0 0.67 0.50 1.25 0.96 1.33 2.41 1.50
4.0 0.50 0.68 0.94 0.72 1.00 1.81 1.12
5.0 0. 40 0.54 0.75 0.58 ¢.80 1.45 .90
6.0 0.33 0.45 0.63 0.48 0.67 1.21 0.75

more appropriate to define a factor of safety (I)

that incorporates both the weight and strength of

the overburden. Such a factor of safety could be
defined as

vaax
F o= —Rax {8)
UV

where oy is given by equation (4) and Gypax 15
given by equation (3} (using the first interpreta-
tion as discussed in Section 2) for the case of the
overburden on the point of failure by upward heave.
Values of F, and F are compared in Table II for a

variety of arbitrarily chosen values of uplift
pressure.

4 DEPTH OF COVER FOR COMMERCIALLY AVAILABLE PIPE

In order to apply the equations developed above for
the determination of depth of cover for actual pipe-

lines it is first necessary to evaluate the n
lift force or the uplift pressure from equatil
For a particular pipe diameter, pipes with se
wall thicknesses are normally manufactured.
means that the net uplift force will be sprea
a range of values for one particular diametex
Using the uplift force corresponding to the n
of the range for commercially available pipe,
effect of the K coefficient on the depth of ¢
examined in Pigure 2 for various assumed angl
shearing resistance. The line marked ¢ = 0F
Figure 2 is not affected by the ¥ coefficient
indicates that the dead weight only of the ov
burden material is counteracting the net upli
the pipeline. TFigure 2 shows that for most
overgurden 50i1s for which the angle of shear
resistance is greater than 209 and for K valu
given by equation (5) the minimum depth of <o
not greatly influenced by the angle of sheari
resistance.

_ cgse B, submerged sand surcharge

£ 04 K=0.5 s

g K210 = v m

o K= 1H1+2tamlg) — —. — e

v sat, density = 2000 kg™ "
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Figure 2 Influence of friction angle on minimum required depth of cover
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TABLE 1V
PHYSICAL PROPERTIES QOF TEST SANDS
Sand « 50 Sand Gipps sand 30/60 sand
Description Clean Silty Clean
rounded subangular rounded
sand with sand with sand, very
foew fines | some organic [ few fines
matter
D50 size 0.29 0.35 0.40
()
Saturated
densit 1950 1990 2060
(kg m™*)
angle of
shearing
resistance 31 39 28
(sat.
samples)-
degrees

Pipe settlement resulted but as the water table
rose for the next cycle the pipe moved upward and
failed by heaving.

In an associated series of tests to examine
qualitatively the nature of the movement of the
overburden material in response to upward movement

of the pipe, the approximate boundary of the sand
movement was identified and this suggested that
the Case B assumption represents reality more
closely than Case A for the analyses carried out
above.

Regarding the depth of cover at which pipeline fall-
urc by upward heave took place, a comparison of
observed and calculated values is given in Figure 5.
This compariscn confirms that the Case B assumption
js clearly superior to the Case A assumption.
Regarding the K coefficlents it appears that the
value of 0.5 and the value given by equation (5)

are equally valid in predicting the depth of cover
at which pipeline failure occurs.

6. CONCLUSTONS

Comparisons have been made between the calculated
and observed depths of cover in sandy soils at which
pipeline failure by upward heave takes place. These
comparisons indicate good agreement provided it is
assumed for calculation purposes that the shear
stress is mobilized in the overburden down to a
depth coinciding with the pipe centreline. The
earth pressure coefficient (K) used in the calcul-
ation may be either 0.5 or 1/(1+2tan?p}.

pipeline jacking was found to occur in the experi-
ments only when large voids were purposely left
beneath the pipe and the overburden material
loosely placed around the pipe.

| Sand Type = -50 a0
= | Depth of Cover = 76 mm vibration
S applied N
@ 251+ ‘ -t25 £
;_3 20} jacking at 5.5 pm/eycle - -—E—
e e
R 1 = 4
£§ 5 20 é
« °r 1 2
- S
& 5 i 415 =
E o ' g
S a
s 5k average displacement o P
= 0.42 mm {cycle ’ 8, '
> 0= - 2
] @
~ st Z
o e —Hos <
£ 2 :"”’,,,/’
- o]
=

= -1 00

H ! ] } | ] i
o 50 100 150 200 250 300 350 400

Number of Cycles

Figure 4 Obscrvation of pipeline jacking

1-57



1.0 1 1 i
o no pipe failure
x- pipe failure by heave
ogl ™ vibration applied in these tests
—calculated burial depths for
pipe failure by heave
. 08
s
g o o o
2
© 07
o )
o,
g 2 <
—_— 04 Q o) Lo,
§ case A K=1/01+2tan’g)
o o o
- 03
= o o] ol
(o
ar
o 02 .
—_EEQ§3~£LQ“;:1“‘ 0 o
. p—Lase B ~—— | K=1/{1+2tan’g)
02 e 8 x| x R —K=0F |
K':f_o \
0 |
20 25 30 35 Ay 45

Angle of

Figure 5

7. REFERENCES

A.S.C.E. Pipeline Flotation Research Committee,
(1966), Preliminary Research on Pipeline Flotation,
Journal of Pipeline Division Vel.9%2, PL1, pp.27-71.

A.S.C.E. Task Committee, (1961), Report on Rational
Design for Pipelines across Inundated Areas,

Journal of Pipeline Pivision, A.5.C.E., Vol.87, PLI,
pp.31-58

Begemann, H.K.S5. Ph. [i964), Natural Gas Pipelines
in the Netherlands, Report to Bechtel International
Company, Laboratorium voor Grondmechanica, Delft.

Bonar, A. and Ghazzaly; 0. (1973}, Research on
Pipeline Flotation, Journal of Transportation
Engineexing, A.S.C.E., Vol.99, TEZ, pp.211-233.

1-58

Shearing Resistance,

degrees

Comparison of caleulated and observed incidence of pipe failure by heave

Dight, P.M. (1977}, An Experimental Investigation
into the Stability of Pipelines in Saturated Sands,
M.Eng.Sc. thesis, Department of Civil Engineering,
University of Melbourne.

Inckel, A.E. (1872), Postscript to the report by
Begemann, Laboratorium voor Grondmechanica,
Delft.

Lim, $.J. (1974), An experimental Investigation of
Pipeline Stability in Very Soft Clay, Ph.D. thesis,
University of Houston.

Standards Association of Australia, S.A.A. Gas
Pipeline Code AS1697-1975.

Standards Association of Australia, 5.A.A. Submarine
Pipeline Code, AS51958-1976.



A STUDY OF PIPELINE STABILITY WITH AN OSCILLATING WATER TABLE

KEY WORDS:  pipelines; water table; buoyancy; flotation; stability; stress
analysis

ABSTRACT: A study of the required depth of cover of a pipeline to prevent
flotation when the pipeline is submerged below the ground water table in sandy
s0il has been carried out. This study includes consideration of the shear
stresses that may be mobilized in the overburden soil.  Comparisons between
these calculated depths of cover at which pipeline flotation may occur and those
ocbserved experimentally were made. Reasonable agreement was obtained provided
the calculation was carried out in a particular way. The phenomenon known as
pipeline jacking was also examined experimentally. It was found that pipeline
jacking did not occur unless large voids were purposely left beneath the pipe
and the overburden material was loosely placed around the pipe.

REFERENCE: MOOQRE, P.J. and DIGHT, P.M. (1980) A Study of Pipeline Stability
with an Oscillating Water Table. 3rd Australia-New Zealand Conference on
Geomechanics, Wellington, May 12-16. Preprints of Papexrs,
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An Experlmental Investigation of the Phenomenon of
Plns Jacking

P. J. YTTRUP
Lecturer in Civil Enginesring Deakin University

SUMMARY The migration towards the ground surface of gas pipelines buried in sand and below the water

table has been termed ''pigs jacking' or ''sand jacking't.
assumed to be fluctuations in the level of the ground water table.

The mechanism leading to pipe jacking has been
The mechanism of pipe jacking

reported in this paper is internal pressure fluctuations which cause diametric deformations of the pipe

leading to pipe jacking.

It was found that pipe jacking will occur at a rate directiy related to the

magnitude of the pressure fluctuation and inversely related to the depth of burial of the pipe.

1 INTRODUCT 10N

The term "pipe jacking'' was first used by the
American Society of Civil Engineers Pipeline
Flotation Research Council {1966). The Pipeline
Fleatation Research Council also suggested a poss-
ible mechanism causing pipelines to jack; the
preposed mechanism is shown in Figure 1.

bouyancy force
causes void to
form under pipe

sand fills void
4

Fiqure 1

Pipe jacking mechanics

Buried gas pipelines with an average density less
than that of the surrounding soil could potentia-
1ly rise to the ground surface. Two modes of
failure are usuvally recoynised. Firstly Lhe pipe
may fail by floatation, a sudden lallure where net
bouyancy forces on the pipe exceeding the weight
and strength of the overlying soil. Secondly, the
pipe can '"fail'" by a slow migration towards the
ground surface. In the case of pipes in sand, the
migration is associated with movement of sand part-
icles, that is, pipe jacking.

Pipeline floatation has been investigated by Bonar
and Ghazzaly, 1973, for model pipetines buried in a
slurry. The very low strength soil, or siurry,
used by Bonar and Ghazzaly, was apparently intended
to simulate 2 highly disturbed and very wet cohes-
ive soil backfill. Their work is not relevant to
cechesionless soils.

Inckel, 1972, conducted field tests on a prototype
scale gas pipe buried in sand. The first exper-
iments conducied by Inckel aimed at inducing
liguifaction in the sand around the pipe and a
floatation failure. 1n the second series of tests,
the ground water table at the pipe was raised and
lowered sevenr times, attempting to induce pipe
jacking. Inckel did not detect any rise in the
pipe, the pipe in fact settled slightiy.

Large diameter natural gas pipelines are being
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built with relatively thin watis using high strength
steels. Some sections of the proposed Sydney -
Newcastle gas pipeline will have pipe of 864 mm 0.D.
and a wall thickness of 9.25 mm, that is, a wall
thickness of only about 1% of the diameter, Teifer,
1979. The use of relatively thin walled pipelines
subjected to fluctuating operating pressures can
lead to distortion of the pipe sufficient to allow
soil particles to migrate under the pipeline thus
causing an upward migration of the pipeline, that
is, pipe jacking, Fluctuating operating pressures
in gas pipelines result from varistions in the
demand for gas by consumers.

The experimental investigation reported in this
paper was conducted to evaluate the feasibility of
the zbove pipe jacking mechanism. It was found

that a model pipeline buried in reunded heach sand
died "Eack? when Lhe presssne To the pipe was [ Toe-
tusted,  Further, Lhe jacking rote incrcased as the

pressure fluctuations increased in amplitude., The
jacking rate decreased for greater depths of pipe
burial and also For increased surface roughness of
the pipe.

Z MODEL PIPELINE AWD TEST PROCEDURE
2.1 The Model Pipeline

The model pipeline consisted of a 90 mm P.V.C. pipe,
1000 mm long. The pipe was connected to a pulsating
pressure supply as shown in Figure 2. |In order to
reduce the volume of compressed air used for each
pressure pulse, the pipe was filled with water, it
was therefore necessary to counterweight the pipe
via a pulley system to compensate for the weight of
the water in the pipe. The counterweight used was
equal to the weight of the water in the pipe. Hence
the pipe was fully bouyant.

2-way solanoid

valve gvbC
pulse genera%or
& counter

B—-®
L

Figure 2 Model pipeline and pulse generation circuit



The diametyic deformation of the model pipeline
produced by internal static pressure is shown in
Figure 3. The deformation of the pipe being ''free!
no soil interaction was present as would exist For
a buried pipeline.
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Figure 3 HModel pipe deformation
The 90 mm diameter model pipeline was burjed in a
local beach sand from Thirteenth Beach near Barwon
Heads, Victoria. The sand grading is shown in
Figure 4 and sand particle shape can be seen in
photagraph Figure 5. The "'characteristic'' sand
grain size adopted was 0.33 mm, that is, the dia~
meter at 50% finer by weight.
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Figure 4 Sand grading
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Sand particle shape
2.2 Model Pipeline Laying Procedure

The procedure used to lay the model pipeline was
chosen to be approximately similar to a full scale
pipeline construction. The sand in the tank, Fig-
ure 2, was First flooded by raising the water level
in the tank from below and the sand was left flood-
ed for several days. The sand was then ''de-water-
ed" by lowering the water in the tank to below the
level of the pipeline. A parallel sided trench
about 125 mm wide, was then excavated in the damp
sand, the pipe placed in the trench and backfilled.
The water table was then raised to the level af the
sand surface and & further rest period of one or
two days allowed. The above procedure was used
primarily for reproducibility of the tests than for
a simulation of an actual pipe laying operation.

2.3 Pressure Fluctuations

The pressure in the pipeline was fluctuated between
zero and maximum pressures of 00 KPa, 200 KPa and
260 KPa. The pressure pulsing circuit is shown in
Figure 2 and the resulting pressure pulse in the
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pipe is shown in Figure 6. The free diametric ex-
pansion of the pipe produced by the aforementioned
pressures, was 0.28 mn, 0.41 mm and 0.57 mm respec-
tively. The position of the pipe was monitored with
dial gauges.

f 3 sec, »

&
¥ 100
g
=
g
0 1 1 | 1 L 1
a 1 2 3 4 5 6 7 8
time sec.
Figure 6 Pressure pulse forms
3 EXPERIMENTAL RESULTS
3. Pipe Jacking For Different Pressure

Fluctuations

The rise, or jacking, of the model pipeline above
its original position is shown in Figure 7, for the
pipe buried to a depth of 1.5 pipe diameters. The
trend in Figure 7 was alsc observed for depths of
burial equal to 1 and 2 pipe diameters. However,
for a depth of burial of 0.5 pipe diameters, the
pipe Jacking rate was continually accelerating,
probably towards a floatation type failure,

il
n

rise mm,

n—100_ ol -

0 2 4 ] 8 10
cycles x 102

Figure 7 Pipe jacking at difrerent
pressure fluctuations

For several tests, the pipe was observed to settle
before commencing to jack upwards as shown in Fig-
ure B, The settlement of the experimental pipe
used by Inckel, 1972, during the seven c¢ycles of
raising and lowering of the ground water table, may
be only a transient response to be followed by pipe
jacking.

0-5 =
» 16D
£ 4 3
E o V. O L
.g 02 /)‘_ D—200 KPa
& 01 /
a ]
i |
¢} 1 2 3 4 5

cycles x 103

Figure B Pipe jacking with initial settlement

As the depth of burial of the pipe increased, the
jacking rate decreased. The jacking rate of the

pipe is shown in Figure 9 for different depths of
burial but for the same pressure fluctuations.

The experimental results shown in Figure 9 are re-
plotted in Figure 10. The vertical scale is free



pipe diametric deformation divided by characteris-
tic sand grain size, and the horizental scale is
jacking ''rate'' in cycles of pressure fluctuations
required to cause the pipe to rise by 1 mm.
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Figure & Pipe jacking at various depths
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Figure 10 Pipe jacking results related to
sand particle size

3.3 Influence of Pipe Surface Roughness on
Jacking Rates

If the mechanism leading to pipe jacking is migra-
tion of sand particles at the surface of the pipe,
then a smocth pipe could be expected to enhance
jacking. Conversely, a pipe with a rough surface
would retard jacking. The results in Figure 11
were obtained using the same pipe, the rough res-
ults for the pipe after coating with sand particles
glued to the pipe.

[5]

rise mm

pipe

cvcles x 10

Figure 11 Pipe jacking rate for a rough pipe
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. Discussion Of The Resulits And Their
Implication

From the model pipeline results it appears that in-
ternal pressure fluctuations can produce pipe jack=-
ing, The relevance of the medel results to proto-
type pipelines is not known and will be studied in
the future. However, for typical pressure fiuctua-
tions in actual pipelines, the rate of jacking
would probably be very slow and of no consequence
to the stability of the pipeline.

The jacking mechanism, that is, migration of soil
particles in response to small deformations of the
pipe, could modify the pipe-soil interaction.

for pipelines with discrete anchors, either swamp
weights or helical anchors, the pipe jacking effect
could lead to longitudinal bending stresses addit-
jonal to those currently recognised by designers.

5 CONCLUSIONS

From the experimental results for the model pipe-
line the following conclusions can be drawn,

(i) Pipe jacking due to internal pressure
fluctuations can occur for gas pipelines
buried in sand and below the water table.

{ii) The pipe jacking rate is directly related
to the magnitude of the pressure fluctu-
ations within the pipe.

(iii) The pipe jacking rate decreases as the
depth of burial of the pipeline increases.
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Model Studies on Anchors under Herizontal Pull in Clay
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SUMMARY The behaviour of vertical anchor plates buried in clay and subjected to horizopn-
tal pull is studied through model testa in the leborstory. Five different size plates
varving from 1.5 cm to 8.0 c¢m in helght embedded at different depth have been tested in
two dimensional condition. Development of failure surfaces during variocus stages of pull
have baen obgerved to study the fallure mechanism of anchors. Test reaults have been ans—
lysed to gtudy the influence of size of plate and depth of embedment on anchorage capac-
ity and displacement st failure. The experimental results have also been compared with

results of other investigators and thannt oo,

1 INTRODUCTION

The design of Civil Engineering Structures
like suspension bridges,antenna towers and
anchored bulkheads requlire systems to re-
sist the pull-out forces. These systems are
referred o as ‘anchors' or ‘smohorage'These
anchorages could be in the form of a massi-
ve concrete block,a plate with shaft or a
pile group etc. In some Cases e.g.snchored
bulkhead the anchorage system could be g
vertical plate with a tle rod.The plate is
thus mainly under a horizontal pull.

Behaviour of vertical plates under horizon-
tal pull has not attrected much the atten—
tion of research workers. Also, the studles
reported are limited in cchesionless soll
e.g-Hueckel(1957) ,Neely et al.(1973) ,Meye-
rhof{1973) ,Ranjan and Kaushal(1977).In
clays studies have heen reported by Douglas
{1965) ,Brinch Hansen{1953) ,Mackenzie(1955),
Meyerhot(1973) also suggested uglirt co—
efficients for computing the pull out cap~
acity of anchor plates. However,uncertain-
ties still exist as to how the anchor
tends to move under load,the true pattern
of the potentisl rupture surface that may
develop in the surrounding soll,the factors
that influence the anchor capacity. The
present investigation was aimed to develop
a better understanding of the load-deform-
ation characteristics of vertical anchor
plates under horizontal pull in clay medium
The test results have also been compared
with the results reported by other invest-
lgators and theories.

2 EXPERIMENTATION

2.1 Anchoxr and goil

The experiments were carried out in box

8 cm wide,with wooden frame and perspex
sides. The riglidity of the perspex sheet
walls was maintained by using angle iron
stiffners,suitably fixed with bolts and
nuts. The model anchor plates were 8 cm
wlde made out of 3 mm thick steel plates.
Plates of height, h of 1.5, 2.0, 1.25 and
4400 and 8,00 cm deep (Fig.l) were used in
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the investigation.

EAEY N ﬂ:\\T
. \ < e e e e s -

Figure 1 Geometric¢c parameters
of anchor

A locally available c¢lay classified as CH
as per Indian Standard (IS:1498-1968) was
used in the investigatlion. Tests were per-
formed in saturated clay at two different
consistencies namely very soft (Average
unconfined compressive strength,qy of G.122
kg/cm?) and soft (Aversge unconfined comp-
ressive strength,qy of 0.254 kg/em2).

The clay was prepared by mixing regulred
quantit{ of water in the powdered soll and
was fllled in the box with anchor plate in
position and by dropping small lemps of
clay from a fixed height. The grid was then
marked. (Arora,1976).

2.2 Load Application and Monitoring

The hordizontal load was sgpplied to the an~
chor through a wire with one end attached
to the tie bar and the other attached *o
the hanger on whlch the weights could be
placed. The wire passed over a smooth
pulley.

A suitably mounted disl gauge of C.0L mm
least count resting sgaingt a plate mounted
at the end of tie rod,was used to measure
the displacement under the load. Flgure 2
shows the experimental set up.

In each test the load displacement value
under every increment of loading was recor-
ded. Each increment was maintained for =



Flgure 2 Experimental setup

period of 30 minutes. Figure 3 shows the
typleal resultas. Failure load is defined
as the load at which the load displacement
curve passes into a steep straight tangent.
This failure load of the anchor is termed
as snchorage capacity. Failure displacement
corresponds to the displacement at the fai~
lure load. Table I shows the failure load
and displacements at failure for the tests
carried out.

Lood {kg)
75 10 12.5 15 17.5

c 2.5 5.0 20

RSN

\\ N

s}

&

"
R

Cisplocement (mm}

-
—

H/h |1 2 3 5\9

60 [lze lo2s
leo [e %

30

Failure
laad(kg}2.8 3.8

35

40

Load displacement curve
(plate size 1.5 cm,very soft
clay)

ANCHOR FAILURE PATTERN

Figure 3

3

Failure pattern in each test was carefully
observed. Figure 4 shows a typical fallure
pattern. It was noted that at a small mag-
nitude of the pull,the soil in front of
the plate gets compressed resulting in a
small movement of plate in the direction
of the pull. As the plate starts moving
active state develops on the rear side of
the plate whereas passive gtate develops
on the front side of the plate. With the
further increase in pull, a crack on the
active side starts developing from the
upper edge of the plate progressing towards
the soil surface. Upto this satage no crack
waa observed on the passive side.When the
pull i1s further increased a clear cavity
starts developing on the active sgide of the
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plate end the crack starting from top of
the plate widens. At this stage a clear fa-
ilure surface starts emerging on the pass-
ive side starting from the base of the
anchor plate and moving towards the top of
the s0il surface. With further increase in
pull failure surface on the passive side
develops fully reaching the top surface of
the s0ll. Heaving of %the gsoil in passive
slde was observed. Cracking of the soll at
the top surface on both the sides was also
observed (Fig.4). The shape of the fallure
surface resembled a circle followed by its
tangentisl straight line reaching the top
surface. The centre of the circle was obs-
erved to be approximately located at the
top edge of the plate. The extent of heav-
ing in horizontal direction was about three
times of the height of plate.

Figure 4 Rupture surface-shallow
anchor in soft clay

The failure patiern was noted to change
with the increase in depth of embedment.In
case of deep anchors no distinct fallure
surface was observed to develop (Flg.5).
The anchor appeared to falil by punching
through the soil. A cavity of “the size
smaller than the plate size appeared to
develop on the actlve side. Radlal cracks
also develop through. No clear rupture su-
rface emerges. This probably is due to the
fact that the overburden pressure 1s signi-
ficant. Alsc no heaving of soll was obser-
ved. :

Figure 5

Rupture surface-deep anchor
in very soft clay



For the depth of embedment in between sha-
llow and deep cases the fallure surface on
passive side starts from base of the anchor
plate but it does not reach the ground su-
rface (Fig.6). On the active side a few
cracks in the soil on the upper edge of the
plate appear to develop.

Baged on the rupture surfaces obaerved,two
distinct trends of failure In soft and
very soft clay can be identified. In the
first category, the rupture surface reaches
the ground surface and Jjoins the surface
cracks due to heaving of soil.Thege mav be

g

Figure 6 Rupture surface-anchor at
intermediate depth in spft
clay

termed as shallow anchors. The second cate—
gory where the rupture surface does not
clearly develop and the soll in passive
zone fails in shear. Thege may be termed
as deep anchors. In between these two ext-
remes, the rupture surface does not reach
the soil surface and appears to stop at an
elevetion slightly above the top edge of
the plates

The test results thus indicate that

Very soft Softclay

clay
shallow anchor H/h<2 H/n<2
deep anchor B/h>5 H/h> 10

For shallow anchors, the rupture pattern
can be approximated to a part of circle
followed by its tangential straight line
meeting the ground surface. L

4 ANCIOR CAPACITY

The plot between the embedment ratios,H/h
and anchorage capacity for different size
plate in very soft clay is depicted in
Fig.7. It shows that the anchorage capacity
increagses almost at a uniform rate upto a
certain embedment ratioc beyond which it
practically attains a constant value.This
probably is due to the fact that the over-
burden pressure influences the anchorage
capacity upto certain depth only beyond
which it tends to behave as a deep anchor.
Similar trend was observed in case of
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anchors in soft clay.
5 DISPIACEMENT AT PULLOUT LOAD

Figure 8 shows the plot between the dls-
placement at failure of anchors versus
plate size for different embedment ratios
in case of soft clay. The results indicate
that for the same embedment ratic the
failure displacement increases with the
size of the plate. The increase in displ-
acement appears to be due to the fact that
the zone of the soil which gets appreciably
stressed increases with the increase in
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Figure 7 Anchorage capacity vs embed-

ment ratio for anchors in
very soft clay
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Similar trend was obgerved in case of an-
chors in very soff clay.



6 HON-DIMENSIONAL PLOT

The test results in terms of dimensionless
force coefficient, Meq (Equation 1) and
embedment ratio are p%otted in Fig.9. The
plot shows an increasing trend of the force
coefficlents with increase in embedment
retic. Though the rate of increase for ini-
iel embedmeni ratios is relatively rapid
yet as the embedment ratio increases the
rate of increase of force coefficlent dec-
reases-This may be due to the change in
behaviour of anchors at deeper depths.

Mg = B cee (1)

where p = anchorage capacity per unit width
of plate

c cohesion
h = height of plate

H

Force toafficiont (Mcg=p/eh}
o

0 2 4 1] 8 [14] 2
Embedient ratie , H/h

Figure 9 Force coefficient vs
embedment ratio

The load displacement diagrams is normali-
zed comparing the load, P at a particular
instant with the anchorage capacity, Pu and
displacement at a particular Instant,A with
the fallure displacement Mu (Fig.l0). It
1s interesting to observe that plotting all
the test results a clear pattern emerges.
An aversge curve ls drawn. The average cur—
ve can be approximated by a rectangular
hyperbola expressed in the form,

A S—

a + bh

where ¥ « P/Pu

E. = .B/Au

LA N 3 (2)

a and b = constants

1f the variation of 'a' and 'b' parameters
for the soil type is known the displecement
at loau can be estimated.

7 COMPARISON OF RESULTS

Figure 11 shows the comparison of results
with other investigators. It is interesting
to note that the experimental value of

anchorage capacity per unit width of plate
is gquite comparable and lies between the
values reported by Brinch Hansen(1953) and
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Figure 11 Comparison of results

Theoretical ultimate capacliy based on con—
ventional method is also gshown by dotted
line in Fig.1l. The theoretical estimate by
conventional method and experimental values
for soft clay are same upto embedment ratic
of about 1.0 i.e. when the anchor plate
reached the ground surface but for larger
embedment ratios the experimental anchorage
capacity graduelly becomes smaller than the
values obtalned on the basls of convention-—
al earth pressure theory.

The experimental resulis have been compared
with Meyerhof's theory(1l973) assuming up-
1ift coefficient Ko as 2 (Table II} .in case
of very soft clay, the results are aulie
comparable upto embedment ratio,H/h of 3,
beyond which Meyerhof's theory gives higher
values. This may be reasoned that the fall-
ure surface does not reach the ground sur-
face and the regsion for shallow anchars
may not be valid. In case of =0ft clay the



TABLE I

TEST RESULTS
h(cm) 15 2.0 2.5 4.0 8,0
H/k PQicg ) ou(ma)l P (kg) | au(on)| Plg) | su(um)l P (kg)| duGun)] P(kg) | sulmm)

Very softelay

h 2.55 4e50 2.60 550 3.00 6.00 6.90 .50 9.32 .87
2 T <) 7 .00 - - 5043 760 8. 48 10.00 16.85 15.0
3 5.45 8.75 7463 8.75 7.87 9,00 10.11 12.25 24.88 19.0
I - - 8.48 11.00 - - 13.25 12.50 31.%0 2h.5
5 6.84 10,00 10.15 1l.25 11.06 11.80 16.67 15.00 - -
6 8.28 12.50 10.44 13.00 11.07 12.00 - - - -
Softclay
2 5.42 8.25 - - 10.27 11.25 13.25 20,00 44475  35.0
4 9,91 13.70 - - 13.04 1475 22,32 25.00 57.48 47.5
1) 12.00 16.75 - - 17.24 20.00 28.55 28.00 - -
8 14.85  18.75 - ~ 19.59 22.00 - - - -
10 15.55 20.00 - - 21.01 24,00 - - - -
U ave pull out Ioad (anchorage capaclty) o cm wide piate after deduwctTing

the tie rod resistance.

Au = displacement corresponding to anchorage capacity.

TABLE II1
COMPARISON WITH MEYERHOF'S THEORY
hicm) 1. o P 2e5 5 o 4.0 o 8.0
Se H/ Pa t e t P P
N | o/ od/omd 0S8 | edom | 06/ | obrom| 0P | ke
Very soft clay
1. 1 0.3%2 0,183 0.380 0.30% 0.86 0.488 1.160 0.966
2. 3 0.68 0.549 C.980 0.915 1.28 1.464 %, 110 2.900
3. 5 0.83 0.915 1.380 1.525 2,08  2.440 - -
Ll-. 9 1-01 - 1.3& - - = - -
Soft clay
i. 2 0.68 0.762 1.280 1.270 1.66 2.0% 54570 40860
2. 4 1.2 1.524  1.745 2.840 2.79 4,06 7.185 8.120
Fe 6 1.50 2,280 2-150 3- 0 3-57 6.18 - -
be 8 1.85 2. 360 2.450 5.080 - - - -
5. 10 1.94 - 2.630 - - - - -

Paxp = experimental value of anchorage cepacity/unit width of enchor Elate'

Mt = theoretical value of anchorage capacity/unit width of ancher p

ate.

values are comparsble only upte H/h = 2.0 8 CONCLUSTONS
beyond which Maeyerhof's theory gives higher

regsults.

Meyerhof suggested that critical depth 1s

at embedment ratio, H/h of 8 in case of

On the basis of the present study the folk
owing conclusions are drawn:

Anchor failure phenomenon seems to be a

strip anchors. The test results show that progressive phenomenon with failure

the depth at which the anchor starts beha- surface originating in the passive zone
ving as deep varles with the stiffness of from the bottom edge of the anchor plate.
the soils. The anchors could be considered At shallower depths, the fallure surface

a5 deep for

H/h = 5 in very soft clay
and H/h = 10 in soft clay.

reaches the ground surface but as the emb-
edment depth increases the failure surface
does not reach the ground surface. At dee—
per depths the failure pattern altogether
changes and the anchor seema to fail by
punching through the soll.
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The capacity of an anchor plate keeps on
increasing with the embedment ratioc upto
certain depth beyond which there is pract—
ically no lncrease in the anchor capacity
and the anchors exhibit & definite change
in their behaviour. The critical depth
increases with the consistency of the soil.
Bagsed on the fallure surface the anchors
may be clagsified as follows:

Very soft Soft clay

clay
Shallow anchors H/h 2 H/h 2
Deep anchors H/h 5 H/h 10

The anchorage capacity increases with size
of the plate. The rate of increase is less
for samall size plates but the capacity in-
cresses at a faster rate for large size
plates. For the same slze plate the capa-
¢ity Increases with embedment ratio upto
the critical depth beyond which it appro-
aches a constant value.

The failure displacement increases with the
size of the plate, for a particular H/h.The
failure displacement also increeses with
the embedment ratic and approximately bec~
cme constant at critical depths.

Experimental results show a reasonable agr-
eement with Meyerhof's theory, in shallow
and deep snchors in very shoft clay,and almo
for sghallow anchors in soft clay. However
for deep anchors in soft clay Meyerhof's
theory glvea higher values.
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The Relief of Megative Skin Friction on Plles by
Electro-Osmosis

E. H. DAVIS
Profassor of Civil Engineering, University of Sydney
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SIMMARY  The paper describes a meothod of analysing the magnitude amd rate of reduction of negative skin

friction on piles,

The method conbines a pile-soil interaction analysis {hased on eclastic theoxry) with a
diffusion analysis for pore water flow under an electrical gradient.

The wethod has been applied to pre-

dict the behaviour of 2 pile subjected to electro-csmosis in two cases,

(i} a full-scale field trial carried out in Boston some years ago in which one pile in a group supporting
a bridge abutment was cut, released from the pile cap and then subjected to electro-osmosis. 'Class
A" prcdictions were made of the pile deflection at various stages in the trial, and comparisons are
described hetween the predictions and the measurements.

(ii) a laboratory model test, in which negative friction has been induced in a pile by conselidation of
the surrounding soil and then brief periods of electro-osmotic treatment have been applied to the
pile. Predictions of the downdrag load versus time relationship are compared with the obscrved re-
lationships.

1 ENTRODUCTION 2 THEORETICAL ANALYSIS

1

Consolidation and settlement of soil surrounding a 2,1 Downdrag Force in Pile

pile way coause large Jdowndrag forees to be develop-
ed in the pilte due to negative friction (Johanessen
and Bjerrum, 1965, Bjerrum et al, 196%; Walker and
Darvall, 1973). One of a number of methods that
have been suggested to relieve or reduce these down-
drag forces is the application of electro-osmosis
to the pile. In this method, an electric current is
passed through the soil between the pile (which is
made the cathode) and an anode., The passage of the
current causes positive excess pore pressures to be
generated near the cathode and negative values near
the anode. Since the total stresses are unaffected,
the increase in pore pressure near the treated pile
causes a decrease in the effective stresses and con-
sequently, a reduction in the pile-soil shear
strength and the downdrag forces in the pile. As
well as reducing negative frietion, electro-osmosis
can be used to reduce the penetration resistance of
a pile during installation (Johnston, 1878) or, L
making the pile the anode, to increase its ultimate
load capacity (Soderman and Milligan, 1961),

Although some applications of electro-osmosis to
piles have been reported in the literature, there
appears to be little attempt to predict theoretical-
ly the effect of this treatment on the downdrag

force, This paper therefore summarizes an approach
for
(a) the prediction of the magnitude and rate of

development of downdrag force in a pile, and

(b)

the effect of electro-osmotic treatment on the
downdrag force.

Two applications of this approach are then described,
the first for a field trial in Boston in which "
"Class A" predictions of the pile behaviour before
and after electro-osmotic treatment, and the second
a laboratory test on a medel pile subjected to a
sequence of consolidatien and electro-osmotic treat-
ment,
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The annlysis is a simplificd form of the houndary
cloment method and is based on the use of elastic
theory. The problem of an end-bearing pile is
illustrated in Fig. 1. As previously described by
the authors (1972, i975), the pile is divided into
a number of cylindrical elements, each acted upon

a uniformly-distributed vertical interaction stress,
Vertical movement of the soil at each element arises
from two sources:

1) settlement of the soil (e.g. due to consolida-
tion), the distribution of which has to be specified
in the analysis - these settlements will be referr-
ed to as '"free~field" settlements,

(ii) the effect of the pile-soil interaction
stresses; an cxpression for this component can be
derived by use of Mindlin's ecquations for subsurface
loading in an elastic mass.

By assuming the pile to deform as an elastic column,
the movement of each element of the pile can be

expressed in terms of the interaction stresses, the
elastic properties of the pile and the applied load
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Figure 1 End-bearing pile subjected
to negative friction



at the pile head. While conditions at the pile-
soil interface vemain elastic, the soil and pile
displacements are equal, and hence by equating the
expressions derived for these displacements, a
solution may be obtained for the interaction
stresses; the distribution of displacements and down-
drag force in the pile may then be obtuined.

However, because only small relative movements be-
tween the pile and scil are needed to cause pile-
soil slip, it is important to incorporate the effects
of such slip into the analysis. This may readily be
done by checking the elastic interaction stresses
against the available pile-soil shearing resistance;
at elements where the available resistance, slip
will occur and the displacement compatibility equa-
tion is replaced by an equation setting the inter-
action stress equal to the available resistance. The
solution is then recycled until the interaction
stresses on all elements do not exceed the limiting
values,

The limiting pile-soil shear resistance T,' is gen-
erally calculated from the Coulomb expression, in
terms of effective stresses, as

LR | ‘ r T
T, et K tang "o (N
where ca' = pile-soil adhesion _
¢a' = effeéctive pile-soil friction angle
s * lateral pressure coefficient
cv' = vertical effective stress

Poulos and Davis {1975) present a series of solu-
tions which indicate conditions wunder which full
pile-soil slip along the pile shaft is likely to
occur, and the range of pile-soil parameters for
which a transition from full slip to purely elastic
conditicns occurs,

2,2 Time LEffects

If the soil movements arise from consolidation (e.g.
due to surcharging or dewatering), the development
of downdrag force and displacement in the pile may
be analysed by performing the above analysis for a
number of times. At each time, the distribution of
excess pore pressure and free-field settlement with
depth can be determined from consolidation theory.
The soil settlement distribution is input into the
analysis while the excess pore pressures are used to
calculate cv', and hence Ta',in Eq. 1,

A series of solutions for the rate of development of
downdrag force and displacement in an end-bearing
pite are presented by Poules and Davis (1975).

2,3 Effects of Electro-Osmosis

Consideration of electro-osmotic flow through a soil

leads to the following equation for a homogeneous
isotropic soil (Esrlg, 1871):

1 3¢

VER = = 22 &3]
<, at

vhere 3 = udMy

u = exXcess pore pressure
e

M = T .Tw

ke = electro-osmotic permeability

k = hydraulic permeability

Yy = unit weight of water

v = applied potential difference

between electrodes

¢y = coefficient of consclidation

Fig. 2 is of identical form to the consclidation
equation from diffusion theory and can be solved
analytically for simple boundary conditions, or by
numerical methods {such as finite differences) For
more complicated cases, ‘The variotion with time of
exceess pore pressurce i within the soil, and in
particular, at the cathode, can thus be determined,
and the change ATa' in the pile-soil shear resist-
ance Ty' can be calculated as:

ATt = o, Kstan¢a' (3

Consequently, it is then possible to calculate the
shape in downdrag load in the pile with time {or
correspondingly, increase in load capacity at the
anode} .,

If a full analysis of pile-soil interaction is tobe
carried out, the effect of the excess pore pressure
u on the free-field settlement near the pile can be
calculated from conventional settlement theory; the
use of an unloading Young's medulus for the soil
would be apprepriate in this case,

3 PREDICTTONS FOR CUTLER CIRCLE BRIDGE PILE
3.1 Prediction Symposium

As part of a research program at MIT (Boston, U.S.A.)
into negative friction, a Symposium was held in 1973
in which a number of gectechnical engineers, includ-
ing the authors, were invited to predict the down-
drag force on a pile at the Cutler Circle Bridge
near Boston, and the subsequent effects of electro-
osmotic treatment of this pile., These predictions
were then compared with the results of a field test-
ing program. The Cutler Circle Bridge was built in
1956 as part of the Interstate Highway System but
was not put into use as the section of highway ad-
jacent to the bridge was not completed. There was
evidence that the piles supporting the bridge abut-
ment had been subjected to downdrag; this evidence
included a 450 mn differential settlement of the
approach slab, settlement and cracking of the slope
protection beneath the bridge, and a backward tilt-
ing of the abutment.

A full description of the Symposium is given by
Garlanger and Lambe (1973). Fig. 2 illustrates the
soil profile and the abutment pile group. Because
the research pile was not instrumented before driv-
ing, the actual load in the pile was not known, and
had to be deduced indirectly. The field testing
program consisted of the following five steps:

{a) a 1.5 m by 2.1 m shaft was excavated and braced
behind the abutment, thus exposing the centre -
pile (the research pile}.

. (b) a small section was cut out of the pile, and
" measurements were made of the strain and movement at

a point (A) near the top of the pile.

(c) the fill and sand immediately surrounding the
pile were excavated to the elevation of the clay
layer, and the movement of point A measured.

(d) . the pile was subjected to electro-osmosis by
passing a direct current between the test pile
(cathode} ard the neighbouring pile (anode), andthe
movement of point A was measured,

(e) with the electro-osmosis still applied, the pile
was jacked back to its original position, and the
required load at the top of the pile was measured.

Working independently, each participant made a
prediction of the behaviour of the test pile,
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Figure 2 Details of Cutler Circle bridge sbutment
including the pile movements in Steps (b) to (d)
above, and the load in Step (e}, The results of a
field and laboratory sampling and testing program
were made available to the predicticns, and this
data is summarized in Fig., 3.

3.2 Prediction Procedure

The first step in the Authors' predictions was to
estimate the existing load at the pile head due to
dead loading. In the absence of other data, this
load was taken as two-thirds of the design load of
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Figure 3 Summary of geotechnical
data - Cutler Circle bridge
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570 kN, The axial load distribution duc to dead
loading and negative Ffriction was then calculated
from the analysis described previously. 1iIn this
analysis, the soil modulus was taken as 8.3 MPaand
that of the underlying sand and gravel layer was
assumed to be 345 MPa. The factor K; tangy' was
taken as 0.30 for the fill, the sand zad the clay
and the distribution of effective vertical stress
gy' was calculated as the sum of the overburden
pressure and the vertical stress due to the cmbank-
ment (the latter being calculated from elastic
theory). One - dimensional consolidation theory was
used to estimate the free - field soil settlements
in the 17 years since placement of the fill. The
analysis showed that the relative movements between
the pile and soil wore sufficiently lurge te cause
full slip along almost the cntire length of the pile
shaft,

Having thus established the conditions along the
pile prior to the field test program, the predic-
tions for Steps (b) to (e} were made as follows:

Step (b): the cutting of the pile was simulated by
removing the estimated axial dead loading of 380 kN.
The strain and movement at point A of the pile were
thus calculated.

Step (c): the effect of excavation of the fill and
sand was considered by reducing the value of 15’
for these layers to zero, and calculating the
corresponding movement of point A.

Step (d): the effects of electro-osmosis were pre-
dicted by carrying out a finite difference solution
of Eq, 2 using a two-dimensional analysis in the
horizontal plane. This prediction presented some
difficulty as the voltage and the treatment period
was not known; s voltage of 32 V and a continuous
treatment period of 48 hours were arbitrarily chosen,
Other parameters used in the anslysis were cy =

32 ma®/sec, k = 1,5 x 107%mm/sec and ke = 0.2 =n’/sec
volt, From the excess pore pressures thus caleulat-
ed, the change in Ta' (Eq, 3), and hence the change
in downdrag load, with time, was calculated. The
consequent movement of the pile with time was cal-
culated by integrating the strains in the pile de-
veloped as a result of the downdrag load changes.

Step (e): the load required to jack the pile back
to its original position was calculated by finding
the load necessary to cause a pile head movement
equal to the sum of the movements in Steps (b) to
(dy, Full slip was assumed to exist along the
length of the pile.

For the gzbove predictions, ne account was taken of
the possible effects of horizontal movements, or of
interaction between the research pile and the ad-
jacent piles,

The Authors' predictions are summarized in Table I.
3.3 Other Predictions

All six predictors used much the same basic aproach,
The load distribution in the pile was calculated for
assumed conditions prior to cutting, after cutting,
after excavation of the £ill and sand, and after
electro-osmosis. Differences between predictions
arose in their estimates of the initial structural
load, the factor Kg tanga', the vertical effective
stress distribution, and the behaviour of the bearing
layer, WNone of the other five predictors considered
the time effects associated with electro-osmosis,

211 assuming that the treatment would be totally
effective in reducing downdrag, Also, all the other
predictors assumed full pile-soil siip along the
shaft,



The range of predictions made by the cther partic-
ipants is shown in Table I. A more detailed des-
cription of their predictive procedures is given by
Garlanger and lambe (1973).

TABLE I

SUMMARY OF PREBICTIONS AND MEASUREMENTS TOR
CUFLER CIRCLE BRIDGE FEST PHE

Authors!
Predictions

Quantity Measured

Valuo

Range of
Participants’
Predictions

Strain at A
after cutt-
ing of pile
(x10"¢}
Movement of
A after
cutting of
pile  mm

100 - 190 365

10.2

Movement of
A after
excavating
sand and
£fill mm

Movement of
A after
electro-
OSMOsis mm

1.7 1,2 - 6.1 2.5

3,6 4.6 4.0

Load to

return pile
to pre-test
position kN

1183 766 - 1677 |= 1920

Comparison Between Predicted and Measured
Values

3.4

The medisured values in the field test are shown in
Table I, together with the predicted values. It is
immediately apparent that the largest discrepancy
between prediction and measurement is in the strain
and movement of point A after cutting, and this re-
flects an erroneously predicted initial load at the
top of the pile. The load required to return the
pile to its original position was also underestimat-
ed becaunse of the underestimate in the initial load,
It was determined from the measured deflections that
this initial load must have been about 1080 kN i,e.
two to three times the values assessed by the pre-
dictors. This difference suggests considerable non-
uni formity of the louwd distribution within the
group, and cven the possibility of some piles carry-
ing tension. This suggestion was confirmed by the
subsequent finding that two of the batter piles had
pulled out of the pile cap. This in turn indicates
that the effects of negative friction on battered
piles arc much more severe than on verticval piles,
as they arc subjected to hoth normat and axiul com-
ponents of 501l movement.

The predictions of the pile behaviour subsequent to
the initial cutting (Steps {c) and (d) are in reason-
able agreement with the measurements, thus demonstrat-
ing that the assessments of the negative friction

and electro-osmosis treatment were satisfactory, An
evaluation of the measured pile deformations indicat-
ed that the maximum downdrag force in the pile,

prior to excavation, was about 1100 kN, as compared
with the authors' prediction of 1375 kN,

The predicted and measurced effocts of clect ro-osmosis
canuot be vompared in detail beeause the field test

1-74

procedure differed from that assumed in the predic-
tion., In the field test, an initial test was per-
formed using a 12 volt car battery, and then a
second test was carried out using a welding generator
at outputs of 30, 45 and 60 amps. The second test
was continued until the pile movement ceased; how-
ever, it was found that 70% of the total movement
wis realized in the Tirst |5 hours, ‘this rate of
movement, and hence downdreap load relief, is much
more rapid than predicted. [Pig. 4 shows the result
of the electro-osmotic treatment and indicates com-
plete relief of downdrag after only about 120 minutes
whereas the predicted time was about 2 days. This
discrepancy may be attributable to the assumed values
of k and cy being too low, or the assumed value of
ke being too large,

Despite the differences between predicted and measur-
ed behaviour, three clear points emerge from the
Cutler Bridge Pile Test:

(1)
piles
(ii)
piles
{iii) electro-osmosis can be effectively used to re-
duce downdrag forces in piles in a vexy short time

and with a relatively small expenditure of elecw
trical power,

large downdrag forces can be developed in
due to negative friction

the effects of negative friction on battered
are much more severe than on vertical piles

4 MODEL PILE TEST

4.1  Apparatus

To obtain further data on the development of negative
friction and its relief with electro-osmosis, a test
was carried out on a medel pile under controlled
laboratery conditions, The apparatus was similar to
that previously used for model pile tests by Mattes
and Poulos (1971). 'Fhe pile was situated in a
cylindrical pressure vessel consisting of three sec-
tions, a base section through which drainage could
be provided and into which the pile was screwed, a
centre scction approximately 400 mm long which was
filled with scil, and an upper section which was
separated from the centre section by a rubber mem-
brane and which contained water under a controlled
pressure, The pile itself consisted of a 25.4 mm
diameter aluminium tube, 400 mm long, and had four
strain gauges installed near the pile base in order
te determine the axial load, To remove the possible
effects of pile bending the mean of the four strain
pauge readings was calibrated against axial load,

After the pile was screowed into the hase, romoulded
Kaclin (LL = 55, PL = 33) was placed uround the
pile, at about the liquid limit. By applying a pre-
ssure to the surface of the soil and allowing drain-
age at the basc and top, the clay could be consol-
idated, thus inducing negative friction and downdrag
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Figure 4 ['ile movement vs. time during

electro-osmosis-cutler circle bridge



into the pile. The axial load at the pile base
could be determined from the strain gauge readings.

To enable application of electro-osmosis to the
pile, a single 2 volt cell of a heavy duty battery
was used as a voltage source, the potential diff-
erence being applied between the pile base (cathode)
and the outer wall of the pressure vessel (anode).

4.2 Test Sequence

The test pile was subjected to the following sequence
of events:

(ay an initial effective consolidation pressure of
34,5 kPa was applied to the soil as a "seating"
pressure (a back pressure of 69 kPa was used for
the pore water).

(b} the consolidation pressure was increased by
34.5 kPa and readings of axial load versus time
taken over a period of about 2 days

(¢} electro-osmotic treatment was applied to the
pile by imposing a 2 volt potential difference
between the pile and the vessel wall for 30
minutes. The voltage was then removed and arest
period of approximately & days was allowed,
during which the consolidation pressure remained
unchanged

(d} a further 34.5 kPa pressure increment was
applied for a one-day period, with readings of
axial load versus time being taken

(¢) electro-osmotic treatment was applied (2 volts
for 30 minutes), followed by a rest peried of
approximately 6 days during which the consolida-
tion pressure remained unchanged

(f) a final pressure increment of 34.5 kPa was
applied for a period of about 2 days.

4,3 Measured Behaviour

Fig. 5 shows the axial load versus time relationship
for the pile, for the whole test sequence subsequent
to the initial consolidation stage. The following
observations may be made:

(1} the first application of electro-osmosis causes
z significant and rapid reduction in downdrag load,
and there is little recovery of this load in the 6
days following the treatment

(ii) the second electro-osmotic treatment has a
similar short-term effect on the downdrag load;
however, ‘a complete recovery of the downdrag load
occurs in the first 12 hours or so following cessa-
tion of the treatment.

The reason_for the re-development of downdrag after
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the second treatment is probably that the treatment
was applied at a much earlier stage of consolida-
tien.. The remaining consolidation settlements which
occurred after cessation of the sccond trecatment
were sufficient to again cause full pile-sand slip
and cause a build-up of downdrag load to the level
it would have achieved if no treatment had been
applied., In contrast, the first treatment was
applied when the consolidation of the clay was near-
ly complete, and consequently, there was little
further settlement and little recovery of downdrag
load.

The implication of these results is that, in field
situations, the reduction of negative friction bya
short period of electro-osmosis may only be tem-
porary if significant consolidation settlements can
occur after the treatment ceases. In such cases,
it may be necessary to apply frequent short periods
of electro-osmotic treatment in order to prevent a
long-term build-up of downdrag load.

4,4 Comparison With Theory
4.4,1 Downdrag force versus time

The solutions presented by Poulos and Davis (1975}
were used to predict the magnitude and rate of de-
velopment of downdrag load in Stages (b), (d) and
(f) of the test. On the basis of previous tests,
Kg tandy' was taken as 0.15 whileé from oedometer
tests, cy was taken to be 0,38 wm“/min. The theory
indicated that, for all three Stages, pile-soil
slip should occur aleng the pile during consolida-
tion, and thus estimates of the elastic parameters
of the soll wers not necessary.

Fig. 6 compares the theoretical and measured load-
time relationships. The load is the sum of the
downdrag load at the pile base and the immediate
axial load increase on the pile head caused by the
increase in consclidation pressure. Because the
same increase in pressure occurred in all three
stages and the pile and soil parameters were assumed
to remain constant, a single theoretical curve ap-
plies to the three cases. There is some variability
between the three measurement curves, and the loads
near the end of consolidation vary rather erratical-
iy, possibly due to drift of the strain gauges.
Nevertheless, the overall agreement is quite reason-
able and the theory appears to be capable of giving
a satisfactory prediction of the magnitude and rate
of development of downdrag force in a pile.
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4.4.2 Downdrag reduction due to electro-osmosis

The reduction in downdrag load due to electro-osmo-
sis was determined by integration the change Ata’
in pile-soil resistance (Eq. 3) over the pile sur-
face. The excess pore pressure u at various times
was obtained by numerical solution of Eq. 2. For
this model test, the boundary conditions differed
from those of the Cutler Circle pile test in that
the anode in the model test was the circular wall of
the pressure vessel, rather than an adjacent pile.
A solution to the medel test problem was obtained
by Townley and Lo (1975) and is shown in Fig. 7.
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Figure 7 ‘Theoretical solution for medel pile

The magnitude of the final maximum excess pore pfe—
ssure developed at the pile is given by

u = —Qgiﬂ - -}~— My
maAX RZ-1 2EnR 9
where R = re/rp {here R = 12.5)

V = applied potential difference be-
tween electrodes

M

#

is defined in Eq, 2 and r, and
Ty, are defined in Fig. 8.

Tests were not carried out to determine the value

of M for the kaolin and therefore various values were
assumed within the range of previously - experienced
values of 5 to 30 kPa/volt,

Fig. 8 shows the observed relationships between down-
drag reduction and load obtained from Stages (¢} and
(e}, together with the theoretical curves for three

Time {min}
a P 2? ) 40 50
T T |
» Sloge (<)
7 « Stage (e}
< === Theoratical
5 50 Volugs of M kPatVv curves
T
=2
k=]
& 100 m——
s
2 130 T
bl
: ~—
200 vy

Hetg; Electro -osmosis  stoppad at 30 min

Figure 8§ Comparison between measured and
theoretical downdrag reduction due to
clectro-osmosis
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values of M, The two experimental curves are simi-
lar and are in quite good agrecment with the theor-
etical curve for M = 24 kPa/volt. When the electro-
osmosis was halted after 30 minutes, the theory
suggests that only 75% of the final excess pore pre-
ssure had been developed. Consecquently, for M =

24 kPa/volt, a further reduction of about 43 kN in
the downdrag load could have been achieved if the
electro-osmosis had been continued,

5 CONCLUSIONS

The results of the field and meodel tests described
herein clearly demonstrate that electro-osmosis can
be effgctively used to rapidly reduce downdrag forces
in piles subjected to aegative frictien. The per-
manence of this reduction depends of the amount of
s0il movement which will occur following the cessa-
tion of electro-osmotic treatment. If this treat-
ment-is applied at a late stage of consolidation,
there may be only small further downdrag forces de-
veloped, whereas, if the treatment is applied at a
relatively early stage of consolidation, almost
complete recovery of the downdrag force may occur,

The comparisons between theory and measurement,
although limited, indicate that the theoretical ap-
proach used can predict, with fair accuracy, the
downdrag force in the pile, its rate of development
and the reduction of electro-osmosis to the pile.
The main problem in applying this theory is (as is
usually the case in geomechanics) the sclection of
the appropriate soil parameters, including here the
clectro-osmotic parameter M.
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1 INTRODUCTION

It is generally recognised teday that the lateral
load carrying capacity of a vertical pile is sig-
nificant im resisting horizontal loads.

Unfortunately the understanding of the mechanism
of soil resistance to laterally load piles and
particularly pile groups is far from complete.

The ability of designers to predlct the load-
deflection characteristics of even a single pile
has wot been resolved to withim acceptable measures
of certainty.

In this paper the authors attempt to indicate some
of the uncertainties that exist in our fundamental
understanding of pile-soil interaction.

The results reported herein are concerned mainly
with the interaction of two piles. The results
indicate that the combined action of two piles can
be substantially less than the contribution of two
individual single piles.

The authors believe that the state—of-the-art on
laterally loaded piles and pile groups is well
served by analytical techniques (Hughes, Goldsmith
and Fendall, 1978). The problem facing designers
today is not the lack of mathematical medels but
the uncertainties involved in choosing suitable
soil parameters to'use in the amalysis, and a lack
of understanding of the process of soil-structure
‘Interaction.

Many variables which are known to affect the response
of a pile group to lateral leading have yet to be

understood fully, and at present are not able to be
quantified with any degree of confidence.
These variables include:

(a) Method of pile imstallation.

(b Rate of load application, i.e. static,
repeated or cyclic,

(e) Effect of pile cap in providing additional
restraint.

(d) Interaction of piles through the soil.

Although the literature reports the results of many
lateral load tests on full scale piles and pile
groups these are often of little help in determining
the influence of the above variables. Full scale
tests are generally constrained to very resgricted
testing programmes, possibly due to financizl

and/or time considerations, hence the parameters
modelling tiie above effects are not easily deter-
mined with any degree of certainty.

Analytical studies can make allowance for most of
these points but the accuracy and therefore
usefulness of these models is dependent upon the
suitability of the soil mecdel used.
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Medel testing has therefore become a common and
widely accepted method of studying the response
of piled foundations to both vertical and hori-
zontal loads.

Since model tests are easy to perform the litera-
ture abounds with the results and conclusions of
such test programes. Unfortunately the results
are often open to considerable interpretation and
are only applicable to the situation in which chey
were obtained. (e.g. placing of sand around pre-
positioned piles — a situation that occurs seldom
in practice).

2 EXPERIMENTAL PROGRAMME

The ‘experimental apparatus used in this study has
been developed with the aim of being as simple as
possible and able to produce accurate and
repeatable results under controlled conditions.
The effect of varying a single parameter, can
therefore be studied more precisely. In this
paper only the effects of varying plle spacing on
rigid, pinned head piles have been considered.

Dry sand has been utilised as the soil medium
since it 1s relatively easy to place uniformly at
a known density. The strength of uniform sand
increases with depth (due to linearly increasing
overburden pressure) thus modelling most naturally
occurring solls which increase in strength with
depth. Further the response of sand to load is
essentially time independent.

The experimental programme has included both rigid
and filexible piles, in dense and loose sand. The
pile heads have been either pinnmed, fully fixed
{nc rotation) or capped,

The results and conclusions presented in this
paper are, however, restricted to the influence
of spacing on pin-headed, rigid smooth piles in
dense sand.

2.1 Pile Installation

A large proportion of the piles used in cohesionless
s50ils today are driven and the effect this has on
the subsequent lateral response is not well under-
stood and can only be aliowed for on an empirical
basis, if at all {e.g. Tomlinson 1977).

Almost all piles used in this study have been
driven. This is in coantrast to the majoxrity of
other researchers who generally place the sand
around the pre-positioned piles - a situation that
occurs seldom in practice (for examgle Prakash 1962,
Davisson and Salley 1970, Singh 1969)

In order to obtain gqualitative information about
the effects of pile driving, both photogrammetric



and radiographic techniques have been utilised to
determine the sand movement which oceurs around a
driven pile or piles,

In the photogrammetric technique a model "half'
plle is driven against the glass side of a sand
filled box. Photos taken before and after driving
can then be compared steresoscopically to determine
the movement of the sand particles. The technique
for measuring displacements was developed by
Butterfield, Harkness and Andrawes (1970).

1l is a schematic view of the apparatus.

Figure

SAND
GLASS SIDE

AGAINST WHICZ\\\\\\\
PILE 1S DRVEN -

CAMERA

FIGURE 1 ~ Schematic View of Apparatus for Fhoto-
grammetric Technique

Pictorial impressions of the effects of driving are
shown dn Figures 2a and b. They are superpositions
of photos taken before and after driving piles

intec dense vibrated sand. The single pile effect
is shown in Figure Z2a.

It is clear that sand grains up to & diameters from
the centreline of the pile have moved.

(Figure 2b indicates the influence of driving 2
plies spaced at &4 diameters.)

Radiogfabﬁs of lead shot embedded at 12 mm centres

in the sand have indicated that the effects of
friction.on the glass plate in modifying the cobserved
displacement patterns are slight. A schematic

view of the radiograph apparatus is shown in

Figure 3.

SCREEN

LEAD SHOT EMBEDDED
IN EQUIVALENT PLAMNE

A

TO GLASS PLATE IN ||
/,f?”:’

Ry

FIGURE ONE
~

~

BGX FULL OF SAND

s 2

FIGUKE 3 - Schematic View of Radiograph Apparatus

Driving alsc causes changes to the insitu stresses
within the so0il. In order te study this effect a
model pile was consbruected with which 1t is possible
to measure the horizontal stress acting against the
pile, at 5 different positions. Figure 4 shows

s

ZONE OF
\/ OBSERVABLE

SAND MOVEMENTS

Figure 2a —~ Sand Movements Caused by Driving a Single Pile

FIGURE 2b -~ Sand Movements Caused by Driving Two Piles Spaced at 4 Diameters
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Dense Vibrated Sand
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FIGURE 5b - Stress Changes caused by Driving a
Second Pile at a 4 Diameter Spacing

the horizontal pressure distribUfIch measured after
driving the pile into dense sand which was placed
by pluviation through air. In comparison,

Figure 5a shows the horizontal stress distribution
against the pile after it has been driven into
dense sand which had been compacted by wvibration.
It is interesting to note that the maximum
horizontal stress is approximately the same in
beoth cases although the position c¢f this maximum
pressure has changed, The stress changes (on the
initially installed pile} caused by driving a
ggcond pile four diameters away are shown in Figure

The main conclusion that can be drawn from these
diagrams is that the effects of driviag are con-
siderable and greatly alter the distvibution of hori-
zontal stresses within the soil. As Figure 3b

shows the changes in horizontal stress caused by
driving a second pile four diameters away from the
first are of the same order of magnitude as the
original stress changes. These stress changes are
likely to be very important in modifying the
subsequent response to lateral load.

2.2 Lateral Loading

2.2,1 Sand Movement
The photogrammetric technique mentiloned earlier has
aiso been applied to the lateral loading situation.

Displacement fields of sand particle movement
obtained for lateral loading of rigid plles in
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Piles at 2 Diameter Spacing

dense dry sand at 2, 6 and 10 diameter spacings

are shown in Figures 6, 7 and 8. Clearly, as the
pile spacing increases, the distance from the front
plle to the limit of chaervable displacements
(represented by the zero displacement contour)
remains essentially constant at 9 to 10 digmeters.
It is significant that the proximilty of the rear
pile does not influence the sand displacement
patterns in front of the front pile. In contrast,
the displacement patte:ns'occurring in the sand N
in front of the rear pile are greatly influenced

by the plle spacing. The sand displacenent
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FIGURE 8 ~ Displacement Field for Laterally Loaded
Piles at 10 Diamster Spacing

contours obtained for a 10 diameter pile spacing
indicate that siganificant interaction is still
occurring. Hence it can be assumed that a spacing
greater than this will be required for plles to

act independently.

2.2.2 Load Tests on Model Piles

Another aim of the two pile research programme has
been to obtain a measure of the acteal distribution
of load between the piles in a group, A schematic
vutline of the experimental apparatus is shown in
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!' l'
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FIGURE 9 ~ Experimental Apparatus for Pile Load-
Sharing Tesis

Figure 3.  The important aspect of the ioading
system is that each pile is forced to displace
precisely the same amount (Fendall 1980). This

is similar to the field situation since piles in

4 group are generally capped with concrete, hence
the pile heads are forced to displace laterally the
same amount. The horizontal loads have been
applied approximately three diameters above ‘the
surface hence the groundline loading comsists of
moments as well as horizental shear.

Typical lead-deflection curves obtained f£rom a
single pile test are shown in Figure 10. It is
clear that these curves are far from linear. It
is also interesting to note that the method of
placing the sand has a substantial effect on the
stiffness even though the densities are exactly

the sane, For example for an applied load of 70N
the difference in the resulting lateral deflections

is approximately 30%.

A. VIBRATED SAND  DENSITY * 3 70 xgief

B. sPrRATED SAND

/”/ B
REFLECTION (mm)
a 10 i+

DENSITY = 1670 Ky, T

190+
LOAD

i)

il
25N

FIGURE 10 ~ Load Deflectden Curves for Single Pile
Tests

A typical leoad-deflection curve obtained using
rigld piles spaced at four dlameiers centre to
centre is shown in Figure 11. The front pile
clearly takes more load than the rear pile. This
is in agreement with the results obtained by other

2001
PINNED HEAD PILES

Total

Load
{n)
1007

40 Spacing

7 ¥ v

i 10
5 Deflection (mm}

FIGURE 1l - Typical Load Deflection Curves for 2
Pile Case
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researchers who have performed model tests and
can be contrasted with the results obtained from
an elastic continuum analysis, such as that showm
in Figure 12 (after Poulos 1971}, which suggests
equal distribution of load between the front and
rear pilles.

2.0k
PILES P=10AD IN INDIVIDUAL PILES
. Fov= TOTAL LOAD IN GROUP/
b L.3r NUMBER OF PILES
P
— — e
LOF /_:‘—_-,:_-..........—---—-_
%///- ,”‘ij__—
ok P I I T
A7 e H
4 % g 9
.
.
or - ® iez 8
[
2 4 6 8 10 L

SPACING/ DIAMETER  (Sip)

FIGURE 12 - Horizontal Lecad Distribution in Fixed
Head Pile Group (after Poulos 1971)

Figure 13 presents the ratio of front pile load

to rear pile load, plotted against pile deflection
for the results shown in Figure Ll. The ratic
stabilises quickly to a near coanstant value.

2,0+
FRONT N
REAR
'I'O 1 L E [} i
2 4 & 8 10

Pile Displacement {mm)

FICGURE 13 ~ Variation of Pile Load Ratioc throughout
Loading

Similar tests performed over a wide range of pile
spacings give rise to the results indicated in
Figure 1l4. Clearly as the spacing increases the
interaction effect becomes less.

Intuitively, this is what would be expected and
the results obtained by Prakash (1962) and
Tamakl et al (1971) tend to support this view.

Figure 15 is a plot of the total, front pile and
rear pile loads acting of the two pile proup
against pile spacing. It is possible to see how
the individual plle load varies with pile spacing.
Phe loads 1a Figure 15 are those requlired to

move the plles 0.5 diameter at the load line,
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Clearly, from both Figure 14 and Figure 15 the
pile spacing required for ne interaction eiffect
is approximately 13 diameters, This is
significantly higher than that reported by other
authors (e.g. Prakash 1962 and Tamaki et al 1971).
Tt is interesting to mote that the load on the
front pile is not influenced at all by the rear
piie except for pile spacings of less than &
diameters. This is conslstent with the sand
digsplacement patterns reported carller and is due to
the fact that the greater part of the plle's
resistance to load comes from the strength mobilised
in the soil in front of the pile and is independent
of influence from the rear pile.

In contrast the lcad on the rear pile increases
linearly to the equivalentsingle pilae load as the
pile spacing increases.

The 'pressure sensitive’ pile previously discussed
has also been used to study the laterally loaded
pile probiem. Figure 16 shows the pressure
distribution against two piles spaced 4 diameters
apart. The pressure distribution contours have
been plotted for three different load line displace~-
ments - namely 1, 5 and 10 mm, The piles ate
square with a width of 20 mm.

It ig noticeable that the sand pressures acting on
the rear plle are substantlally less than thase on
the front pilc. The controld of the pressure
curves on the vear plle ave also significuncly
deeper than those on the front pile.



“2=» HORIZUNTAL LOAD
I B0mm {
N
o 4 Dt )
& 20mm (4 DAl
&
! SCALE HORIZONTAL STRESS (kPal
150 100 50 0 @ __ 30kPa 0 100 150 200
X b )]
PRESSURE CELLSH -
; \kitz::;\\\\‘
| : | o
! .
i 1 2 3 1 2 3
<
= ) ‘ Al e
f
E /]
CONTOUR  DEFLN AT LOAD
1 imm
2 Smm
3 10mm

ASSUMED PRESSURE DISTRIBUTIONS
FOR INTEGRATION

FIGURE 16 - Pressurc Distributions agalest Laterally
Loaded Piles at 4 Diameter Spacing

The sand pressure near the surface quickly reaches
a limiting value (number 5 gauge) as the deflection
is increased while the pressures deeper iln the sand
(gauges 1 and 3) rise to maximum values of between
150 and 200 kPa. The ratio of these horizontal
stresses to overburden pressure exceeds 100 and is
approximately 5 to 10 times in excess of the values
proposed by Broms (1964) and Brinch Hansen (1961)
for these gauge depths.

In order to confirm the quantitative form of the
pressure contours, the curves shown in Figure 20,
have been integrated over the pile width and length
and the resulting forces and moments compared with
the actual applied load. In the analysds the
effect of friction on the pile sides has been
considered to be negligible. Further, if the
pressure distribution between the lowest gauge and
the pile tip is assumed to be that shown in

Figure 16, then the agreement between the
measured and predicted loads is generally within
10%.
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3 CONCLUSTON

In this paper some of the research currently being
conducted at Auckland University on the under-
standing of laterally loaded piles has been reviewed
and some of the major results discussed.

The ultimate aim of the research will eventually be
to apply the resuits to the full size situation,
however, the model studies reported herein have
been performed only with the aim of gaining an
understanding of the soil behaviour surrounding

a laterally loaded pile, and at this stage, care
must De exercised if the results are applied to

the field situation.
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Principles of Side Resistance Development in Rock
Socketed Plles

A, F. WILLIAMS
Graduate Student, Monash Unlversity

SUMMARY An understanding of the principles associated with the side resistance of rock socketed piles has

been developed by considering the pile~rock interface as a confined joint.

The appreoach indicates that

relative displacement between the pile and rock will occur by either sliding of one surface on the other ox

by shearing through the concrete or rock asperities,
across the interface which has given vise to gignificant stresses normal to the pile.
has been found to be a function of the normal stresses and the stremgth properties of the concrete and rock.

In either case, a dilation has been shown td occur

The side resistance

The validity of the concepts developed has been investipated by fleld testing several piles 1 to 1.2 m

diameter and 2 to 2.5 m long in highly to moderately weathered mudstene.

The stresses acting normal to

each pile have been calculated from measurements of strain in the pile segments, and the socket dilations

have been measured by displacement transducers installed in the rock mass.

These measurements showed

agreament with the postulated principles and have allowed investigation and design procedures to be

rationally developed.

Further, the developed principles simply explain the work strengthening or work

weakening observed during field testing of side resistance piles.

1

NOTATION

area

cohesion {(bond) of the concrete-rock interface
apparent cohesion of the joint

cohesion of the rock substance

Young's modulus of intact rock

Young's modulus of a rock mass

peak side resistance

residual side resiptance

asperity angle relative to the cverall shear
direction

mass factor = Ep/Ey

normal force

unconfined compressive strength of rock
radius of a rock socket

shear force

standard deviation of asperity height above a
line running through the roots of the asperities

standard deviation of the asperity angle

side resistance reduction factor reflecting
changes in the strength of intact rock

fsu (for intact rock)
q

=
a

side resistance reduction factor reflecting
changes in the mass modulus

£ .
ey (For foloted tuk)
llqa
normal displacement (dilation}
change in the radius of a rock socket
friction angle of the concrete-rock interface

apparent friction angle of the jeoint
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¢y rTesidual friction angle of the rock resistance
¢s

a normal stress

peak friction angle of the rock substance

-1 shear stress

Vv  Poigson's ratio of a rock mass.

INTRODUCTION

The foundations for high and concentrated loada
frequently censipt of large dimmeter piles smocketed
into rock. Such piles may be designed to carry
their load in side resjstance only, in base resis—
tance only or in both wide and base resistance,
according to the construction methods and local
practice. The allowable values of side or base
resistance are often determined on the basis of
guidelines contained in Codes of Practice, previous
experience or special investigations designed to
sult the need of the particular project.

Investigations copcerning the side resistance of
rock socketed piles have usually involved the

. conatruction and load testing of small or full size

test piles. Typical Investigations, e.g. Rosenberg
and Journeaux (1976), Hvorath (1978) and Williams
et al.
fau, and the residual side resistance fgy, and rel-
ated these capacities to the unconfined compressive
strength, qu, of the rock. As a result, useful
empirical correlations now exist between side resis-
tance and rock stremgth. Unfortunately, investiga-
tore reporting the rvesults of lead reats hiave pot
proveeded willl thelt varfodus avalyses to obilajn

an understanding of the principles assoclated with
the development of gide vesistance, which makes it
difficult to apply data obtained from one set of
conditions to a different situation. TFor example,
the importance of socket roughness dees not appear
to have been fully considered, and no attention
appears to have been glven to the effects of joint~
ing or the rock mass compressibility. These and

{(1980a) have measured the peak side resistance



other factors need to be considered 1f a proper
understanding of side resistance is to be achieved
and sensible pile designs are to be produced.

This paper develops the principles governing the
development of side registance by considering the
pile-rock interface as a joint and by applying the
technology established for rock-rock joints to the
pile-rock joint. The concepts developed have been
supported by laboratory tests designed to simulate
the action of side resistance and by small and large
size field pile tests, with particular attention
being given to the effects of the followimg:

(1) roughness of socket walls
(11}

(111) the modulus of the rock mass including
the effects of joilnting.

construction under bentonite

3 PILE-ROCK INTERTFACE AS A JOINT
3.1 Shear Strength of Joints

The shear characteristics of rough joints which are
applicable to the present discussion may be consid-
ered initially in terms of the bilinear joint modal
(Patton, 1966) and the semi-empirical strength
criceria of Barton (1976). The bilinear model used
by Patton (1966) to describe the behaviour of the
regular joint shown in Figure 1 indicates that
sliding will occur aleong the asperities according to
Equation 1 and that shear will then occur through
the asperities according to Equatijon 2.

T m g tan(ﬁi + 1) 1
T=e 4o tan ¢, (2)

Equatlon (1) indicates that sliding on the inter-
face will not occur if 44 + 1 » 900, which, for
typical values of ¢4 = 30°% to 40°, implies that
sliding will not occur if the asperity angle, 1, is
greater than about 50° to 60°. Asperity angles of
this order meldem occur #n natural joints, however,
they may be common in the case of rock socketed
piles, particularly 1f the socket has been hand ex-
cavated or 1f the socket has been specially grooved.
Further, it may be seen from Equations (1) and (2}
that if $5 + i 1is greater than about 75° to 80°,
i.e. 4f i is greater than about 35° to 50°, only a
small noimal stress will preclude failure according
te Equation (1), and failure will therefore occur
by shearing through the roots of the asperities
according to Equation (2).

0 =Ny
V=3 l

—

Figure 1. Model of a jeoint with regular
asperities (after Patton, 1966)
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Patton's model has treated the interface as a
frietion surface; however, if the conerete is cast
against a clean socket wall, a significant bond will
develop. The presence of such a bond, or cohesion,
will iInfluence the initial mode of failure only,
because 1t will be destroyed if any sliding on the
interface occurs. It is therefore appropriste to
modify Equatfon (1) to include the interface
cohesion, using a static analysis, as shown in
Equation (3) for the condition before shear
displacement has occurred.

4

-~ 8in 1 tan ¢I)

T

* T cos 1 (con T +ao tﬂ“(¢i+ 1) (3)

In order to determine whether fallure will occur
initially along the interface oxr through the roots
of the asperities, Equations (2) and (3) may be com—
bined, then if the normal stresses are considered

to be negligible before the initial failure, the
criterion for initial failure by sliding is given

by Equation (4)}.

c
2 2 cos i{cos 1 ~ sin 1 tan ¢,) > 1 (4)
ci i

In the case of a rock socketed pile observations
indicate that it may be assumed that ¢ = ey, and
Equation (4} then indicates that failure 111 cecur
by sliding only if (45 + 1) < 60° to 65°. .ne
effect of a conerete-rock bond therefore has the
effect of reducing the value of i1, below which
sliding may cccur, to about 20° to 35°.

The foregoing analysis is simplistic and it has been
included tn simply illustrate the commonly accepted
failure mechani~m for rock joints and the importance
of the interface bond and asperity angle. It is
more practical and realistic to consider the shear
characteristics of an irregular joimnt in terms of
Barton's (1976) strength criteria, viz.:

. a
;= tan [JRC logyg G+ 4yl (5

where JRC is an empirical joint roughness
coefficient.

The ratio q,/c effectively provides for a sliding
type of faiiure when the normal stress fs low
compared with the compressive strength of the rock,
and for a progressive Increase in shearing through
the asperities as the normal stress increases.

The joint roughness coefficient, JRC, has been
determined empirically by analysing the stremgth of
various joints with different roughness profiles.
In order to use Barton's equation, the JRC must be
estimated, and this is often done by comparing
typical standard roughness profiles with the profile
in question. This method of determining the JRC 4z
rather subjective and often difficult in practice.
It has been found practicable to describe the rough-
ness of rock sockets in terms of the statistical
shape of the asperities. The statistical shape
parameters found te reflect shear characteristics
by Meyers (1962) for metal surfaces and by Krahn
and Morgenstern (1979) for rock surfaces may be
translated to the standard deviation of asperity
height gbove the root line of the asperities, Sy,
and the standard deviation of the asperity angle,
84, although both Meyers (1962} and Krahn and
Morgenstern (1%79) found that 54 alone adequately
repredented the roughness from the ahear atrength
viewpelnt, A statlatical aonlysie of thoe Typtles)
roughness profiles considered by Barton ($976) has
produced the correlation between the JRC and the



asperity angle 8; as shown in Figure 2, which tends
to confirm the ability of S to adequately represent
the roughness of joints subjected to a constant
normal force.

25 1 1 T T
52
a8%r
—
wn
g —
OO 15 .
ZE
I
=
oo} .
o
5e
<35 JRC » §; x 0-83
2 sF -
[y
()]
Io) | | i ]
(o] 5 10 15 20 25

JOINT ROUGHNESS COEFFICIENT JRC
{ After Barton 1978)

Figure 2 The correlation between Barton's (1978)
joint roughness coefficient and the
asperity angle standard deviation.

3.2 Application of Joint Analysis to Rock Sockets

The discussion above has been based on the concept
of the common direct shear test in which the normal
stress (or force) is maintained at a comstant value
until a2 peak, and sometimes residual, strength is
indicated. Such test results are obviously
applicable to the analysis of slope stability
problems for example, where the normal force is
reasonably constant.

In cases where the joints are confined, as in rock
sockets and 1n many other underground situations,
the normal streas develops as a result of dilation
normal to the jolnt as sliding or shearing occurs
and ax a result of elastic effects, and as such it
1s not constant. The dilation normal to the Joint
is usually small enough to allow elastic theory to
be used to relate joimt dilation to normal stress.
In the case of & rock socket the normal stress
caused by joint dilation may be estimated according
to the expanding infinite cylinder theory, e.g.
Boresi (1965), as indicated by Equation (6)

& o (6)
R 1l+w

o =

The normal stress which results from Poisson's ratio
effects in the pile and surrounding rock mass, and
which should be added to that given by Equation (6),

may be estimated from elastic finite element analysis,

however, preliminary work by Williams et al. (1980b)
has found this to be small compared with the
normal stresses discussed in Section 5.

4 LABORATORY DATA

It is possible to determine the shear character=-
istics of a confined joint by carrying cut a direct
shear test in which the normal stress 1s determined
automatically according to the normal streas—
dilation relationship. Such & teet may be turmed a
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"econstant normal stiffness direct shear test', (CNS
direct shear test}, because the ratio of normal
stress to dilatiom, c/ﬁn, is constant. In the case
of a rock socketed pile the normal stiffness may
be determined according to Equation (&) for the
particular gsocket size being considered.

A direct shear machine has been designed by the
author and built at Monash University to ensble
tests to be made with a constant N/$§,, which provid-
ed a practical approximation to the constant a/8y
concept. The CNS machine was designed to test
specimens nominally 150 mm wide x 200 mm léng.

Initial laboratory tests were made on plaster—
concrete samples with regular 12% and 45° asperities
to provide simple models on which te develop an
understanding of the CNS direct shear test. A
typical result from a test on 45° asperitles made
with a normal stiffness of 1017 kPa/mm is shown in
Figure 3.

The initial dilation angle of 45° showm in Figure
3(b) corresponds to the asperity angle which indi-
cates that the initial lilnear portion of the curves
corresponds to sliding along the plaster-concrete
interfaces. An abrupt decrease in shear resistance
is apparent at a displacement of 3 mm when fallure
occurred through the asperities, however, the normal
stress was apparently unaffected by the asperity
failure. The abrupt decrease in sheat resistance
may therefore be attributed to the loss of coheslon
of the asperity, with the subsequent behaviour
becoming largely frictional as the remaining rough-
ness was worn away. The results of several tests
on plaster—concrete joints with 129 and 45°
agsperities are gummarized in Figure 4.
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o { ] ] ]
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gg PM8
= .
U E
2L -
<
¥
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R
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gsa o 1 ; I ]
g a %) 20 30 40 50
SHEAR DISPLACEMENT mm
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Figure 3 The result of a typlcal constant normal
atiffneps direct abear test on o plaator-
voncrete jofut with regular 45° amperitiea.



Figures 4{(a)} and (b) indicate a significantly
greater sheay displacement and a greater dilaticn
at the overall peak shear stress for the 12°
asperities, however, Figure 4(c) suggests that the
overall peak shear stress is the same for the 12°
and 45% asperities.

The shear tests on plaster—concrete joints were fol-
lowed by similar tests con mudstone-concrete joints,
The mudstone samples were obtained from the sides
of 1 m te 1.2 m diameter scckets drilled in mudstome
adjacent to the test piles discussed in Section 5.
The CNS direct shear tests were therefore designed
to model the behaviour of the test piles.

In the first serles of tests samples were obtained
from I m diameter sockets drilled in highly weathered
mudstone. One socket had been drilled normally
without any specilal regard being given to the socket
roughness, while a second socket was drilled normally
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- E &M “
< E .
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OF 4 1
[
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of 2r P
o 1 I
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o e
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]
I
w2000 |- -
x
<
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0 | ]
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(c}
Figure 4 Summary of constant normal stiffness

direct shear tests on glaster—concrete
joints with regular 12
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and 459 asperities,

and then specially roughened by adding an extra
tooth to the auger. The roughness parameters obtain—
ed are represented by the parameters quoted for the
test piles 53 (roughened} and $5 (normal) in

Table II. The result of a CNS direct shear test on
a specimen from a normally drilled rock socket 1is
shown in Figure 5. Similar results were obtained
for specimens from roughened sockets. Figure S(a)
indicates that’'an abrupt loss of shear resistance
does not cccur as progressive shearing of the
aspexities occurs. This is presumably because of
the dilation which occurs and the normal stress
which develops during the shearing of a confined,
irregular, rough joint. The normal stress and
normal displacement are seen to remain reasonably
constant after the main asperity shearing, while
the shear resistance is seen to decrease gradually
to a residual value. The results of the tests on
specimens from normally drilled and roughened
sockets in highly weathered mudstone are summarized
in Figure 6.

A gecond series of CNS direct shear tests was made
on gpecimens obtained from a 1 m diameter socket
drilled normally into moderately weathered mudstone.
The roughness parameters pertaining to these speci-
mens were gsimilar to those for test piles M1 and M3
as ]isted in Table II. The results of the tests
were similar to those for the highly wea. ered
mudstene, and are summarized in Figure 7.
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Figure 5> The result of a typical constant normal

stiffness direct shear test on a
mudstone—concrete joint. The mudstone
was obtained from a normally drilled
socket in highly weathered mudstone.



DILATION AT

INITIAL DILATION ANGLE DEG

PEAK SHEAR STRESS kPa

Figures 6{(c) and 7(c¢) indicate the effect of normal
stiffness, i.e. rock mass modulus, on the peak side
resistance. This effect 1s particulariy relevant
to the design of piles socketed into a jointed rock
mass in which the mass modulus has been significantly
reduced by jointing (e.g. Deere et al., 1966). In
order to quantify the effect of modulus changes in
a general form, i1t is necessary to normalize the
curves contained in Figures 6(c)} and 7{c) in terms
of the side resistance factor B, which represents
the decrease in side resistance relative to that in
an intact rock, and the mass factor j, which repre-
sents the decrease in mass modulus relative to that
of an intact rock. The result of normalizing the
curves 1s shown in Figure 8, which indicates that
the peak side resistance decreases at a much slower
rate than the rock mass modulus.
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o 1 !
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Figure 6 Summary of constant normal stiffness

direct shear tests on mudstone-concrete
jeints. The mudstone was obtained from
normally drilied and roughened rock
sockets in highiy weathered mudstone.

The results of plie test 53 arealso shown.
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5 FIELD DATA

A series of pile tests was made on 660 mm to 1300 mm
diameter piles constructed in highly and moderately
weathered mudstone. The tests were designed primsy-
ily to measure the peak and resideal side resgistances,
however, the opportunity was taken to obtain field
data conceraing the dilation of pile-rock interfaces
and the development of normal stresses during shearing.

The dilation of the pile-rock interface was assessed
from the results of displacement transducers instal-
led in the rock to measure the radial diplacement of
the rock between a point near the interface and a
point 1 m from the interface, The displacement
measured over the gauge length was adjusted to pro-
vide an estimate of the interface dilatfon relative
to an infipite boupdary (Boresi, 1965). A typical
result is shown with the load-settlement curve for

pile 83 in Figure 9, where it is seen that the
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Figure 7 Summary of constant normal stiffness

direct shear tests on mudstone-concrete
joints. The mudstone was obtained from
normally drilled sockets in moderately
weathered mudstone. The results from pile
tests In the same mudstone are alsc shewm.



TABLE 1

TEST PILE
53 85 M2 M8

Pile dimensions mm

diameter 1170 1120 1300 660

length 2510 2590 2000 180G
Socket roughness Sy mm 8.3 2.3 0.2 -

Si deg 18 11 25 -

Rock unconfined
lcompressive strength kPa 570 620 2300 2000
Residual interface
dilaticn from
transducers in rock mim 2.6 2.5 3.3 -
Residual normal stress
from strain gauges kPa 1190 990 - 1570
Residual side resistance
from load test 505 479 632 804
Residual side resistance
from dilation gauges 760 670 740 -
Reslidual side resistance
from strain gauges?® 460 380 - 770
Regidual side resistance
from laboratory tests 340 220 600 -

Notes:

1 The normal stress has been calculated according
to Equation (6) and residual side resistance has
been calculated from fgo = o tan ¢y with
¢y = 21° for piles 33 and 85, 25° for pile M2
and 26° for pile M8 as indicated from residual
direct shear tests,

2 The residual side resistance was calculated
according to fgp = o tan $,. with ¢, as above.

3 Values selected from Figure 6{c} for piles 83
and 35 and from Figure 7(c) for pile M2 according
to the rock modulus indicated by the pile tests.
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v+l 3/5
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0 2 04 .
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E I o——o MW mudstone normal' roughness
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w
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3

Figure 8 The effect of a reduction in the modulus
of a rock mass on the peak side resistance,
for sockets drilled in highly or woderate-
ly weathered mudstone.
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dilation Increases quickly as the pile load in-
creases and then the dilation angle decreases to a
very small value as the pile apparently reaches a
residual condition.

The development ¢f normal stress was determined for
the test piles from the results of reslstance wire
strain gauges embedded into microconcrete briquettes
and cast inte the test piles. The strain gauges
were placed to measure vertical and radial strain

at various locaticns within the piles. The wvertical
and*radial stresses in the pile were calculated on
the basis of elasticity, e.g. Zienklewicz (1971),

to provide the distribution of vertical stress and
radial (normal) stress with depth.

‘The results obtained from the test piles have been
analysed with respect to the residual side
reslstance and summarized in Table I.

Although there is scme scatter in the estimation of
the residual side resistance ac¢cording to the
various measurements, the estimates are all of the
same order and thus support the suggestion that the
residual resistance depends largely on the develop-
ment of normal stresses due to dilation of the pile
rock interface.

6 DISCUSSION
The preceding paragraphs have demonstrated that the

behaviour of the plle-rock interface of a side
reslstance pile is similar to that of a natural

5000 T y . —
e

4000 |- //
brd
% K SIDE RESISTANCE PILE S3
o 3000 - DIAMETER = 117 m
g LENGTH =2:51m.
- 2000

1000 §

o 3 1 H 1 4

o] 10 20 30 40 50
SETTLEMFqT mm.
a

3

T T T T T T T T T
Stanley Ave.
Pile 53

B
4]
H

[=¥]
(=]
T

angle=0-g°
Unloaded
Unloaded =

Dilation ungle
z|4° -

&

DILATION ACROSS PILE -
ROCK INTERFACE mm.
&
|4

B Note: Dilation gauge readings have been ]
multiplied by 2:0 to obtain the dilation

*4 ¥ bilation across the pile ~rock interface B

angle =3°
O L 1 1 1 i 1 1 1 1
O 10 20 30 40 S5C 60 TO BO 90 100
SETTLEMENT mm.
1o}
Figure 9 The load-settlement curve for a side

resistance test in a roughened mudstone
socket and the corresponding measured
socket dilation.



TABLE II
THE IMPORTANCE OF ROUGHNESS TO SIDE RESISTANCE

Socket Socket £
P;ie Rock Description Size Roughness 9a fsu fsr qsu ~EL
. a
E Sy mm Sy deg kPa kPa  kPa = o fsu
HW Siltstone 1170 dia.
53 (Melbourne mudstone) x 2150 6.4 18 576 503 505 0.89 1.0
1" n 1120 dia.
55 % 2590 3.3 13 620 485 479 0.78 0.98
s12 " . 335 dia. <1 oo - 620 412 275 0.44 0.67
x 900
MW Siltstone 1300 dia.
M2 (Helbourne mudstone) % 2000 10.2 25 2300 640 632 0.28 0.9?
1} o 1230 d{a.
M3 x 2000 3.1 14 2300 110‘ 710 90.31 1.0
MW Siltstone 1220 dia.
Ml (Melbourne mudstone) * 2000 2.3 13 2460 609 609 0.25 3.0
{bentonite)
1] 1 1350 dia.
M4 x 2000 12 27 2340 617 590 0.26 0.96
(bentonite)
Pells 160 t
(1979) Sydney sandstone 710 g smooth 6000 1000 640 0.17 0.64
6 tests ia.
Pells 2 mm grooves
n "
5122215 210 dia. at 10 mm pitch 6000 1030 920 0.17 0.8%
Pells 210 to 7.5 nm deep
(1979) ' " 315 dia grooves at 6000 1240 1160 0.21 0.94
3 tests : 10 mm pitch

rock joint. There appears to be an Initial phase
during which dilation and normal stress increase
rapidly in a manner similar to the sliding phase

of the biliinear model. The rate of dillation appears
to diminish to a negligible value as major shear
planes develop approximately parallel to the direc-
tion of shear, and the behaviour enters a second
phase which is similar in effect to the shearing of
the asperities of the bilinear model. There appears
to be a gradual transition from the first phase to
the second as observed for natural rough jeints by
Barton (1976) and Ladanyi and Archambault {1%70).

The peak side resistance may be regarded as a funce
tion of the normal stress, the bond between the
concrete and rock, the strength of the intact rock,
and the shape of the aspexities. However, the resi-
dual side resistance will depend only on the normal
stress and the residual friction angle of the rock,
with the normal stress being determined primarily by
the dilatlon due to shearing and elastic effects.
The implications of this are apparent when the
results of tests on smooth and rough sockets are
compared for the results of pile tests shown In
Figure 10.

The peak side resistance of a pile cast into a
smooth sided socket will depend on the interface
cohesion, or bond, plus a small normal straess due
to Poisson's ratio effects. Such a pile wiil
experience an abrupt loss of capacity when the bond
1s broken and will have a residual capacity which is
significantly lower than the peak capacity. Pile
behaviour of this type d1s illustrated in Figure 10
for pile C? in a smooth sandstone socket and for
pile $12 in a relatively smooth mudstone socket.
Because the peak side resistance of a amooth socket
depends largely on the concrete-rock bond, any
smearing of remoulded rock or bentonite which may

reduce the bond will alsc affect the peak side resis-
tance. This effect was noted by Pells (1979), who
found that failure to remove a thin coating of
remoulded sandstone reduced the peak resistance by
30%, and that the casting of a pile under bentonite
reduced the peak resistance by 76%.
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MNotes:

|. Pile $3 117Omm.diga. mudstona
rough socket.

Pile $12 335mm.dia. mudstone
mrm. pitting-

;;%_A} 315 mm. dig. sondstone R
‘& mm.grooves
Pile C2 160 min.dia.scndstona smooth sockal,

2 Results for A3 and C2 after Pells (1979}
) | ]

o] 10 20 30

SETTLEMENT mm.

20

PERCENTAGE OF PEAK AVERAGE SIDE RESISTANCE
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Figure 10 The effect of socket rcughness on

sockets in sandstone and mudstone
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The behavlour of piles constructed in sockets with
some degree of roughness has been found to be dis-
tinetly different to the smooth socket piles, as
indicated in Table II and illustrated in Figure 10
for the relatively smooth socket tests C2 and 512

and the rougher socket tests A3 and S3. The pro-—
vision of 7.5 mm deep grooves in 210 to 315 mm
diameter sandstone sockets (Pells, 1979) and Sy of
more than about 3mmin 1.1 to 1.2 m diameter mudstone
sockets was found to iIncrease the peak side resis-
tance by 60% to 80%. The provision of roughness

was also found to increase the residual side resis-
tance to at least 90% of the peak value, as indicated
in Tablie II. Yurther, the construction of piles
under bentonite was found to reduce the capacity of
rough sockets by less than 10%.

7 CONCLUSIONS

The mechanism of side resistance in rock socketed
piles has been shown te be comsistent with the
concepts developed for the shear strength of rock
jodints.

In the case of smooth sockets, the faillure mechanism
kas been found to consist initlally of breaking the
concrete~rock bond which results in a sharp loss of
side resistance, followed by the development of a
small normal stress due to minor interface dilation
and Poisson's ratio effects. The peak side resis—
tance of such sockets has been shown to be sensitive
to the presence of any smear on the socket surface
vhich could reduce the concrete-rock bond. The
residual side resistance of smooth sockets has been
shown to be much lower than the peak side resistance.

In the case of rough sockets, the failure mechanism
has been found to consist of a sliding and progres-
sive shearing of asperities, which produces a signif-
icant dilation across the pile~rock interface. The
side resistance has been shown to approach the resi-
dual condition siowly, generally with little loss

of side resistance because the interface dilation
and assoclated normal stress are maintained natural-
1y at a relatively high level. Although the
provision of roughness on a2 rock socket has been
shown to increase the peak side resistance, it
appears that the peak side resistance does not in-
crease significantly further for asperities Tougher
than about Sy = 3 mn and $4 = 12° (JRC = 10). The
peak side resistance has also been shown to depend
on the modulus of the rock wass, which follows from
the relation between the interface dilation and

the resulting normal stress.
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the Country Roads Board of Victordia,

Mr. T.H. Russall.
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SUMMARY The paper describes a number of case studies in which the deformation behaviour of single piles or

Pile groups has been calculated theoretically and compared with the observed behaviour,

The cases include:

(a) the settlement of two grout-injected test piles in sand, for which "Class A" (before the event) pre-

dictions were made, (b)
ing of clay overlying dense sand, (c)
on pressuremeter data, (d)

soil parameters is also discussed.

the settlement of steel pipe piles and step-taper piles in a sc¢il profile consist-
the lateral response of two test piles, the predictions being based
the lateral load-deflection behaviocur of pile groups tested in Rumania, (e}

the settlement of a large office block founded on rock-socketted piles.
of tests on single piles have been used to predict group behaviour.
calculaticns is based on elastic theory and is outlined briefly in the paper.

In the last two cases, the results
The theoretical approach used for the
The selection of the required

It is concluded that the theory used can give quite acceptable estimates

of pile performance, particularly if used in conjunction with test pile data,

1 INTRODUCTION

The past decade has scen considerable advances in
the develepment of theoretical methods for predicting
the behaviour of single piles and pile groups sub-
jected to axial and lateral leads. Several tech-
niques have been employed, ranging from simplified
closed form solutiens (Randolph and Wroth, 1978) and
boundary element methods of varying degrees of com-
plexity (e.g. Poulos and Davis, 1968); Mattes and
Poulos, 1969; Butterfield and Banerjee, 1971; Poulos,
1971; Banerjee, 1978} to finite element analyses (e.
g. Ellison et al, 1971; Desai, 1974; Valiliappan et
al, 1974; Balaam et al, 1975). A number of compari-
sons have been made between the theoretical and ob-
served behaviour of piles (Poules, 1974; Butterfield
and Ghosh, 1977; Banerjee and Davies, 1979) and these
have generally demonstrated the applicability of the
theory to both model and full-scale piles. Never-
theless, further comparisons are desirable in oxrder
to gain a better appreciation of the capabilities
and limitations of the theoretical approaches, and
alsoc to gain further experience in selecting soil
parameters to use with the theory.

The present paper describes six case studies of com-
parisons between theoretical and observed behaviour
of single piles and pile groups. In all cases, the
theoretical behaviour has been derived from an analy-
sis.which employs elastic theory but z2llows for non-
linear behaviour at the pile-soil iaterface, A
brief review of the theory is given and then each
case is described in detail, with particular atten-
tion being paid to the method of sclection of the
requisite s50il parameters. Two of the cases involve
"Class A" predictions, in the texrminology of Lambe
(1973) i.e. mazde before the measurements were taken,
while the remainder involve ''Class C" predictions,
made after the test results were known,

2 BRIEF REVIEW OF THEORY

2,1 Single Piles

The analyses used in this paper are all derived from
the theory of elasticity, using 2 simplified formof
the boundary clement wmethod, The analysis of asing-
le axially loaded pile using this approach has beon
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. interaction stress.

described by Poulos (1977) and involves the discre-
tization of the pile into a series of shaft and base
elements, cach acted upon by an unknown pile-soil

An expression for the axial
deflection of each clement of the pile can bewritt-
en in terms of these interaction stresses by assum-
ing the pile to deform as an axially loaded cylinder,
A corresponding cxpression for the axial deflection
of the scil adjacent to each element can be obtained
by integration of the appropriate Mindlin elastic
equation for vertical subsurface loading. The ex-
pressions for soil and pile deflections can be
equated and solved to give the distribution of inter-
action stress, and hence deflection, along the pile.
To allow for the possibility of pile-soil slip,
limiting values of the interaction stress can be
specified at each element. An interative analysis
may then be performed to evaluate the load-settle-
ment behaviour of the pile to failure. By introduc-
ing simplifying assumptions, it is also possible to
consider, with reasonable accuracy, piles in nen-
homogeneous soils {Poulos, 1979a).

Single laterally loaded piles may be treated in a
similar fashion, The pile is idealized as a thin
beam, with the horizontal pile deflections being
evaluated from beam bending theory and the soil de-
flections from integration of the Mindlin clastic
equation for horizontal subsurface loading (Poulos,
19713, Again, by specifying limiting values of
lateral pile-soil interaction stresses at cach c¢le-
ment, non-linearity of the lateral responsc of the
pile can be reproduced.

For hand calculations, parametric solutiom's have been
presented for the settlement and lateral deflection
of a single pile (Poulos and Davis, 1980).  For more
detailed computations and cases not readily covered
by these parametric solutions, computer programs have
been developed (TAPILE for axial amalysis, PULL for
lateral analysis).

2.2 Pile Groups

For pile groups subjected to axial loading, a sim-
plified analysis has been developed which ‘invelves
the superposition of “interuction factors' for two
piles {Poulos, 1968), Thesec interaction factors



represent the relative increase in displacement of
a pile due to an identical loaded pile, and depend
on pile spacing, geometry and stiffness relative to
the soil. This analysis enables a solution to be
obtained for the distribution of lcad and settlement
within a group of piles and provides a theoretical
relationship between the group scttlement and the
settlement of an isolated single pile, Such an ap-
proach is very useful from a practical point of view
in that it enables the results of a load test oa a
single pile to be used to predict the behaviour of
a pile group.

A similar approach has been developed for laterally
loaded pile groups except that consideration needs
to be given to interaction factors for both pile
head deflection and rotation due to lateral load and
moment. Furthermore, depending on the head condi-
tions imposed by the pile cap, it may be necessary
to consider both the lateral and axial response of
the piles.

While it is possible to obtain parametric solutions
for the axial and lateral behaviour of pile groups,
the range of variables which can be covered is
necessarily limited, and hence more frequent resort
must be made to a computer analysis tham is the case
for single piles. A program called DEFPIG has been
developed for this purpose.

2.3  Soil Parameters

The major problem in the application of the above
theories {or indeed any theory) to practice, is the
selection of appropriate scil parameters, It has
been found that conventional laboratory tests are of
little direct value for predicting pile performance.
While in-situ tests may provide a more reasonable
basis for parameter selection, their utility still
remains to be fully investigated. The most reliable
means of making predictions is considered to be to
interpret the resuits of a load test on a single
pile in terms of the theory, and then to use the
values of s0il moduius and limiting pile-soil stress
so0 derived to predict the behaviour of the proto-
type piles or pile groups, In the absence of pile
test results, a number of empirical correlations
have been developed for preliminary estimates of
piles in clay or sand. For clay, these correlaticns
relate the soil modulus to undrained cohesion while
for sand, the soil modulus is related approximately
to the relative density of the soil {Poulos, 1974).
Values of limiting skin adhesion and lateral pile-
soil pressure can be estimated from conventional
theories of ultimate pile resistance,

3 SETTLEMENT OF GROUT-INJECTED PILE AT SURFERS
PARADISE, QUEENSLAND

In 1977, a load test was performed on a grout-inject-
ed pile im Surfer's Paradise, Queensland, at the site
of a new residential development. The details of
the pile and the subsocil profile are summarized in
Fig,1., Prior to the load rest results being reveal-
ed, a '""Class A" prediction was made of the load-
settlement behaviour of the pile. The only quant-
jtative information on the subsoil properties con-
sisted of SPT values, and on the basis of these
values, the soil profile was classified as being very
dense sand. Based on the suggestions of the SAA
Piling Code (1978), a constant soil modulus of 100
MPa was assumed, while the correspomling distribu-
tion of ultimate skin friction is shown in Fig.l.
The ultimate base resistuance was calculated using

a value of the bearing capacity factor, Ny, of 180.
The load-settlement prediction was made using the
program TAPILE.
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Figure 1 Predicted and measured settlements
of grouted pile-Surfer's Parad. =

The predicted load-settlement curve is shown in Fig.
1 together with the measured curve. The agreement
is good up to a load of about 500 kN (the working
load on the pile was to be about 550 kN). P:yond
500 kN load, the theory overestimates the settlement
somewhat @nd predicts that full shaft slip occurs
and that any additional leoad is carried by the base,
The predicted 1 ltimate load was 1460 kN whereas the
actual pile carried a load of 2300 kN with asettle-
ment in excess of 80 mm. Even if the failure load
is defined as that to cause a settlement of 10% of
the base diameter, it would be found to be about
2000 kN, still considerably in excess of the pre-
dicted value. The difference is believed to result
primarily from an underestimate of the base bearing
capacity, as the averszge soil modulus and ultimate
skin friction vaiues appear to have been chosenwith
reasonable (if fortuitous) accuracy.

Nevertheless, it may be said that, for a '"Class A"
prediction, based on very limited soil data, the
theory provided excellent agreement with the measur-
ed behaviour up to and beyond the proposed working
load,

4 SETTLEMENT OF TEST PILE TN HAMILTON, N.S.W.

In November, 1978, a load test was carried out on
an instrumented grout-injected test pile in Hamilton,
N.8.W. The soil profile consisted of layers of
clay and sand to 6 m depth overlying an 8 m thick
sandy clay layer which was in turn underiain by very
stiff shaley clay (see Fig.2). The pile was 12 m
tong, 0.45 m diameter, and was reinforced with a
helical spiral steel cage 11.8 m long., It alsocon-
tained a central pipe to which resistance wire
strain gauges were cemented at nine locations in
order to deduce the load distribution aleng the
shaft,

Prior to the load test, a "Class A" prediction was
made of the load-settlement curve to failure and
the load distribution in the pile at various load
levels, Load-settlement predictions were made both
by using a hand calculation procedure proposed by
Poulos {1972), and aiso by use of the progzram



TAPILE, The latter program alsc produced the load
distribution along the pile shaft, From the average
vaiue of undrained cohesion deduced from the cone
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Figure 2 Geotechnical data for Hamilton site

resistance data {taking cu=cone resistunee/15]), 2
ronstant soil modulus Es of 70 MPa was sclccted for
the hand calculations, based on the correlations of
Poulos (1972). For the computer predicticns, a
value of Eg varying linearly with depth along the
shaft from 40 MPa to 80 MPa was chosen. The ulti-
mate skin friction tp was estimated om a total
stress basis from the deduced cy values, and was
taken to be 40 kPa to a depth of 6 m, increasing
Iinearly to 65 kPa at pile tip level. For the ulti-
mate base vesistance, a value of 9 cu(=1660 kPa} was
taken, The pile itself was assumed to have o Young's
moditus of 2 GPa,

Fig.3a compares the predicted and measured load-
settlement curves., The latter were corrected to
exclude time-dependent movements during a peried of
maintained lcading and load removal at a load of
380 kN, The measured settlements are in remarkably
good agreement with both the hand and computer pre-
dictions up te a load of about 600 kN {the design
working load for this pile was 390 kN). At larger
loads, the measured scttlements significantly exceed
the predicted values, and it is obvious that the
actual failure load was significantly less than the
predicted value of 1055 kN. Both the ultimate skin
and base resistances appear to have been overes-
timated in this case,

Fig.3b compares the measured and predicted axial
1pad distributions at leads of 300 kN and 800 KkN.
The agreement is quite good for both cases, except
that the actual load in the pile near the lower
part of the pile is greater than predicted, suggest-
ing that perhaps the seil beneath the pile tip may
have heen somewhat stitffer than assumed. [t is
interesting to note thar, prior to the application
of the test loads, the strain gauge readings in-
dicated considerable tensile strains in the pile,
due possibly to the swell of the grout during cur-
ing or the expansion of the grout due to the devel-
opment of high temperatures during initial curisag.

In summary, the scttlement hchaviour up to working
load has begen quite well-predicted, as in the case
of the Surfer's Paradise pile, flowever, the ulti-
mate load prediction has again been far from ac-

curate; this finding is rather surprising, as it is
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often considersd that ultimate pile loads can be
more accurately predicted than pile settlement.
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Figure 3 Measurement vs prediction-tHumilton
test pile
5 TESTS OF SULLIVAN (1973)

Sullivan (1973) reported the results of load tests
on four piles, (two steel pipe piles and twe step-
taper piles) in a soil profile consisting of stiff
clays and silty clays overlying dense fine sand over-
lying further stiff clay. Fig.4 shows the profile
and the available geotechnical data., "Class O
(after the event) predictions of the ioad-scttlement
behaviour of the four piles during maintained load-
ing tests were made in two ways:

(i} wusing soil parameters selected on the basis of
available soil information at this side and pre-
viously-developed empirical correlations;
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Figure 4 Soil conditions and parameters for

tests of Sullivan {1973}



(if) wusing scil parameters backfigured from the
results of the load tests on one of the steel pipe
piles (Pile 1).

For method (i}, empirical relationships between
drained soil modulus E's and ¢y were used for the
clay while E's for the sand was taken as 110 MPa,
For hoth soils, the drained Poisson's ratio w's was
taken as 0,35, In the clay, the ultimate skin fric-
tion was taken as 43 kPa, and in the sand, Ty was
calculated on an effective stress basis as Fay',
where oy'=vertical effective stress and F was taken
as 1.0 because of the dense nature of the sand.
Based on the SAA Piling Code (1978), Ta was assumed
to reach a limiting value at a penetration of 8 dia-
meters into the sand, TFig.4 shows the distributions
of B's and 74 thus determined., The ultimate base
resistance Phu was also calculated on an effecitve
stress basis as Ng.Ov', with Nq=100, and oy' assumed
to reach a limiting value at a penetration of 8 dia-
meters in the sand.

For method (ii), the measured settlement of Pile i
was fitted to elastic theory at a load of 670 kN to
determine an equivalent average drained modulus of
the soil profile., The resulting value of E'g was
61 MPa.

Having derived the required input parameters, the
program TAPILE was then used to predict the load-
settlement behaviour of the four test piles. Fig,5
shows the curves thus chtained, together with the
measured curves. The following observations may be
made: (i) The predicted load-settlement curves from
both metheds are in reasonably close agreement.

{ii) The predicted settlements are in fair agreement
with the measurcd values for Piles 1 and 3, but are
more than the wmeasurced values for Piles 2 and 4. The
reason for the somewhat stiffer measured hehaviour
of Piles 2 und 4 is not clear, as quick-lecading tests
carried out on the piles after completion of the
maintained leading tests indicated that the settle-
ment of all four piles at working loads was quite
similar., This finding is in agreement with the
theoretical predictions.
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Figure 5 Comparison between measured and predicted
load-scttlement curves tests of Sullivan (1973)
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(iii} The calculated ultimate load capacities are
in generally good agreement with the values indicat-
ed from the load tests.

Piles 1 and 3 were each instrumented with "tell-
tales", thus enabling the axial load distribution to
be determined, Fig.6 shows comparisons between
these measured distributions and those calculated
from the TAPILE analysis, for a working load level
of 530 kN. Bearing in mind the limited accuracy

of the measured distributions because of the small
number of tell-tales, the agreement with the theoret-
ical load distributions is reasonable.
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tests of Sullivan (1973)

This case study indicates that the theory can give
reasonable, if somewhat conservative, predictions of
load-settlement behaviour of both uniform diameter
and step-taper piles, using a common set of soil
data, The usefulness of the previously-derived em-
pirical correlations of soil modulus is again demon-
strated. As with the two previous case studies,

the predicted settlements at loads well towards the
ultimate become inaccurate, but from a practical
viewpoint, such a deficiency in the theory is not
significant.

G TESTS OF PHYDMAN BT AL (1975)

Frydman et a1l (1975) have reported the results of
lateral load tests on twe prestressed concrete piles
driven through highly plastic clay into fine dense
sand in the Haifa Bay area of Israel, Fig,7 shows
the soil profile, together with geotechnical data
obtained frem SPT, vane and Menard pressuremeter
tests, One of the piles (Pile A) was instrumented
with a slope indicator casing along its length, and
in order to minimize its head rotation, had its
upper part oncased in a rigid concrete block support-
ed on knifc cdge supports resting on the ground
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arrangement

surface. The other pile (Pile B} was free-standing
and had dial gauges at two points above the ground
surface in order to measure both deflection and
rotation (see Fig.7). Loading was applied by means
of a jack zeting between the piles,

In calculating the theoretical behaviour of the piles,
it was decided to attempt to use the Menard pressurc-
meter tests divectly to obtain the soil modulus g
and the lateral pile-soil yield pressure Py, g was
taken to be the value determined directly from the
pressuremeter results and reported im the paper. TPy
was taken to be ep.Ne, where ¢y was determined as
the pressuremeter limit pressure divided by 5.5;and
Ne varied between 2 at the ground surface to 9 at a
depth greater than or equal to 4 diameters, For
Pile A, the presence of the concrete block caused
some difficulty in the choice of an appropriate head
condition in the analysis, It was felt that the
concrete block, while reducing head rotation, would
not compietely eliminate it, and it was therefore
decided to assume that the block carried the mement
load, while the shear was taken by the pile itseif,

Two sets of calculations were carvied out: (i) as-
suming Piles A and B are iseolated and do not in-
fluence each other; the program PULL was used for
this calculation, (ii) assuming Piles A and B inter-
act; the program DEFPIG was used and the piles
analyzed as a two-pile group, Pile A being subjected
to shear only and Pile B to both shear and moment.

Fig.8§ compares the theoretical and measured load-
deflection curves for Pile A at the ground line, As
would be expected, the theoretical curve allowing
for interaction gives smaller deflections and rota-
tions than if the piles are assumed isolated, The
cffect of interaction on rotation is less than on
deflection. For loads up fo about 60 kN, the agree-
ment between both the theoretical curves and the
measurements is quite good, but at larger loads, the
neasurod values are larger than the theoretical
values. Fig.9 comparces theoretical and measured de-
ficction profiles along Pile A at two Jdiffervent Toad
levels, At the lower load of 43 kN, c¢xcellent aprec-
ment is feund between the measurcments and the theor-
etical curve including interaction effects. However
at the higher load, the agreement is not as good,
particularly near the surface. Whether this dis-
crepancy is due to the assumed parameters or the
pile head condition changing &s the load increases,
cannot be stated with certainty, although the latter
appears to be more likely in view of the good agree-
ment at lower load levels,

Detailed measurements were not reported for Pile B,
but at a icad of 43 kN, the measured deflection of
Pile B 470 mm above the groumdline was 4.1 mm. The
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caleulated deflection, assuming Pile B to be an iso-
iated pile, was 6.3 mm; taking interaction into ac~
count gave a deflection of 5.8 mm, which is in
slightly better agreement with the measurements.

This case study thereforc suggests that the results
of pressuremoter tests may be appiicable to the pre-
diction of lateral pile performemee, although more
case studies would be required in order to gain
confidence in this application. In addition, it
illustrates the importance of considering the iater-
action between two test piles jacked apart.

7 PLLE CTESES BN HUMANTA (Manolie of o), 77
Manoliu et al (1977) have prescnted the results of

a program of field tests in Rumania on single piles
and pile groups subjected to both axial and lateral
loading. The subsoil profile at the site is shown
in Fig.l0a. Six single piles were tested, two under
axlal load, and four under lateral lcading. The piles
were of reinforced concrete, 17 m long (embedded
lengrh 16 m), and generally of 0.4 m square cross-
section, although some were of rectangular sacticn
(0.35 m by 0.45 wm}, Five different groups were sub-
jected to lateral loading, three groups of two ver-
tical piles, ocne group of two battered piles, and
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one group of threc battercd piles, as shown in Fig.
10b. The published data thus provided a good op-
portunity for the "Class C" prediction of the load-
deflection behaviour of the pile groups, using the
single pile behaviour in conjunction with the theor-
etical analysis of pile group response.

The first step in the prediction process was toat-
tempt to backfigure the average soil modulus and
limiting pile-soil stress values for axial loading
by fitting the theoretical solutiocns to the measured
load-settlement curves. This involved a trial and
error process using the program TAPILE. Fig.,lla
compares the best-fit theoretical load-settlement
curve and the two measured curves, and indicates the
parameters used for the fit. Both the soil modulus,
Esy, and limiting skin friction Ta, were assumed
constant with depth. While a reasonable fit is ob-
tained at relatively low load levels, the theoret-
ical curve shows too stiff a response at higher
loads, This is a previocusly-observed characteristic
of analyses with constant Egy and Ta, and a better
fit could have been obtained by altering the dis-
tributions of these parameters., However, the dis-
crepancy should not lead to serious inaccuracy in
group deflection response predictions until relat-
ively high load levels are reached,

The second step was to backfigure the average lateral
soil medulus, Egh, and limiting lateral pile-seil
pressure py by a similar process of trial and error,
using the program PULL 2B to generate the theoretical
curves, Figs,11b and ¢ show the fit obtained be-
tween the theory and the four measured curves, using
constant values of Esh of 35 MPa and py of 0.2 MPa.
In the light of the variability of the measured re-
sults, the fit obtained is quite reasomable. It is
interesting to note that the backfigured modulus
value for lateral loading, Esh, is one-half of the
value for axial loading, Esy. This difference is
probably attributable largely to the effects of pile-
soil separation at the back of the laterally loaded
pile.

The first step in the prediction procedure was to
usc the backfigured parameters from the single pile
tests to predict the entire lateral load versus
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deflection behavicur of the pile groups, using the
program DEFP{G. This necessitated the estimation of
the lateral efficiency factor ni, by which the value
of py was reduced to aliow fro group effects, Based
on a small amount of previous data and experience,
values of 0,85, 0.6, 0.9 and 0.7 were chosen for
Groups A, C, D and E respectively.

Fig.12 shows the predicted and measured load-deflec~
tion curves for the above four groups. The agree-
ment for the two groups with vertical piles (Groups
A and C) is very good over the entire load range.
For the groups containing battered piles (Groups D
and E), the agreement is less satisfactory; the
theory overpredicts deflections at lower load levels
and underpredicts at higher load levels. Nevertheless,
the agreement is not unzreascnable, bearing in mind
the possibility of some variation in soil conditions
from Zone II, where these groups are located, to
Zone I, where the single test piles were located.

In summary, this case suggests that the philoscophy
of using the single pile tests to evaluate the pile-
s0il parameters and then using the theory to predict
group response, is basically sound.

8 COVENTRY POINT OFFICE BEOCK (Cole and
Stroud, 1977)

Cole and Stroud (1977) have described some aspects
of the foundation design of a medium rise office
development, Goventry Point, in the city of Coventry,
U.K., The development consists of two inter-linked
office blocks of fifteen storeys (Block A) and six-
teen storeys (Block BY which have been supported on
groups of rock-socketted piles. The subsoil profile
consists of up to 5 @ of fill and firm silty sandy
clay overlying siltstenes and sandstones of varying
strength, interbedded with extensively-weathered
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Bamds of mudstone (Fig.l3a). Typically, SPT values
in the upper layer ranged between 10 and 50¢, whereas
below 5 m, values between 100 and 400 (with occa-

sional larger values) were experienced., To aid the
foundation design, a contract pile, 1,06 m diameter
and approximately 8.5 m long, was test loaded. This
pile settled 12 mm under the design load of 4.5 kN,

In order to assess the applicability of pile settle-
ment theory to this case, the above test pile data
was interpreted to obtain modulus values for the
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subsoil profile, and a group scrttlement analysis was
then performed for Block B, Three different assump-
tions werc uscd in interpreting the test pile re-
sults: (a) & coastant moduius By with depth, (b}

a linearly increasing modulus with depth, (¢} a
two-layer profile, with the upper 5 m having a mo-
dulus one-fifth of the value for the underlying
material (this assumptions was based on the SPT re-
sults).

In cach case, the program TAPYLE was uscd to develop
relationships betwcen the pile head settlement and
modulus, from which the modulus to give a 12 nm
settlement was determined, The following values
were obtained for the threc assumptions listed:

(2} Eg = 51.3 MPa

(b} Eg at 8.5 m depth = 78.1 HPa

(e} By {0-5m) = 12.6 MPa

Gg (5 m*) = 63 MPa,

C

The program DEFPIG was then used to compute the set-
tlement of Block B, which was founded primarily on
13 piles, 1.22 m diameter, and penetrating to 8 &
below the ground surface (Fig.13b), A rigid pile
cap was assumed, and based on the available informa-
tion, a dead loud of 65.5 MN was assumed to act on
the foundation., Table 1 compares the three predict-
cd settliements with the measurcd settlement approx-
imately 18 months after completion of construction.
Good agreement 15 Tound with the values fromassump-
Lions (Y and (@), The settlement predicted on the
assumption (a) of a constant modulus is too large,
as a result of the larger scttlement interaction
factors which cceur in this case (Fig.1d).

A closer examination of the rate of settlement dur-
ing and after construction reveals that the actual
settlement developed more slowly than given by the
theory if the settlements are assumed to occur
instantancously upon application of the leoad (Fig.
13¢). This slovwer development of settlement and the
continued increase after completion of construction
are probably a consequence of censolidation of the
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Two interesting points thus emerge from this case
study: {a) the theory appears to provide a useful
link betwcen the settlement of a single pile and a
pile group, provided that a judicious assumption is
made regarding the distribution of modulus with
depth, (b) the time-dependence of settlement is
more pronounced with pile groups than with single
piles, as predicted theorctically by Poulos (1968).
llowever, practical solutions for the rate of scttle-
ment of pile groups have not yet been published;
moreover, in this case, the interbedded nature of
the soil profile would make accurate prediction of
time-scettlement behaviour difficult.

TABLE 1
COMPARISON BETWEEN MEASURED AND THEORETICAL

SETTLEMENTS, COVENTRY CENTRE - BLOCK B
Method Settlement
mm
Calculated for Constant Eg 36.5
Calculated for Linearly 29.3
Increasing Eg
Calculated for 2-Layer Profile 32.0
Es (0-5m) = 1/5 Eg (5m")
Measured, 1% years After 28,6
Completion of Construction

g CONCLUSEONS

The case histories examined in this paper have in-
volved single piles and pile groups subjected to
axial or lateral loading, and a common theoretical
approach has been applied to the prediction of the
load-deflection behaviour in ail cases. The requi-
‘site soil paramcters have beon estimated in a viricty
of ways, including empirical correlations based on
previous experience, the interpretation of load test
results, and the application of pressuremeter data, .
The agreement between the measured and theoretical
behaviour has been found to be generally satisfac-
'tory, cven for the two "Class A" predictions where
‘the soil parameters were based on empirical correla-
tions, For the pile groups, successful predictions
of load-deflection behaviour have been made by using
s0il parameters backfigured from single pile load
tests.

However, the predictions for hattered pile proups
appear to be less satisfuctory than for groups of
vertical piles, und there may be some scope for im-
proving the theory for battered pile groups. In
addition, it is desirable, when predicting group
behaviour, to assume a reasonable distribution of
s0il modulus with depth, as the interaction factors
may be overestimated if a homogeneous soil mass is
assumed,

Provided that an appropriate measure of engineering
judgment is employed, the elastic-based theory ap-
pears to provide a reasonable practical basis for
predicting the performance of pile foundations sub-
jected to axial or lateral loading.
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SUMMARY

This paper describes the design, construction and use of a retrievable test rtig for evaluating
the performance characteristics of large diameter pile rock sockets.
ground level, lowered into a contract socket, and concreted into position.

The test rig is prefabricated at
Large flat jacks react against

the base of the socket to force a concrete annulus, representing a section of the pile shaft, upwards

eventually to failure.

The side shear resistance characteristics to failure and the base resistance
characteristics well in excess of design load may be determined.

After testing, by use of special design

features, the rig and concrete may be rapidly removed from the socket to allow the contract pile to be

completed.

The results of two such tests conducted in a contract socket of a major construction project

in Melbourne are reported to demonstrate the effectiveness of the technique.

1 INTRODUCTION

The Rail Overpass from Flinders Street Station to
Spencer Street Station of the Melbourne Underground
Rail Loop Project intluded the construction of 105
bored piles of which 85 were to be socketed into the
Silurian Mudstone underlying the poor quality near
surface soils, These piles were generally of

1000 mm and 1250 mm nominal diameter to carry work-
ing loads of between about 3.5 MN and 6.0 MN. The
depths to the upper surface of the mudstone varied
from about 2 metres to-35 metres from ground level

with socket 'lengths -of between about 5 and 15 metres.

During December 1975, the Department. of Civil Engin-
eering at Monash University was approached by John
Connell-Mott, Hay § Anderson, Hatch, Jacobs, Princi-
pal Consultants for the project and entered into
discussions concerning the possibility of developing
and conducting a limited’ test programme to verify
the design adequacy of, and to provide further per-
formance information on the:pile sockets to be form-
ed the following year. L

However, from the inception of the test programme, it
was recognised that a. number of constraints had to
be imposed on the development of the programme, the
most important of which follow :-

(a) The tests should take place in one of the cont-
ract sockets at a considerable depth below ground
level. L . :

{b) The tests were to take place during the execut-
ion of the piling for the contract and therefore had
to be designed to cause a minimum of interference to
the contract.

(c) On completion of the test programme, the pile
socket was to be restored and handed back to the
contractor for completion as a contract pile.

{(d} 1t was desirable to conduct the tests to well
in excess of working loads, preferably to failure.

{e) Although a number of fully instrumented pile
loading tests have been reported in the literature,
it was the authors' opinion that information from
such tests was subject to a varicty of problems inc-
luding interpretation, time delays, and instrument
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reliability, Therefore it was considered that the
tests should be as definitive as possible.

: PRINCIPLE OF TESTING TECHNIQUE

During the development stages, a great number of
possible solutions were examined but the overriding
constraint concerned the need to minimise delays to
the contract. It became evident that the technique
should involve the minimum possible operaticns in
the socket to set up the test. This could be best
achieved by prefabricating the test rig, including
all loading devices away from the contract area.
When the socket became available, the test rig could
be located in the socket, the test conducted and the
test rig immediately removed. The general princi-
ple of testing is illustrated in Tigure 1.

A base plate was located immediately beneath three
920 mm diameter flat jacks, each of about 8600 kN
capacity. The reaction frame, resting on top of
the flat jacks had two purposes. Firstly it prov-
ided a space between the base of the socket and the
socket wall test scction 8o as to remove the likeli-
hood of significant interaction effects. Sccondly
it provided a location for a large water pump which
was considered necessary to remove the guantities

of ground water likely to seep into the socket.
Located on top of the rveaction frame was the sect-
ion of the test which was to be concreted against
the socket wall to represent a section of pile
shaft. However, had this cylinder of about 125C mm
diameter consisted of in-situ concrete, considerable
difficulties in both time and effort would have been
experienced in its removal after testing. Therefore,
the technique adopted was to centrally locate an
inverted truncated cone, or bucket, on top of the
reaction frame. The bucket was made of thin steel
plate into which concrete was cost with sufficient
ducts to altow the passage of various hydraulic and
pump connections.

At the base of the bucket was a 220 mm diameter flat
jack of 400 kN capacity. The purpose of this flat
jack was to relcase the bucket after testing from
the thin concrete annulus cast around the bucket to
form the side shear resistance section. Once the
hucket was released, the thin concrete annulus
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could be easily broken out and removed to allow the
remainder of the test rig to be lifted from the
socket.

Since on inflating the large flat jacks it was diff-
icult to ensure that both base and side shear resist-
ance became fully mobilised, the dimensions of the
side shear section were fixed at one metre length so
that this section could be failed with the base

pressure reaching about three times the design stress.

The vertical deflections at the base of the socket
were to be measured at two diametral peints. The
deflections of the side shear section were measured
at four points each at the bottom and top surfaces.
Tt was considered that LVDT transducers suitably
waterproofed could relay the measurements to the sur-
face, but if they were attached to the rig itself,
the socket wali or the safety liner, they would be
susceptible to movement. The nearest rigid cbject
was considered to be the main pile casing which was
sealed into the top of the rock socket several met-
res above the test location, Therefore, the solut-
ion adopted consisted of transmitting the deflections
from the ten points of measurement to the level of
the bottom end of the pile casing by means of steel
rods. These ten rods extended through the instru-
ment ring which was rigidly bolted onto the pile
casing. The transducers were mounted on the instru-
ment ring. The instrument ring had a 800 mm inter-
nal diameter to allow the passage of a mancage for
operations required in the socket itself.

Two tests were conducted in one socket; the first
with the test rig located at the base of the socket

and the second some four metres above the first loc-
ation by making use of a four metre long concrete
spacing column placed at the base of the socket.

.. Full details of the design and construction of the
‘rig may be found in Johnston and Donald (197%).

3 TEST PROCEDURE

Site. operations commenced with a "windowed” safety
liner in the socket for a detailed inspection and
sampling of the rock socket surface. A water pump
was then removed to allow the placement of a thin

"bedding layer of grout at the base of the socket.

The safety liner was removed and the test rig lowered
to the base of the socket (Figure 2). This was foll-
owed by the lowering of a second shorter safety liner
so that its lower end was about (.5 metre above the
test rig and was secured by slings to the top of the
pile casing. . Although there were no rock falls from
the sides of the socket, the safety limers were used
at all times.

Lowering of test rig
inte the socket.

Figure 2

The top plate of the reaction frame was 1100 mm dia-
meter and the socket was nominaily 1250 mm diameter.
This left a gap of approximately 75 mm which was
plugged with strips of high density foam rubber. Imm-
ediately after placing this gasket, 2 50 mm layer of
rapid setting concrete was placed over the visible
portion of the top plate of the reaction frame to
complete the seal, Once set, the remainder of the
concrete annulus was placed and vibrated. The instru
ment ring was then positioned, the instrument rods
placed, the hydraulic connections made, and finally
the transducers were instalied and adjusted.

Once all these operations were completed, the mancage
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and "down-hole' operater were lifted from the pile
casing and the test leading was ready to commence.
The pressurising equipment of electric and manual
pumps, and the recording equipment consisting of
digital data logger, chart recorders and pressure
gauges were all located at the ground surface.

The test itself was conducted by pressurising the

large flat jacks and recording the transducer outputs.

The load was applied in increments, with some load
cveling, until excessive creep movement in the side
shear section cccurred, making it impossible to main-
tain a constant pressure in the flat jacks,

Immediately after the test, the rig was removed from
the socket by a reverse procedure to installation.
The main variation concerned the removal of the con-
crete annulus. Once the instrumentation was rem-
oved, the small flat jack at the base of the bucket
was inflated to release the bucket which was then
lifted clear, The cencrete annulus could then be
broken out before iifting the rest of the rig from
the socket.

The total duration of each test from initial inspect-
jon to final remecval of the rig was Tl and 8 working
days respectively for tests 1 and 2.

4 TEST RESULTS

Two tests were conducted in the socket of pile No.
7A, immediately south-east of the Flinders St -
Spencer St, intersection. A much simplified geol-
ogical profile at that lecation consisted of some
Fill, soft clays and silts overlving stiff and vory
stif0 clays anmd silts to a depth of about 22.5 metres
below ground kevel.. Below this depth, the Silurian
Mudstone was encountered and was generaily found to
be moderately weathered with clean tight jointing of
about 60 mm spacing and a dip of approximately 80°.

Based on borechole data and on sccket inspections, a
genceral description of the test locations, classi-
fied according to the zone gradings defined by Neil-
son (1970) is as follows :-

{a) Base of the socket.
This was located at a depth of 35.7 metres and was
immediately underlain by medium grey mudstone of
Zone 3 weathering. At a depth of about 36.0 metres,
the mudstone appeared to become more fractured inc-
reasing its weathering designation to Zone 2. At
about 36.4 metres the mudstone appeared to be of
Zone 1 until about 36.7 metres. At this depth the
mudstone quality improved to Zone 3, becoming Zone
3-4 at about 36.9 metres to at least about 39.0
metres.

() Socket wall - Test 1,
The concrete test section was cast against the
socket wall between depths of 32.7 and 33.7 metres.
The tock at this location was generally a medium
grey mudstone of Zone 4 weathering. There appeared
to be insignificant softening of the socket wall
during the pericd between the drilling process and
immediately prior to casting the test annulus.

Samples recovered from this location yielded an
average meisture content of 9.3%, which corresponded
to a compressive strength (o,-03) of about 5600 kPa
for cores tested under a confining pressure of 690
kPa, Measurements of the roughness of the socket
wall at this location indicated that the surface was
undulating with asperity heights of between about

5 amd L0 mw at wavelengths of about 100 mm.

(¢) Socket wall - Test 2
The second test leocation was between 28.7 and 29.7
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metres depth,  The mudstope was genevally davk greyw
and pyritic, Weathering was such that at 28.7 met-
res, the mudstone was of Zongc 2, with a clay Zone 1
fault between 28.73 and 28.83 metres. Below this
level, the mudstone was generally Zome 3 to 29.7
wmetres with a thin layer of Zone 2 mudstone between
29,31 and 29.56 metres. Samples recovered indicated
an average moisture content of about 11.7% which
corresponded to a confined compressive streagth
{ay-o3) of about 3600 kPa. The roughness of the
socket at this lecation was similar to the location
of test 1.

The average load-displacement curves for side shear
resistance and for basc resistance are shown in
Figures 3 and 4 respectively.

5 DISCUSSION OF TEST RESULTS

5.1 Side shear resistance - Test 1.

Figure 3 shows that the initial porticn of the load-
displacement curve is very steep with negligible
displacement at loads up to about 500 kN.  The aver-
age displacement of the annulus at the design load
of 785 kN {200 kPa) was about 0.3 wm, and at three
times design load, it was about 2 mm. The socket
section cxhibited work strengthening behaviour with-
out actually reaching a peak lead at an average
displacement of 12,5 mm.  However the curve is
relatively flat at displacements beyond about 10 mm,
at which the load, 4144 kN, may be token as the
failure load. This load corresponds te a maximum
side shear resistance of abont 1050 kIa,
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Fipure 3 Side shear resistance
load-displacement curves.

In conventional design, the saturated mudstorc is
treated as a ¢ = 0 material giving an undrained
"eohesion” of 2800 kPa. Therefore, the side shear
resistance reduction factor, ., is given byv:

shear stress at failure
¢” Tundrained "cohesion”

_ 1050 _ . .
= sigs = 0-37

5.2 . 5ide shear resistance - Test 2

Figure 3 zlso shows that the average load-displace.
ment curve for Test 2 is similar to Test 1, except
that the initial behaviour is slightly stiffer.

The displacement at the design load of 383 kN (1060
kPa) was too small to be measured, and even at three
times design load, it was only (.4 mm.,  Using 10 mm



displacement as a criterion, the failure load for
Test 2 was 3600 kN, equivalent to a side shear stress
of 943 kPa. As before, the estimated undrained
“cohesion" of the rock would be on average about

1800 kPa.

%c® 1800

The unleoad-reload curves for both tests show very
stiff behavicur and little hysteresis, and creep
behaviour was insignificant at stress levels below
failure. It can be concluded that a socket in this
material would not exhibit work softening behaviour
at acceptable levels of deformation, and that the
component of deformation due to live load would dec-
rease markedly after the first full loading.

5.3 Base resistance - Test 1

Figure 4 shows the average load-displacement curves
for the base. However, for this component of the
test the grout layer at the base of the socket did
not achieve the desired rigidity. Consequently,
this layer was relatively compressible and its decw
rease in thickness under load represented at least
70% of the total measured base displacement of 19.9
mm,  The value of 70% was estimated from the indent-
ation on a thin base tray (Figure 2), originally
incorporated in the design as a protection against
grout penetration of the flat jacks when the rig was
to be seated initially on wet grout.

5006' E
Test 1
o em— Tast 2

FURURE S I Vi

4000

APPLIED LOAD — kN

0 S 10 18 20
VERTICAL DISPLACEMENT — mm.

Figure 4 BRase resistance load-
displacement curves.

The average maximum normal stress bereath the bhase
plate was 4360 kPa, which was 2.73 times the desipgn
stress of 1600 kPa.  The load-displacement curve is
guite linear over its final section, and the basc
behaviour was still within the elastic range. it
is impossible to predict from this curve what the
ultimate base failure load would have been, but it
can he stated with confidence that the factor of
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safety against end bearing failure would be signifi-
cantly higher than 2.73.

5.4 Base resistance - Test 2

The reinforced concrete spacer column used for this
test was placed in the depression in the grout caused
during Test 1. The load displacement curve shown
in Figure 4 does not show the large irrecoverable
grout compressions of Test 1. However, based on
the shape of this curve it is likely that some bedd-
ing compression was still present. The average
stress under the base plate, at maximum load, was
3750 kPa at 11 mm total displacement. This was
equivalent to a safety factor of 2.34 on the design
stress. As before, the base behaviour is still
essentially elastic and there is ne indication of
incipient failure.

6 CONCLUSTONS

In this paper, the design, construction and use of
a retrievable test rig for the determination of the
performance characteristics of large diameter rock
socketed piles has been described.

The test rig may be used to evaluate load-displace-
ment curves for side shear resistance to "ilure and
for base resistance to at least twice the . »sion
load. The test rig has the advantages of ailowing
a complete test to be made in a matter of days, with-
out significant delay to a contact, at minimal dist-
urbance to contractors, in a contract socket and
without the neced for costly external loading systems.

The results obtained from the two tests showed that
the design of the rock socketed piles was adequate
with side shear resistance reduction factors, ag,

of 0.37 and 0.52 for failure of the mudstone of con-
fined triaxial shear strengths (oy-03 at g3 = 690
kPa) of 5600 kPa and 3600 kPa respectively.
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SMMARY An investigotion is described in which two steel H-piles were driven in Sydney Harbour through
harbour sediment into the sandstone bedrock and the uplift capacity of the "rock sockets" measured as the

piles were withdrawn.

An on-lend driving test designed to confirm that steel piles can be driven s:Lgm.-

ficant distances inte medium-strength (10-15 MPa unconfined compressive strength) Hawkesbury Eandstone is

also reported.

The results indicate that, at the Sydney Harbour zite, a substantial contribotion to wplift resistance can
be reliably obtained from the bedrock using heavy-driven aclid section steel piles.

1 INTRODUCTION

When a piled vwhaxf structure is not braczable
against the shore, berthing and mooxring forces are
registed by the weight of the structure, by raker .,
piles if these are used, and possibly by the up-
1ift resistance of vertical pilees provided by soil
and perhaps bedrock. In cases where large deck
widths and deck weights are fixed by factorsz other
than berthing and mooring forces, the piles may
not be required tc provide any uplift resistance
at all. In general, however, all potential ways
of providing such resistance need to be considered
in optimising a design.

The contributicen of soil astrata to resisting up-
ward and downward leading can be calculated by
standard soil mechanics methods using site in-
vestigation data. If bedrock is coverlaid by only
several metres of soil the contribution of the
s0il in supporting downward loada is ofien small
by comparison to that offered by the rock, and
detailed soil investigation and analysis is seldom
warranted. If uplirt ie involved, however, the
goil i more important becanse only its contri-
vuiion is relied upcen; there is .rarely any re-—
liance piaced upon the possible contribution from
the rock. Where uplift resistance is demanded
from the rock this may be achizved by driving
large diameter steel tubes, chopping an inspect-
able socket, and concreting.Some mocketting im, in
any case, usually undertaken to seal the tube inte
rock so ‘that the founding material can be inapec-
ted to establisgh its adequacy to support the down-
ward load. Installation of this type of pile is
alow and expensive relative tc solid section steel
piles griven to practical refusal in rock. The
cost cifferential is due largely to the difference
in design bearing pressures adopied for the two
systems; 85 MPa for the mpolid driven pile, and 2
typical maximum of 3 MPa for the concrete pile.
The rationale for the higher stress depends
esgentially on the driving being regarded as an
effective proving test of each pile position.
Frem experience and load tests it has been found
that significant movement under a working stress
of B5 MPa rarely occurs provided the pile has been
driven to practical refusal in rock.

But when siteel piles are driven through soils
which overiiemedium-strength rock (10-15 MPa un-
confined compr9351ve strength) it is generally
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agsumed that they will etop at the rock surface
rather than peneirate it by any significant amount.
Consequently no uplift reasistunce is expected. If
piles penetrate deeper than zite investigation data
predicte it is usually assumed that the medium-
strength rock stratum is at a lower level than
expected or that the pile is deflecting or damaged.
The latter explanation im prompted by instancea of
dasmeged piles having been extracted. In sxtreme
cages, heavy-driven H-piles have split along the
web and the flanges have been bent back through one

"hundred and eighty degroez into a double hook con-

figuration.

The pile tests described in this paper forxm part of
a site investigation of the near offshore area of
Garden Island, the site of a Naval establishment

in Sydney Haxbour. The Island was Jjoined to the
harbour shore by reclamation works carried out in
1945, The purpose of this investigation was to
cbtain sediment and bedrock data to assist in
evaluating various opiions being vensidered in
developing an overall modernisation plan for the
Taland. Whari stractores costing up to 25 miilion
dollars were included amongat the options and
piling work accounted for & million dollars of ‘this
amount. The eatimate was based on the driven steel
liner, tock socketted, concrete Tilled piles
described above. An estimated saving of .8
million. dellars was considered possible provided
the site investigation could establish the suit-
ability of solid-section dviven steel piles for the
site. This paper limits itself to considering the
driving of steel piles inlo sandstone bedrock and
the repiptance to pile extraction provided by the
rock; the investigaticn of the overlying several
metres of sediment is not reported.

2 . RAWKESBURY SANDSTONE

Cores were recovered from the bedrock at nine
locations, PFigure 1 shows the positions of all
boreholes and the two overwater pile tests. The
repults of unconfined compressive sirength tests
on the cores are listed in Table 1. The average
result for cores taken from the top 0.5m was 9.6
MPa. This figure overectimates the average rock
atrength however because acceptable teat specimens
could not be obtained from mach of the weaker rock
in this zone. The average resulis fyom C.5-1.0 m,
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Fig. 1 locations of boreholes and pile tests

from 1.0-2,0 m and from 2.0-3.C m into the rock sandy claystone occur in the top 60 metres of the
were 10.1, 13.8 and 14.% MPa respectively. The formation. The shale may occur finely laminated
few tests on deeper cores all gave results in with fine sandstone in thin lenses but layers up
excess of 20 MPa. A picture of the bedrock for o 30 metres thick have been encountered. Trimary
the site was developed from iheme results together bedding within the formation is near horizontal
with records of past drilling within the subject but cross or current bedding and cut and £ill
area, a close-spaced geismic refiection survey, atructures are common and locally result in rapid

and the well established general characteristics

vertical and loteral variations in rock type.
of the Hawkesbury Sandstone geological formation.

Present surface weathering is restricted to out-

The bedrook over the entire site im Triassic crops above sea level which are subjected to

Hawkesbury Sandstone which extends for more than wetting, drying and oxidation. However, the bed-

200 metres below Garden Island. The formation rock adjacent to Garden Island was completely

consists of 95% lenticular mandstone but mignifi- exposed during periods of lower sea level in the

cant amounts of shale, shale breccia, clay and late Quaternary so relici weathering profiles are
TABLE 1

UNCONFINED CCMPRESSIVE TEST RESULALS ON BEDROCK CORES - MBEGAPASCALS

Borehole number 2 3 4 T 9 10 i1 14 13
Distance in%o rock in m
0
10.1 6.9 14.9 7.2
4.9 11.4 13.7 4.4
_— 5.4 7.1
11.5 12.6 5.4 10.7 9.3 8.3
7.3 14.6
1.0 5.1 16.3
22.5 6.4 15.2
14.2 | 42.4 4.0 17.6 { 18.2
. 11.9 17.7 11.0
6.2 8.1 17.6
i.h 12.7
Tl 18,15 2P0 14.4 2.1
10,7 13.4
1.4 19.8
— 11.8
16.0 9.4 20.9
23.5
3.0 15.3 6.2
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expected below the present sea level. Weathering
within sandstone is not usually extensive and is
typically limited to one meire, but shale lenses
at or very near the bedrock surface may he com-
pletely weathered for 6 to 10 metres. Within the
sandstone, joints are usually near vertical.
Tertiary basaliic dykes have iniruded the sand-
stone, typically through joints,and may be locally
weathered to depths in excess of 30 meires.

The results from the drilling carried out for this
investigation were in accord with the general
features of the Hawkesbury Sandstone formation
given above. The drilling indicated that the rock
surface was weathered to depths of up %o one metre
throughout most of the area. Shale was inter-
sected near the bedrock surface in only one loca-
$ion. In this borehole, 6 metres of weathered
gandstone and shale were found to overlie solid
shale.

Thus the situation was one of a generally very
gound bedrock persisting to great depths but pos-
gibly containing serious localised weaknesses
which occurred randomly at or near the bedrock
surface. The implications of this aituation for
gelection of pile type and investigation sirategy
will be discussed latexr.

3 OVERWATER PILE TESIS

The two tests were conducted at the positions of
boreholes 10 and 11. At borehole 10 the sandstone
was. weathered, with no parts of the upper 0.5
metre of core tesitable. Unconfined compressive
strength test results on the next metre of core
were 5.4, 10.7, 5.1 and 8.1 MPa. Penetration of a
driven pile into at least the upper half metre of
the rock would normaily be expected.

At borehole 14 there appeared %o be no significani
weathered rock transition. The unconfined com-
pressive strength result at the bedrock surface

was 14.9 MPa and test mesults for the next metre
of core were 1%.7, 9.3, 16.% and 17.6. 1In this
situation no significant penefration of a driven
pile into the rock would usually be expected; the
total uplift resistsnce of the pile would be attri-
buted to the overlying soil.

Initially a 20 metre long 310 UC 158 sieel H-pile
was driven into the sediment to a point just short
of the underlying bedrock suxface at each location.
A 3.% tonne drop hammer falling through one metre
was ugsed. The mass of each pile was 3.2 tonmes.
S0il profiles consisted of layers of sands and
¢layey sands of variable density and plasiicity.
After two days each pile wae exiracted, recording
the forces required. The pile at Borehole 10,
vwhich was embedded to a depth of 5.2 metres, sus-—
tained a peak pullout load of 320 kN while the
pile at Borehole 11, which was embedded to a depih
of 7.7 metres, susiained a peak load of 290 kN.
The difference beiween the average shear resis-
tance measured in the two Lesls wan consistenl
with the differences in soil profile at the twe
locations.

Bach pile was then redriven at its same position
and driving was contimued to practical refusal
using a hammer drop of 2 metres. For the pile a%
Borehole 10 this invelved a penetration of approx—
imately 1.4 metres beyond the point reached in the
initial drive. Prom the borehole information and
subsequent inspection of material adhering to the
recovered pile it sppeared that the upper half of
the 1.4 metres was dense sand or highly weathered
sandstone and the lower half was soft sandstone of
approximate compressive strengh 5 MPa. The pile

1-111

at Borehole 11 peneirated through a further zoeirs

of material on redriving and from the borehole
information and subgeguent inspection of material
adhering to the recovered pile,it appeared to be 0.4
metrea of sand overlying 0.6 metres of sandstone

of approximate compressive strength 10 - 15 MPa.
Redriving data together with borehole information
and test results is given in Table IT.

Neither pile could be extracted by a dynamcmeter —
measured pulling force of 600 kN or by a force of
750 ¥ (calculated from submergence measuraments
of the ballasted pulling barge) even though jed-
ting was used to lessen soil resistance. At this
stage of the operation it vas confidently expected
that the high resistances would be seen, on
extraction, to be due to severe distortion of the
piles. The pile at Borehole 11 was finally re~
moved using a heavy exiracting vibrator in con-
junction with a 7%0 KN pulling force. The Temain—
ing pile was removed by a 750 kN pull only after
explosives had been used to loosen rock near the
toe of the pile. Both piles were straight and
completely undamaged apart from the digtortion
clearly attributable %o the explosives.

e to the methods necessary to finally extract
the pilea, the actual ultimate uplift resistance
provided to each by the sandstone could not be
calculated but a value in excess of 1000 k¥ is
considered probable.

Although the materisl impacted between the:flanges
of the extracted piles appeared to be consistent
with the investigation drill cores and the driving
records, there remained some doubt as to the
quality of the rock penetrated. The impacted rock
had been altered by the pile driving so tests upon
it could not confirm its in-situ compressive
atrength. Iimitations on the accuracy with which
the mite investigation drilling barge and the pile
driving barge could be positioned further com-
pounded ihe uncertainty as to the atrength of the
penetrated rock. Conseguenily an on-land driving
teat was conducted at Balmain in similar rock
uging the game pile section, hammer and driving
frame.

4 ON-LAND PILE TEST

A 3.4 metre long section of 310 UC 158 piling was
driven through 1.2 metres of fill and a further
0.92 metres into bedrock. The rock was obsery-
able in cross-section in outcrop approximately 3
metres from ‘the test position and appeared to be
gound, uniform, seam-free gandstone of medium
strength., Four cores were drilled immediately
adjacent to and surrcunding the test position.
These were tested in unconfined compression. The
teat results for the upper ohe metre of sandstone
ranged between 9.9 MPa and 16.3 MPa with an
average value, from 15 tests, of 13 MPa. The

test resulis iogether with driving resistances are
presented in Table IIT. The pile wan drivan to
pracllcs) refusel wilh an average gel over the
last 50 blows of U.4 mm per 2 m hammexr drop.
Detaile of pile penetration over the final 7% mm
are given in Table IV for both the on-land and
offshore tests. ‘
Excavation of the overlying fill revealed that the
gurface of the sandstone around the pile wes free
of any joint or defect that could have affected
the test. Only two cracks emanated from the pile
and both terminated within 200 mm of the pile.

The apparent zone of influence of the pile wpon
the gandstone was very limited: the rock within
approximately 10 mm of the pile had been pulver—
ized but was very compact and there was no indica-



TABLE II

OVERWATER PILE DRIVING TESTS - GARDEN ISLAND

BOREHOLE 10 BOREHOLE 1
Depth below
harbour fleor| IDriving resist. Driving resint.
in m Biows x Drop {m) Notes Blows x Drop (m) Notes
per 333mm set per 335mm set
P
Loose sand Loose sand
Sand % 88 Sang % 88
1
Seft clayey mand Stiff clayey sand
Sand % 65, P.I. 17 Sand % 75, P.I. 23
5 x 0.3
—2
4z S.P.T. 10
— 8.P.7. 10
& x 1 Clayey sand Medium density gand
6 x1 3.P.7. 8 2x 0.3
—-—
8 x 1 4 %1
Clayey sand Medium density sand
8 x 1 Sand % 65, P.I. 20 5 x 1 Sand % 85
1 x A1 3.P.T. 12 Tx1
)
10 x 1 S S.P.T. 27
U Dense sand
15 x 1 Sand % 70, P.I. 20 16 x 1 Dense clayey sand
._.,. 15 x 1 S.P.T. 15 15 x 1
—5
15 x 1 Limit of initial drive 15 % 1
Dense sand
50 x 1 Sand % 70 10 x 1
- 5.P.7. 40
50 x 1+ 32 x 2 10 x 1 Sand % 65
) S.P.P, B
60 x 2 Eauger refusal-sandstone 15 x 1
130 x 2 Driving Refusal 15 x 1 Medium density clayey
U.C.8. 5.4 MPa sand
TU.C.5. 10.7 MPa 15 x 1
—
U.C.8. 5.1 MPa 15 x 4 Sand % 75, P.I. 16
Dense sand
15 x 1
Limit of initial drive
— B U.C.5. 8,1 MPa 20 x 1 £ Auger refusal-sandstone
¥.C.5. 14.9 MPa
20 x 1 U.C.8. 13.7 MPa
5 x 14 60 x 2 U.C.S. 9.3 MPa
— 180 x 2 for 1C0mm U.C.S. 16.5 MPa
U.C.8. 9.4 MPa R e S Driving refusal
I U.C.8. 17.6 MPa
tion of rock distortion beyond this zone. Heavy a very high load capacity almost generally but the

pulling gear was not available so rock had o be
excavated from around the pile before it could be

extracted.

The pile was essentially undamaged

with one leaf of one flange bent slightly from its
plane at the pile toe.

5 DISCUSSION

Hawkesbury sandstone presents the foundation
designer with a frustrating problem in that it has
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presence of some localised weaknesses may preclude
him from depending upon the high capacity at any
particular position. A gimilar situation exists
with respect to the uplift capacity of driven
pilea. Even when a site investigation ingdicates
that a penetrable rock zone is present over most
of the area, the possibility of the bedrock sur-
face being harder and impeneirable at some spots
may preciude the designer from depending upon
uplift resistance at all.



ON-LAND PILE DRIVING TL37-BAIMAIN

Depth Below Ground Test Results Driving Resiastance
Level Uneonfined Comp. Number of Blows x Nolen
inm Strenglly in MPn Hummor drap (m} per '
100 mm Sel
Loose £ill
15 x 0.3 total
142 e, - Top of sandstone
15.7 12 x 1
20 x 1
P - 15.5
15.1 1.7 31 x 1
—_— 10.4
%1 x 1
106 13.7
16.3 5x 1 +20x2
—— 10.0
12.4 40 x 2
148 i 15.4
14.2 40 % 2
50 x 2
2.0 o 11.0 11.1
9.9 100 x 2
13,3 55 x 2 for 20 mm 4 2.12 n Refusal
2.2 e 15.3

TABLIE IV

TERMINAL DTRIVING HESISTANCES OF TEST PILES

Pile

On—-Land. BH 10 BH 11

Balmain Garden Island |Ganrden Island
No. of blows*® per 25 mm szet o
over the last 75 mm 23, 35, 35 7, 13, 50 20, 25, 35
Distance driven beyond
nominal refugal#* 162 mn 15 mm 195 mn
No. of blows after

80

nominal refusal 110 4 !
Average set over last 0
56 blows 0-4 o 0.5 mm 9 o

#* A blow = & 3.3 tonne hammexr falling through 2 m

## "Nominal Refusal" is assumed to correspond to a set
of less than 25 mm per 10 blowe over 20 blows
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Thig problem of variation across the site has been
compounded in wharf construction by the increasing
use of single high capacity piles becauge the
associated increased pile spacings reduce the
extent to vhich loads can be redistributed from a
defective pile through the deck struciure to
adjacent pilea. Consequently it becomes more
important to ensure that each and every pile is
capable of resisting the forces for which it has
been designed. However, the uplift resistance of
individual piles ia less critical than their per-
formance under downward leoading. This is because
the capacity of deck structures o redistribute
load differs significantly for upward and downwaxd
loading: mcoring anéd berthing forces are sub-
horizental. The deck, too, is horizontal and con-
sequently gtiff in this plane so considerable
spreaging of the uplifi-producing forces occurs.
Thim is not the case with the large concentrated
forces which result from cranes and other live
loads.

For the Garden Island site, and for others where
localiged veriations in rock quality are expected,
the selection of a piling system is strongly
influenced by the extent to which the insiallation
process supplements the site investigation by
proving the founding material at each pile posi-
tion. Large dismeter driven steel tubes socketted
into the rock and filled with concrete fuifill
this function well but installation is slow and
expensive., In addition there are significant
practical problems associated with arranging down-
the-hole inspections and dxilling of proving holes
ahead of the founding depth for every socket,
especially when there is persisient. water ingress
into the socket. Delays to the construction pro-
gramme are not infrequent.

The driving tests showed the heavy section sleel
piles can be dxiven into 10 - 15 MPa Hawkesbury
sandstone. This infommation, taken together with
the bedrock picture built up by the site inveati-
gation, indicates that a driven pile system would
provide the designer with an assurance of the
capability of individual piles to support dowmward
loads that is compaxable %o that provided by the
dearer, slower system described above.

The uplift tests are open to some interpretation.
The ultimate leoade susitzined by the piles can

be only estimated because of the methods finelly
needed to extract them. Also some assumption
needs to be made of the effectiveness of jetting
in reducing the soil restraint. Heowever, the most
congervative interpretation suggesis an ultimate
average pkin friction in the rock of at least 230
kPa. It appeared that the piles could be driven
at least 0.5 metres intc the sandetone over the
subject area. DBased on these figures the uplift
resistance of the rock would add 50% to that con—
tributed by the average 7 metres of sand and clayey
gand sediments which overlie the rock. Final
design figures would need to be chosen having re-
gard ic the capacity of the particular wharf
strecture to disiribute berthing and meoring
forces amonget the piles., The amount of the
s0il's coniribution would also be an influencing
factor.
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For the 310 UC 158 piles used in the tests it im
considered that the rock uplift resistances would
be realized with acceptable reliability when the
piles are driven to practical refusal using a
hammer of similar mass to the pile and a hammexr
drop of 2m. In this context practical refusal is
congigdered to correspond to either:

(i) a set of less than 10 mm per ten
blows over the last thirty blows;
O

(ii) a penetration of 150 mm beyond
nominal refusal where nominal re-
fusal is defined as a set of less
than 25 mm per ten blows over the
last twenty blows.

Conasigeration would need %o be given to the driv-
ing erergy required to achieve adequate penetra~—
tion of other pile sections and to the pogsibility
that the required energy may be such as to cause
damzge toc the piles.

Little generality should be assumed for the above
conclugions. Extrapolation of the results beyond
the investigated site and to other rock types
could not be undertaken without mpecific corro-
vorative investigations.

6 CONCLUSIONS

The investigation showed that heavy section steel
E-piles could be driven up to 1 metre into medium
strength (10 - 15 MPa unconfined compressiv
strength) Hawkesbury sandstone and that, at the
Sydney Harbour =site, substantial uplift resistance

. could be achieved with an accepiable degree of

reliebility by Jriving piles %o practical refusal
in the bedrock.

With respect te downward loading it is considered
that, for this particuiar site, where the majox
rigk ip the presence of localised wezslmesses in
an otherwise strong rock, heavy driven solid
section piles provide an assurance of individual
pile performance comparable to that produced by
the slower, far more expensive system of driving
gteel casings to rock, chopping an inspectable
gocket, drilling an inspection hole ahead of the
founding depth, then concreiing.
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SUMMARY Reasonable methods exist for the design of piles socketed into rock which is magsive or which has
only a few tight joints, however, difficulties arise when the rock is extensively jointed. Such difficulties
were experienced during the construction of Melbourne's Eastern Freeway, which required twin bridges to be
constructed over the Yarra River in an area kaown as the "Studley Park Fault Zone", where the Silurian sedi-
mentary rocks have undergone severe foldimg, faulting and fracturing. The joints in the area were found to
be slickensided, generally with thin clay coatings and with joint frequencies of 10 to 100 joints/m.

In order to confirm the practicability of economically constructing sockets in the faulted rock and; in order
to develop a design method, two test sockets were constructed. An end-bearing test was carried ocut in one
and a side-resistance test was carried out in the other. During the subsequent bridge comstructlon, elight

of the service piles were proof loaded to reduce the expected high first-loading settlements.

The work was

supported by detailed geological logging of W size core and the rock sockets, triaxial tests on intact

gsamples of rock, and pressuremeter tests.
been related usefully to joint frequency.

1 NOTATION
D pile diameter
fy base resistance

fye base resistance according to linear elastic
analysis

fy1 base resistance at p/D = 1%
s side resistance

fee side resistance according to linear elastic
analysis

fsu  peak side resistance

Jg joint frequency in joints/m

qg unconfined compressive strength

o side resistance reduction factor = —2=
[ pile settlement. a
2 INTRODUCTION

The construction of Melbourne's Eastern Freeway
required twin bridges to be conatructed over the
Yarra River im an area known locally as the "Studley
Park Fault Zone', where the Silurian sedimentary
rocks have undergone severe folding, faulting and
fracturing. The joints in the area were found to

be slickensided, generally with thin clay coationgs
and with joint frequencles of 10 to 100 joints/m.

Initial investigations indicated that it was desir-
able from econcmic and fixity comsiderations to
found those bridge piers which were adjacent to the
river on piles socketed into the mudstone. The
design of piles socketed inte rock has usually been
based on allowable side and base resistance stresses
which have been determined from a consideration of
data pertaining to relatively intact rock. The
Eastern Freeway piles were designed in 1975 and at
that time rational methods of designing piles in
extensively jointed rock did not exist, and it was
therefore necessary to carry out the work described
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The results of the pile tests and the pressuremeter tests have

in this paper. In order to confirm the practicabil-
ity of economically constructing sockets in the
faulted rock and in order to provide a basig for
designing the service piles, two test piles were
constructed and loaded to failure.

This paper describes the test pile work and the
analysis made of the properties of the jointed rock
mass as a case history, and relates the results of
the pile tests to the plle design method proposed
by Williams et al. (1980).

3 SETE INVESTIGATION

The Eastern Freeway site was located east of
Melbourne as shown in Figure 1, in an area where the
Silurisn mudstone was overlain by up to 3 m of
Recent Alluvium. The mudstone was typical of that
existing around Melbourne in that it consisted pre-
dominantly of siltstone with minor sandstome and a
negligible amount of claystone. The bedding thick—
ness varled from 1 to 100 mm with occasional beds

up to 300 mm thick. The bedding dipped generally

at 50° to 70° towards the north-west. It was usually
possible to identify three sets of approximately
orthogonal joints, with the two dominant sets being
parallel to the bedding and noxmal to the bedding.

A more detalled deseription of the joints 1s imclud-
ed with the description of the rock sockets in
Section 4.

The weathering of the mudstone has occurred under a
reducing enviromment which has resulted in the col-
our of the claystone and siltstone being blue-grey
and the sandstone being a paler grey. The mudstone
{5 similar in this respect to that encountered by
Parry (1970} for the King Street Bridge and by
Parkin and Donald {1975) for the Johmson Street
Bridge.

Site investigation drilling consisted of one N size
bore drilled at each pille position. The cores were
deseribed according to the weathering classification
of Neilson (1970} and particular attentliom was paid
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to the condition amnd frequency of the joints. The
frequency of the relatively blocky joint system was
determined simply by counting the number of joints
seen in the core for joint frequencies of less than
50 joints/m or by visually assessing the representa-
tive fragment size for greater joint frequencies.

It was not considered worthwhile or practicable in
this situation to endeavour to determine the frequ-
encies of each joint set or to allow for the orilenta-
tion of the bore with respect to the joint sets.

The intact fragments of rock were generally moder-
ately or slightly weathered with a gsignificant
proportien being fresh fragments. The joint frequ~
encles of commonly 10 to 100 joints/m indicated that
the properties of the rock mass were likely to be
very different from those of the intact fragments.
It was therefore appropriate to carry out a series
of Ménard pressuremeter tests to measure the
strength and compressibility of the rock mass. Such
tests have since been found particularly suited to
the measurement of the in situ properties of the
Silurian mudstone, e.g. Walker et al. (1975) and
Walker (1978).

In order to provide the basis for a design methed,
the modulus of the rock mass as measured by the
pressuremeter has been correlated with joint frequ-
ency as shown in Figure 2. The mass modulus is seen
to decrease rapidly at relatively low joint frequ-
encies in a manner similar to that observed by Deere
et al. (1966), Manev and Avramova-Tacheva (1970} and
Hobbs (1974). In a similar manner, the in situ
shear strength from the pressuremeter results, cal-
culated according to Gibson and Anderson( 1961}, has
been correlated with joint frequency in Figure 3.
The correlation shown in Figure 3 may be regarded as
the lower bound of the shear strength—joint frequ-
ency correlation, because only pressuremeter tests
which clearly indicated a limit pressure have been
plotted. Other pressuremeter tests were made but
did not indicate a limit pressure, however, such
tests indicated a relatively high modulus which
indicated a tighter joint system and a higher

in situ strength.

The shape of the strength correlation is similar to
that obtained for model rock by Lama (1974), and it
is also similar to that of the modulus correlatiom,
although the effect of joint frequency on strength
does not appear to be as great as it is on modulus.
The in situ modulus and strength have been combined
in Flgure 4 where it is seen that the modulus to
strength ratio increases with modulus. The correla-
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tiens in Figures 3 and 4 are reasonably well defined
and they have been used to construct the correlation
adopted between the mass modulus and joint frequency
shovn in Figure 2. An attempt was made to identify
the dominant dip of the joints at each pressure-
meter test position in an effort to make some
allowance for any anisotropy, however, the blocky
structure produced by the three joint sets made

such an assessment very uncertain and the question
of anisotropy was not pursued.



Molsture content samples were taken from the cecres
approximately every 300 mm and samples were selected
where possible for triawial testing to assist in
estimating the strength of LIntact rock on the basis
of molsture content., Triaxial tests were made on
samplas under unconsolidated undrained conditions
with a confining pressure of 0.7 MPa, thus follow-
ing the procedure established by Parry (1970) and
continued by Parkin and Donald (1975).

The resuletr of the triaxial teats have been plotted
agalnst moisture content In Figure 5, where the
correlation found by Parkin and Donald (1973) is
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also shown for coaparison. The triaxial shear
strength of the Intact rock is generally in the
vange of 6 to 20 MPa, which is much greater than
the shear strength of the highly jolnted rock mass
indicated in Figure 3.

4 TEST PILES
4.1 Pile Construction

The decislon to construct and Ioad to faflure one
end bearing only test plle and one side resistance
only test pile was based on the need to:

(a) determine the feasibility of constructing
stable sockets in the intensely fractured rock

(b) determine the allowable side resistance and

base resistance components of plle capacity,
and ,

(c) assess the need to proof load the service piles
in order to tighten the jointed rock and to
thus reduce pile settlement during service
loading. The advantages of cyeling such proof
loads were also to be considered.

A test site close to the service piles was selected
where investigation drilling had shown that the rock
was most intensively jointed and therefore likely to
cause the greatest difficulty.

The sockets for the two test plles were drilled by
a Caldwell 250B rig using a bucket auger, according
to the depths shown in Figure 6. After the outer
steel casings had been placed, the sockets were
dewatered and inspected. An engineering geologist
provided the following socket descriptions:

Side Registance Socket: The exposed rock comprised
predominantly blue-grey moderately weathered (Zone
3) mudstone. More highly weathered rock was brown-
ish yellow. The mudstone was generally highly

fractured and included frequent thin clay seams and
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thin irregular patches of more highly fractured and
weathered rock. Three roughly orthogonal sets of
joints resulted in a generally blocky structure in
many parts. The two dominant joint sets were steep-—
1y dipping: one being parallel to the bedding at
50° to 70° and the other dipping at 70°, The third,
less dominant joint set had a shallew dip and was
often indistinet., The joints included thin clay
films, or in the more fractured and lightly weather-~
ed areas, free clay. The joints were mostly planar
and smooth, although some were slightly ridged and
slickensided. The jointing appeared to be tight
except for moderately tight aress of intense frac-
turing. The general joint frequency appeared to
range from 40 to 120 joints/m with most of the
socket exhibiting 40 to 80 joints/m. The appesrance
of the socket walls is sketched in Figure 7.

Base Reeistance Socket: The rock mass was similar
to that exposed for the side resistance test. The
appearance of the socket base has been sketched in
Figure B.

The test plles were comstructed and loaded according
to the arrangement shown in Figure 6. The 9 m of
free anchor length below the test piles was selected
to minimize settlement interaction effects (Poulos
and Mattes, 1975). Two precision spirit levels were
attached to the reaction beam so that it could be
maintalned horizontal during simultaneous stressing
of beth rock anchors. Pile settlement was measured
with dial gauges fixed to 5 m long insulated refer-
ence frames and with a precision level fixed to a
rigid pedestal. The stability of the precision
level was checked by sighting to a remote benchmark,
and the stability of the reference frames was check~
ed by the precision level. No movement of the level
or of the reference frames was detected outside

*0,.2 mm accuracy of the precision level. The pile
settlements Iindicated by the dial gauges and by the
precision level thus agreed to within #0.2 mm.
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4.2 Side Resistance Test

The socket for the side resistance test pile was
drilled to a nominal diasmeter of 915 mm, however,
overbreak increased the average diameter to 1090 mm.
The test plle was constructed with a 300 mm thick
polystyrene foam compressible base as shown in
Filgure 6. A one-dimensional cedometer test was made
on a sample of polystyrene to model its behaviour
under the test pile and to indicate the load carried
by the polystyrene base. The cedometer test indiec-
ated that the load carried by the polystyrene would
not have exceedad 50 kN and the effect was therefore
negiected.

The pille was loaded in increments of 500 kN by
slmultaneously stressing the two cable anchors. The
load was measured according to a calibration between
the load and pressure of the two stressing jacks.
Each load increment was held for at least one hour,
during which settlement and time readings were taken
to provide the basis for the lead-sattlement curve
shown in Figure 9 and the creep rate curve ghown in
Figure 10. The load-settlement curve indicates a
“yield" point at a load of about 2000 kN (380 kPa)
which corresponds to the beginning of a sharp
increase in creep rate.

Although the creep rate increases sharpl, the load-
settlement curve shows a significant incre. in
side resistance as displacement increases and at a
displacement of 175 mm the load was 4400 kN

(840 kPa)., The load-settlement curve gives no
suggestion of an abrupt failure commonly ob: rved
for smooth sockets, and it has not developed a peak
value which is approximately maintained at large
digplacements as commonly observed for rough

gsockets (Williaus and Pells, 1979).
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The peak side resistance is commonly related to the
cncenfined strength of the intact rock, e.g.
Rosenberg and Journeaux (1976), Hvorath (1978),

Pells et al. (1978) and Williams and Pells (1979).
The uncenfined strength of the intact rock in this
case was between 6.0 and 8.5 MPa for mudstone with

a moisture conteant of 3 to 5%. The side resistance
factor, u, is then given by:

peak side resistance, fsu

¥ unconfined compressive strength, 9,

L840
6.0 to 8.5

0.10 to 0.14

The value of a = 0.10 to 0.14 is towards the low
side of the general scatter of results which form
the basis for a relation between ¢ and gq, suggested
by Williams et al. (1980), however, 1t lies on the
generally lower bound curve recommended as a design
basis.

The results of the pile test were used to calculate
the modulus of the rock mass according to the method
suggested by Pells and Turner (1978). The first
loading modulus indicated by the initial tangent to
the load-settlement curve was 70 MPa, This modulus
has been plotted at the averapge joint frequency of
60 joints/m on Figure 2, where it is geen to be
below the adopted correlation although it is well
within the general scatter of results. The slopes
of the unloading and reloading parts of the load-
settlement curve were similar and indicated a re-
loading modulus of 350 MPa, which is about six times
the first loading modulus. The significant increase
in modulus indicates a significant tightening of the
joints during the Initial loading and it therefore
indicates the advantage of proof loading the

service plien.

4.3 Base Kesistance Tedt

The base resistance test was made on a 760 mm
diameter pile as shown on Figure 6. The lcad was
applied and the saettlement was measured in the same
manner as already described for the side resistance
test.

The lecad-settlement curve shown in Figure 11 indi-
cates a 'ylelding" at a load of about 1500 kY

(3300 kPa), which is approximate to the increase in
the rate of creep settlement shown in Figure 10.

The load-settiement curve does not indicate a peak
or residual capacity but shows a continuing increase
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Figure 9 Load-settlement curve for the side
resistance test

of capacity with settlement, even at the mazirum
settlement of 150 mm, The resulr {s similar in thig
respect to the base resistance tests cerried out at
depths of more than three plle dizmeters by Williams
(1980), in which the base resistance continued to
increase with settlement without exhibiting a well
defined peak capacity. In the absence of a well
defined peak capacity, Williams e# al. (1980) have
found it convenient to normalize the load-settlement
curves from base resistance tests on the basis of
fy1, the resistance corresponding to a settlement
ratio p/D of 1%. In the case of the test described,
f1 = 1760 kPa.

The initial tangent modulus of 80 MPa, calculated
according to Pells and Turner (1978), has been
plotted at 100 joints/m in Figure 2 where it is seen’
to correspond with the adopted correlation. The pile
was stbjected to six cycles of lcading between 500 iN
and 1500 kN which indicated a significant stiffening
of the rock mass and a reloading modulus of 425 MPa.
The ingrease in modulus of about 5 times was similar
to the Increase observed from the side resistance

test.
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Figure 11 Load-settlement curve for the end
bearing test
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5 CONSTRUCTION AND PROOF LOADING OF SERVICE
PILES

The test pile programme indicated that it was prac-
ticable to proceed with the installation of the
proposed rock socketed piles, and that proof load-
ing was necessary for the eight piles socketed into
the most fractured rock to ensure that unacceptably
large settlements did mot occur under service
conditions. The plles were proof loaded to

1.5 times their design load.

The sockets were constructed using rotary drilling
techniques under a positive head of water, and the
piles were cast under water with a tremie plpe.

A single cable anchor was installed through the
centre of the piles to be proof loaded and proof
loading was then carried out using two prestressing
jacks mounted in series.

The results obtained from the proof loading tests
are presented in Table ] where the rock mass moduld
which have been calculated from the pile tests are
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Figure 12 Definition of terms used to normalize
the load-settlement curves
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Figure 13 A comparison of the side resistance
teast with the normalized design curve
proposed by Willinms of af. (1980}

seen to be higher than the moduli suggested by the
pressuremeter tests. The reasons for the difference
in moduli are not certain, however, the following
three effects may have contributed to the difference.
Flrsely, lateral loosening of the rock round the
site investigation bores may have reduced the
essentially horizontal modulus measured by the
Pressuremeter, whereas similar loosening In the

case of a rock socketed pile may not have seriously
affected the essentially verticzl modulus measured
by the pile tests., Secondly, the jointing of the

TABLE 1
SUMMARY OF PROOF LOADING TEST RESULTS

Pile Average Maximum Estimated Measured Rock

Ne. Joint  Settle- Rock Mass ?325 MOd;ii
Freguency ment Moduld Loading loading

£ mm MPa MPa HPa
EB 100 - 35 80 425
£S 60 - 105 70 54
El 21 1.5 470 2500 6860
E2 12 1.6 810 2010 9630
E3 3 4.1 270 515 1790
E5 35 2.2 250 550 995
E6 1.1 1270 2210
g7 15 1.5 710 1220 3100
EQ 33 1.5 280 1090 2350

Notes: (1)} The average joint frequency is a weighted
averuvye determined over the length of the
socket plus one dlameter below the mocket.

(2) The maximum settlement 1is the settlement
at a load of 6700 kN after one previous
load-unload cycle.

(3) The estimated rock modulus has been
determined from Figure 2.

(4) The measured rock moduli have been deter—
mined from the pile tests as the secant
moduli between 0 and 6700 kN,
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Figure 14 A compariscn of the base resistance
teat wirh the normalized deatgn curve
propoded by Willlamu e of. (1980)
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rock may have caused a modulus anisotropy which has
been identified only with the comparison of the
horizental pressuremeter modulus and vertical pile
medulus. Thirdly, the pressuremeter moduli were
measured over large strains whereas the pile moduli
have been determined from very small displacements.
However, although there 1s a difference in magnitude
between the pressuremeter and pile moduli, the
variations in pile moduli do appear to reflect the
variations in the joint frequency of the rock.

6 PILE DESIGN METHOD

The 1.52 m diameter service piles for the Eastern
Freeway were designed on the basis of the results
of the test piles and an assessment of the effects
of jeointing as indicated by Figures 2 and 3.
However, rather than review the design of the
Eastern Freeway piles, it is intended to assess the
applicability of the pile design method proposed by
Williams e al. (1980) to the extreme case of the
extensively jointed rock encountered at the Eastern
Freeway site.

The leoad-settlement curves obtained from the test
plles have been normalized according te the elastic
and plastic stress ratios, as defined in Figure 12
and plotted in Figures 13 and 14. The normalized
load-settlement <urves have been determined on the
basis of the actual values of jfnitial tangent meoduli,
maximum gide resistance, £, and the base resistance
at a settlement ratio of 1%, fpq. as calculated in
Section 4. A comparison of the normalized curves
cbtailned from the test plles and the general
envelopes suggested by Williams et al. (1980)
indicate that the side resistance curve lies along
the lower bound of the suggested envelope and that
the base resistance curve lies slightly above the
suggested envelope although in both cases the
variation from the mean desipgn basis is not large.

7 CONCLUSIONS

The construction and subsequent loading to failure
of two test piles In extremely jointed rock has
demonstrated that it is practicable and economic
to use rock socketed piles in such conditions,
provided that the investigation, design and
coastruction stages are carefully matched to the
rock conditions. In order to provide the basis for
a sound design, it was found useful to relate the
strength and modulus properties of the rock mass
to the joint frequency, and it was found that the
Fressuremeter test was an appropriate means of
achieving this.

The results of the test piles and the proof loading
of the service piles indicated that proof loading
the piles caused a marked increase in the rock
modulus and a corresponding decrease in subsequent
pile settlement, thus demonstrating the usefulness
of proof loading foundations in extremely jointed
rock to ensure that settlements under service
conditions do not exceed the settlement criteria.

Although the two test piles were constructed in
extremely jointed rock, the load~settlement curves
were found to agree well with the normalized design
curves suggested by Williams et al. (1980).
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SUMMARY Transverse surface reinforcements at the bottom of embankments placed on very soft foundations are
found to reduce the amount of deformationm of the foundations and improve the bearing capacitles through the
elastic~plastic finite element analysis on an idealized model of soft foundation as well as on a fleld rrial

embankment.
L INTRODUCTION

It is being found, through field tests to improve
bearing capacities and rigidities of soft founda-
tions loaded by embankments, that restrictions on
lateral movements of the ground surface beneath the
load (such restrictions caused by steel reinforce-—
ments at the bottom of the embankments or at the
surface of the soft ground) can be effective in in-
creasing the bearing capacity and decreasing the un-—
drained settlement {due mainly to lateral flew of
soft material beneath the load). This lateral rein-
forcement has been achieved by using either strips,
nets, bars or beams of steel or chemical or natural
materials such as nylon or glass fibers or bamboo-
fascines; Kawakami et. al. (1967}, Eide and Holmberg
(1972).

The effect of this sort of transverse reinforcement
at the bottom of an embankment will depend not only
on the material properties of the soft foundation
but also on the geometry of the cross section of the
fill and the stratification of the soft materials,
especially on the ratio of the width of the embank-
ment to the thickness of soft soil layer. This
paper presents an investigatlon of the effectiveness
of surface reinforcements, by the use of finite ele-
ment computations on undrained behaviour and subse-
guent two dimensional consolidation deformation of
loaded soft foundations with and without surface re-
inforcements, focusing on the width/thickness ratic
while material properties are held constant through-
out the investigation.

The constitutive equation employed in the finite
element computations Is an Infinitesimal elastic-
plastic stress~straln relation which is reduced to
the Original Cam Clay model (Roscoe, Schafleld and
Thurairajah 1663) under conditions of imotrapiec ini-
tlial stress state and which ds able te describe the
anisotropic behaviour of clay including the compli-
cated responses to the rotation of principal stress
directions as discussed by Sekiguchi and Ohta (1977)
and by Ohta and Sekiguchi (1979).

2 CONSTITUTIVE EQUATION
2.1 Stress Parameters

Tt is convenient to introduce the stress parameters
to appear in the following sections before discuss-
ing the details of the coastitutive equation empioy-
ed in the computations. The effective stress tensor
ofq is divided into two cowponents; hydrostatic com-
ponent p and deviatoric compenent sg; wheve 1j de-
notes (i,3) component of a tensor,
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P=%"i'15ij ) S=oi-p&jt  (2)

815 in Egs.(1) and (2) is Kronecker's delta. In the
Se&iguchi—ohta model a new parameter "pressure-mnor-
malized deviatorie stress tensor nyy is employed,

Sii (3>
Wij='5ll'

The pressure-normalized deviatotric stress tensor
at the end of Ko-consolidation is defined as

Sen
nijﬂ': —H; (4)

where siio and py are deviatoric stress and hydro-
static e%fective stress at the end of consolidation,
The ratioc of shear stress to hydrostatic effective
stress can be defined in terms of pressure-normal-
ized deviatoric stress tensor as

7= [ 500 ) (%~ o) )

2.2 Material Constants

The material constants used in the Sekiguchi-Ohta
medel are introduced here,

1. A and x: parameters representing compressibil-
ity of soil respectively defined as 0.434Ce
and 0.434Cs where Cc and Cs are compression
and swelling indices,

2. D: parameter representlng dilatancy of soll
defined by Shibata (1963). 1In the Original
Cam Clay model a parameter M is used (instead
of D} which 1s related to D through

_A-K
M= BiTeam ®
3. eyt void ratfo of soll isotropleally or aniso-
troplcally consolidated with pressure of p,.
In the Original Cam Clay model Pg is taken as
a unit value of pressure, However this dis-
e crepancy in the definition of p, and hence of
e, is not egsential.

2.3 ?Plastic Potential Functien

The plastie potential function £ assumed in the
Sekiguchi-Ohta model is defined as

Ak, B .
=2 gt 4 D7 yP (7
=",

where hardening parameter vP is the plastic velumet-
ric strain. It may be appropriate to note that the
yielding should occur when the principal stress
directions rotate while both the effective hydro-



statlc pressure and the octahedral shear stress
are kept fixed at the walues of those at the end of
Ko-conselidation, according to the Sekiguchi-Ohta
model, because the value of stress ratio parameter
n* can increase by the rotation of principal stress
directions. This does not mean that the model has
lack of frame indifference, however, since the
stress ratio parameter n* is a scalar.

2,4  Stress-Strain Matrix {General)

The stress-strain matrix used in solving elastic-
plastic problems by means of finite element method
is derived here employing a technique proposed by
Yamada, Yoshimura and Sakurat (1968). The elastic
part of the stress-strain relation can be written
in an incremental form as

dji =08y (g ~defy) (®)

vhere D) 1s the elastic.stress-strain matrix and
£e1s eﬁl are the total strain tensor and its plastic
component respectively., The plastic component of
strain increment is given as

paaf
d(i]-ﬁ'é'?il:- (9
where plastic potential function f is a function of
the effective stress tensor and of hardening param-
eter L, i.e, e
=8t g, 0f3L 40
0f =3 d"u"m&gd‘ii' (10)
A proportional function A is given by substituting
Eqs.{8) and (9) into Eq.{10) as follows,

fij 0k dey an
- e _ofdl
605~ .;Tfa—,gll fi
wvhere - af
hj=:;%?

Substituting £qs.(9) and (11) into Eq.{(B), we get a
general form of the elastic-plastic stress-strain
matyrix as

dof;=( 0fop~ Dfon ) decp (12)

where e
frmn Dmnop fyg

| '
Bijop= Dijop (13)

{ fmn Dinngr '%{'%&; My
If we adopt an incrementally linear isotropic elas—
ticity in the elastic stresg-strain matrix, we get
Djjop=X8ij0p +E L 3j08ip + 8ip 6j0) (14)
vhere X and  are lame's constants. Substituting

the thus obtained Eq.(14) into Eq. (13}, the plastic
stress~strain matrix is reduced to

Ajjop
po_ 0
ijop=73 (15)

where

Aijup-'-xszﬁéijé;)p + 23 a iyl fii dop+fopdi; )+ 4u fi;' fop (16)

B=3:fmquq+23fqrfqr ‘ an
-ota 8
4 3L 'a—e!]rrfqr (18)

2,5 Stress—5Strain Matrix (Sekiguchi-Ohta model)

The plastic stress-strain matrix can be specified
through Egs. (15)}-¢18) by calculating bhoth 511 which
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appears in these equations and C in Eg.(18). Dif-
ferentiating the plastic potential function given
by Eq.{7)}, we get

Dy a-K 3 S, a3
155 Grneg 2 p U o)) i+ ZpUi~ie) (19)

=-fug (20)

By the use of Egs.(19} and (20) we can specify all
the components of the plastic stress-straln matrix.

3 FINITE ELEMENT COMPUTATIONS
3.1 Computer Programme

The computer programme employed in this investiga-
tion is the one originally written by Akai and
Tamura (1976} for the model proposed by Ohta (1971)
and Ohta, Yoshitani and Hata (1975) and afterwards
modified by Tamura for the Sekiguchi-Ohta model
vhich is employed in this investigation. Finite
element formulation used in the Akai-Tamura pro-
gramme Is developed by adopting the technigue pro-
posed by Christian (1968) and Christizn and Boehmer
(1970). Although Christlan used the forward finite
difference scheme in his analysis of consolidation
processes, the Akai-Tamura programme emp'oys the
backward finite difference scheme sc as L ensure
better stability in computations.

3.2 Models Analysed

Imaginary embankments with and without the ¢ ins-
verse reinforcement at the bottom of the fill plac-
ed on an imaginary uniform soft clay layer under-
lain by a very hard sand are analysed in order to
estimate the effect of surface reinforcement on the
deformability and the bearing capacity of soft clay
foundation. The dimensions of the embankment are
20m in shoulder to shoulder distance and 40m in toe
te toe distance. The weight of the embankment is
chosen to be 100KN/m®. The soft clay layer is
assumed to be a slightly overconsolidated one which
was conselidated under conditions of no lateral de-
formation with the vertical effective preconsolida-
tion pressure o, of 90kN/mZ. The current effective
overburden pressure o, is 75kN/mZ, i.e. the over-
consolidation ratio 1571.2.

Analyses were carried out for 8 cases which are
classified into two groups, one of which is without
surface reinforcement and the other of which is the
cases with reinforcement., Each group consists of 4
cases distinguished by the thickness H of the clay
layer (H=5m, 10m, 15m, 20m) asc that the effect of
the ratio of the fill width and the thickness of
soft layer is studied. It ils generally estimated
that the Young's modulus B of well compacted f£ill

is between E=20,000kN/m2-30,000kN/m2. However in
this investigation the rvigidity of the fill itself
is ignored for simpliecity, i.e. the £f1ll is substi-
tuted by a vertical load. The transverse reinforce-
ment at the bottom of the embankment is replaced by
an elastic band of 0.5m thickness, the elastic para-
meters of which are assumed to be E=1,000,000kN/um?
and Poisson's ratio=0.3. Loading ls incremental

{20 steps) under fully undrained conditions and
subsequent consolidation processes are computed
stepwise through 40 steps.

The e¢lay layer is assumed to be uniform, i.e., a
particular set of material parameters and effective
stress states both at the end of pre-consclidation
and at the moment just before loading is assigned

to the clay regardless of the depth. Although this
assumption is not very realistic, it provides a sim-
pler and clearer comparison between the performance



of reinforced fill and unreinforced f£ill placed on

a thin clay layer as well as on a thick clay layer.
The clay layer 1s assumed in this Investigation to
have been anisotropically (Ko=0.5) preconscolidated
with the effective vertical stress of 90kN/m? (eo=
1.5) and then have been brought to a slightly over-
consolidated state with the current effective over-—
burden pressure of 75kN/m? {(coefficient of earth
pressure at rest is assumed to remain at 0.5). The
material parameters are A=0,231, x=0.042, D=0.053,
permeability=5%10"5 m/day. During the consolidation
process, the pore water is aliowed to draim either
from the surface or from the bottom of the soft clay
layer.

3.3 Computed Results

Figs.l (a) and (b} show the settlement of the sur-
face of the clay layer beneath the centre of the em—
bankment during undrained loading and the subsequent
consolidation process for the case of unreinforced
£111 and of reinforced fill, respectively.
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Figure 1 Settlement at the centre of fill

From the above model and computations, it 1ls found
that the surface reinforcement reduces the settle-
ment both for undrained and drained consolidation
processas.

Figs.? (a) and (b) show the overall patterns of sur-
face settlement for both cases, It is alse clear
that the surface reinforcement reduces the settle-
ment of the embankment and the heave of the ground
surface adjacent to the embankment. It may be note-
worthy that the settlement of the centre of the fill
is much less than the settlement of the shoulder of
the fill in the case of thin soft clay layer, espe-
eially for unreinforced fill.
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Figure 3 Settlement reducticn
effect of surface reinforcement

Summarizing the results shown in Figs.l and 2, the
settlement reduction effect of surface reinforcement
can be roughly estimated through Fig.3 where the
settlement reductilon ratio is defimed by the settle~
ment of reinforced £111 divided by the settlement of
unreinforced fill. The surface settlements beneath
the centre and beneath the shoulder of the fill are
denoted by o, and psrespectively. Generally speak-
ing, the surface reinforcement is more effective in
reducing the undrained settlement, shown by white



marks plotted in Fig.3, below drained settlement
(black marks). Fig.3 also shows the better perform-
ance of surface reinforcement in the case of thinner
clay layer rather than in the case of thicker elay
layer, both for undrained and drained settlement in
generak,  The reduction of drained settlement caused
by the surface reinforcement can be explained as the
consequence of a smaller amount of volume decrease
due to the dilatancy characteristics accompanied by
distorticonal deformation of c¢lay.
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(b} Reinforced fill
Figure 4 Horizontal displacement
beneath the toe of the embankment

The horizontal displacement of the points initially
located on a vertical line beneath the toe of the
fill are plotted in Figs.4 {a) and (b) showing that
the surface reinforcement reduces the horizontal
displacement not only at the surface of soft clay
but also at any depth, both in the case of undrained
loading and of fully drained.

All the Figs.l-4 suggest that the surface reinforce-
ment is effective in reducing the amount of deforma-
tion of soft clay layer loaded by an embankment.
However we are Interested in estimating the effect
of surface reinforcement on the bearing capacity of
the soft foundation as well as its deformability.
Unfortunately, the ultimate bearing capacity of a
soft clay layer can hardly be estimated by finite
element computations. In this investigation an in-
direct method of estimating the bearing capacity
proposed by Matsuo and Kawamura {1974) is employed.
Based on a great deal of data obtained from a number
of trial embankments placed on varicus type of soft
foundations, they found the existence of a very nar-
row band which they called the "failure criterion
curve" on a diagram the ordinate of which was the
settlement b of the ground surface at the centre of
the fill and the abscissa of which was the horizon-
tal displacement 6§ of the ground surface at the toe
of the fill divided by p. According to them, it is
a serlous warning when p-8/p plot measured during
construction of a fil}l comes very near to the fall-
ure criterion curve. %This warning may be only a
crude guidance for possible failure of foundations,
and the theoretical background of their proposal is
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still open to question., However, additional case
studies carriled by Matsuo and Kawamura (1977) and
Matsuo, Kuroda, Asaocka and Kawamura (1977) show that
their fallure criterion curve gives a reasonabie
prediction of fallure of an embankment for either
rapld or very siow loading process,
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Figure 5 Foundation stabilizing
effect of surface reinforcement

Fig.5 shows the stability estimations of the f£ill
with and without surface reinforcement £ either
the undrained loading process or the fully .alned
state. In each case the plots for the reinforced
embankment are located farther from the failure cri-
terion curve in Fig.5 showing that the reinforced
embankments are safer than the embankments v chout
the reinforcement. The computed horizontal dis-
placements at the toes of the reinforced embankments
are very small as shown in Fig.4 (b} and consequent-
Ly give very sm.ll values of 8/p. Plotting Fig.5,
the horizontal displacement § of the reinfoveced £111
is calculated by multiplying the maximum value of
horizontal displacement among those pointa located
en the vertiesal line beneath the toe of the rein-
forced embankment by the ratio of the horizontal
displacement at the surface of the ground to that at
a depth where the largest horizontal displacement is
induced for the unreinforced embankment, Thus ob-
tailned equivalent horizontal displacements at the
toe of the embankment are plotted in Fig.5 showing

a conservative estimate of the effect of the refn-
forcement on the increase im stability. Fig.5 does
not give a quantitative increase in the factor of
safety due to the surface reinforcement. However

we see in Filg.5 a.general tendency of the effective-
ness of surface reinforcement,

Although the results discussed above are only com-
putational results of an idealised model and not
reality, we can still conclude that surface rein-
forcement is effective in reducing the deformation
of soft foundatiocn and in stabilising the embank-
ment as well.

4 FIELD TRIAL EMBANKMENT
4.1 Trial Embankment at Ebetsu

A trial embankment was placed on a very soft layer
of peat and clay at Ebetsu, Hokkalde in order to
obtain data of settlement and of stability of a new~
ly propesed motorway from Sappore to Iwamizawa (32
km} about 85X of which was to be high embankment (5
~8m} on very aoft layer of peat and clay (20-35m
thick}). The trial embankment, 386.3m long, was
divided into 4 sectlona; natural ground section,
surface reinforcement section with sand drain treat-
ment, sand compaction pile section and chemical pile
section, each of which was about 50m.
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Figure 6 Cross sectional views of trial embankment

The cross sectional views of natural ground section
and surface reinforcement section are shown in Fig.
6 where we see the sand drain treatment under the
surface reinforcement section. These sections were
to be loaded up to the £ill height of about B.5m
above the original ground surface. The reinforced
section was raised to the proposed height without
having any cracks, but the natural ground section
had a major crack (0.lm wide, 10m long) along the
centre line of the fill accompanied by two minor
cracks along the line joining the main body of the
fill with the berm on both sides of the embankment
when the £111 height was about 3.5m above the origi-
nal ground surface. After finding these cracks, the
natural ground section was left without any addi-
tional loading while the other three sections under-
went further loading.

Table I Parameters used in computation
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ubp:r column for reinforced fill; lower tolumn for unrainforced fill

Because this example was considered somewhat extreme
and perhaps unpresentative, it was decided to carry
out an analysis employing the computer programme
introduced in the previous sectiom. The material
parameters for peat and clay were determined as fol-
lows: (1) A from Cc value obtained from oedometer
tests, (2) M in Eq.(6), which is related to ¢~ value
, is calculated from ¢,/p value estimated Iin labora-
tory tests, (3) CsfCec is calculated from an empiri-
cal equation 1-Cs/Cc=M/1.753 proposed by Karube (19
75). For sand we determined ¢ value from which M is
obtained leading to the value of Cs/Cc through
Karube's equation. Although the value of Cc or Cs
was not obtained in the laboratory tests for sand,
the value of A was determined in a way the authors
thought reasonable without having any objective
justification. The sand layers were treated as if
they were overconsolidated with an overconsolidation
ratle of 10. The permeabllities of peat, clay and
sand were assumed to be 10 times those obtained from
oedometer tests or from permeability tests for natu-
‘ral ground and 60 times for the ground with sand
drain treatment. ALl the parameters used in the

a9t atun cod in Table 1. Ihe 2

reinforoament cepiaced Ly o 1.30n thicx alasiile
n *

pand (E=2.2x10° kN/m<, Poisson's ratie=0.3).
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Figure 7 Settlement-time relations

Fig.7 shows the general tendency of the settlement-
time relations beth for the natural ground section
and the surface reinforcement section. The comput-
ed curves roughly agree with measured settlements
shown by the plots im Fig.7.
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(b) Reinforced section
Figure 9 Surface setilement

Figs.8 and 9 show the general patterns of horizontal
displacement of the points initially located on a
vertical line beneath the toe of the fi1l and of the
settlement of the ground surface (plots for measured
and curves for computed}. Because the fills are re-
placed by vertical loads in the computation the
horizontal displacement near the surface of the
ground in the case of unreinforced fill is computed
to be larger than measured displacement. However 4t
seems to the authors that the computed results are
acceptable and that this acceptable performance of
the computatlon gives some support to the discus-
sions in the previous section derived from the same
computer prograzmme employed in the analysis present-
ed in this section.

5 CONCLUSIONS

A finite element analysis of an idealized model sug~
gests that the transverse surface reinforcement at
the bottom of zn embankment placed on a very soft
foundation can considerably reduce the amount of
deformation of the foundation and improve the bear-
ing capacity. The performance of a field trial em—
bankment demonstrating the effectiveness of surface
reinforcement is introduced and back-analysed, with
reasonable agreement, by means of a finite element
technique exactly the same as the one employed in
the analysis of the ideslized model. As the result
of these investigations, it {s concluded that the
transverse surface reinforcement is one possible
techuique to improve the undesirable characteristics
cof soft foundations.
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SUMMARY Measurements from an instrumented trial embankment were used to develop calibrated
stability and settlement analysis models, for the behaviour prediction of high roadway embapkments on
soft s0il. The analysis models were based on the relatively unsophisticated classical theories. The
effective stress stability model was used to prepare a Stability Monitoring Diagram, which, in conjunction
with very simple pore pressure and settlement measurements, was used to control the rate of filling the
roadway embankments, The settlement model provided realistic estimates of settlement behaviour, and
showed that surcharging was required to bring consolidation times within the available construction
pericd. The embankments were successfully constructed under stability control without need of stabilisa-
tion measures, and primary consolidation effectively completed within the available construction period.

1 INTRODUCTION

The approaches to a new high level bridge over the
Pioneer River at Mackay, Queensland included
embankments up to 7 m high located over tidal
river mudflaté. The embankment foundations
included varying depths of very soft organic silty
clay alluvium overlying loose to dense sandy
alluvium and stiff silty clay above bedrock.

The initial site investigation incorporated total
stress stability analyses using peak undrained
shear strengths, which showed that extensive toe
berms, at least 2 m high, would be required to
maintain stability of the high embankments during
construction. Settlement analyses indicated that
settlements in excess of I m would occur over 2
to 12 years. In order to more reliably define the
expected behaviour of the proposed embankments,
an instrumented trial embankment was constructed
with the following general aims.

(1) Determine reliable insitu strength and
consolidation data for use in prediction
analyses,

(ii) Assess changes in the state of stability
during and after construction and, if
necessary, devise corrective or control
measures for use with the roadway
embankments.

(ii1) Assess the settlement behaviour with a view
to the reliable prediction of settlement
behaviour for the roadway embankments,

This paper describes the development of stability
and settlement analysis models, based on the trial
ermnbankment observations, and the application of
these to the construction contrel of the roadway
embankments,

Stability monitoring of daily construction, using
Stability Monitoring Diagrams, has been described
by a number of authors {e.g. Margason and
Symons, 1969; Cook and Ingold, 1974; Cole, 1974;
Symons, 1976), in which the most popularly used

‘method of control is based on effective stress

stability analyses relying, as input data, on

excess pore pressure ohservations. The relevance
of this technique to the control of the roadway
embankment construciion was recognised, How-
ever, practical necessity dictated that the aims of
reliable prediction and control would have to be
achieved by largely relying on the commonly avail-
able, relatively unsophisticated computer-based
settlernent and stability analytical tools, and on
simple, limited scope but reliable instrumentation
for the roadway embankments. Consequently,
reliance was placed on calibration of the settlement
and stability analytical models for the local
situation, based on back-analysis of the trial
embankment observations,

2 SITE DESCRIPTION

The soft compressible surface alluvium consisted
predominantly of silty clay, and varied in thickness
from 2 m to 9 m acrogs the site. A continuous silty
sand layer, between 0.2 m and 1.8 m thiclk,

existed over the site within the silty clay below a
depth of 1.5 m to 3,0 m, and numerous other thin
sandy lenses of unknown continuity were observed
within the silty c¢lay. A typical profile is shown in
Figure 1 together with moisture content data and
undrained shear strengths from field shear vane
tests, The silty clay is highly sensitive {sensitivity
range 4-34), with mean sensitivity of 15. The
sensitivity is reflected in the apparent high state of
liquidity shown by the moisture content and plas-
ticity results. Extensive consolidated undrained
triaxial testing was carried oul from which repre-
geniative (¢!, ') values were selected (Figure I)
for elfective slress slabilitly analyden,
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Figure 1

Ingitu undrained shear strengths were remeasured
by field shear vane after completion of consolida-

tion of the trial embankment. Strength increases

of 3 to 5 times were recorded, and the sensitivity
reduced to a mean of 8, and range of 2 to 16.

Laboratory consolidation tests were performed on
23 specimens (76 mm diameter) of silty clay, and
the consolidation parameters (Coefficient of
volume change m_, and Coefficient of consolidatlion
Cy) were statistically reduced, assuming log
normal distributions (Lumb, 1968) at constant
effective stress. The laboratory mean relation-
ships with effective stress, and confidence limits
are shown later in Figure 6, compared with insitu
relationships derived from back-analysis of the
frial embankment settlement.

3 EMBANKMENT DETAILS

The roadway embankments included approximately
700 m of 2 and 4 lane embankment over the soft
8oil foundation, incorporating a large intersection
area, and with heights of 5-7 m. They were con-
structed between October, 1978 and June, 1979,
using the stability and settlement control methods
described in this paper.

The trial embankment consisted of a rectangular
embankment, 100 m by 60 m at the base, with
maximum 1 on 3 batters, which was located wholly
within the limits of the final roadway embankments,
The trial and final embankments had 2 common
batter under which the instrumentation for stability
and settlement monitoring was concentrated on
three crosa-sections. The instrumentation
included hydraulic and pneumatic piezometers,
horizontal profile settlement gaugen under the
embankment al ground aurface, pneumatic sellle-
meni cells within the ailty clay, vertical borehole
inclinometers, settlement plates, heave stakes and
survey stations. The instruments were selected
with a view to portability of readout equipment and
minimising obstructions to construction activities,
and were mainly commercially available items
from the United Kingdom. Monitoring positions for
one cross-section are shown in Figure 1. The
instrumentation and monitoring for the trial

Typical subsurface details and trial embankment instrumentation

construction constituted a net additional cost to the
project of approximately A$52,000,

The trial embankment was constructed ( "ring
August-November, 1977, After raising . a=
initial 4,1 m height in 4 weels, construction was
halted because of instability indications, discussed
later. A further 0.4 m was added after a 6 week
break to allow some dissipation of pore pre sure.
Complete dissipation of excess pore pressures

had occurred by November, 1978, i.e. approxi-
mately 12 months after the end of construction.

4 TRIAL EMBANKMENT STABILITY

The trial embankment instrumentation was
designed to allow stability monitoring of construc-
tion on a daily basis, as well as to provide data
for the detailed stability analysis of the roadway
ernbankments. As the embankment was to be
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Figure 2 Example trial embankment piezometer
response
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incorporated within the final works, prevention of
failure was of paramount importance. However,
no specific failure criteria were defined for the
trial. Reliance was placed on daily computer
reduction, plotting and interpretation of a large
volume of data covering pore pressures, inclino-
meter deflections, and vertical and horizontal
surface survey in the vicinity of the toe, to detect
significant trends.

An example of piezometric response under the
centre of the embankment, related to loading
history. is shown in Figure 2. All piezometers
under the embankment showed a marked increase
in rate of pore pressure rise above an embank-
ment height of 2.5 m, indicative of local yielding

Elastic Plastic

|_Under centre of
embankment

o
T

l-Under batter

Excess pore pressure (m water)

f corresponds to T =8-i2kPa

1 L I I -

s | 2 5 4 5
Embankment Height {m)

Figure 3 Excess pore pressure response with
increasing embankment height

occurring within the silty clay., Pore pressures
continued to rise during overnight breaks, and
after construction was halted. The change in rate
is also apparent in Figure 3, relating excess pore
pressure to embankment height for piezometers
under the centre of the embankment, and under the
batter. Pore pressure changes within the pre-
failure "elastic' region tend to be masked by con-
current dissipation. Within the plastic region,
pore pressure changes are related to the major
principal stress (Hoeg et al, 1969; D'Appolonia
et al, 1971; Symons, 1976) by

Au = Ag, {1

The ohserved relationships are, under the centre
of the embankment

Au = (0.8t01.0) Ao, (2)

and under the batter (where the effects of
dissipation are greater)

Au = (0.6t00.9) Ao, (3)
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Undey the 2.5 m high embankment, the mz ;
shear stresses lie approximately in the range 3 to
12 kPa, which is within the observed range of
insitu undrained shear sivengths.

Stability analyses based on peak undrained shear
strengths indicated on allowable initial height of
4.4 m for a factor of safety of 1.5, The first
stage consiruction was halted at 4.1 m height, as
a result of the observed pore pressure behavicur.
At this stage, effective stress analyses using the
measured excess pore pressures gave safety
factors in the range 1.1 to 1.4. Shallow seated
failure circles, within 2.5 m below ground
surface, were indicated. This was supported by
horizontal deformation measurements, showing
maximum deformation occurring approximately at
ground surface, and major shear deformation
within a zone to 2.5 to 3.0 m below ground surface.

Other methods of instability detection, by inter-
pretation of deformation measurements, were
attempted and shown to be inconclusive. Inter-
pretation of inclinometer data by the method of
Wilkes (1974) showed that rates of change of
maximum horizontal deformation with increasing
embankment height appeared to decrease {rather
than an expected increase) for the higher {iil
heights. A non-uniform rate of filling has affected
the interpretation method, as there was evidence
of a time lag between placing a fill layer, and
detecting consequent horizontal deformation.
Surface survey measurements in the vicinity of the
toe were also inconclusive indicaters, as any
significant movements were completely masked by
tidal movements.

5 ROADWAY EMBANKMENT STABILITY
CONTROL

5.1 Monitoring Details

Roadway embankment construction above 3.5 m
height was controlled using a stability monitoring
diagram (SMD), prepared using effective stress
analysis (with circular failure arcs) of stability
models based on the trial embankment strength
and excess pore pressure observations. Moni-
toring was performed at 10 locations under the
embankment batters. At each location, measure-
ments consisted of embankment height, pore

PP Pneumatic plezameter:
SP Settlernent plate

+
Piezometric lines

0% dissipaﬂon; e — — —]
—

Embankment helght Sm PR .
Minimum focter of safety 139 . 40% dissipotion

({or 40% dlsslpation} - s —— —
/0“3 =
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02z 46 8 lom Slity sand” 0y clay
[RESSCER—F ]

Figure 4 Typical monitoring section used
for SMR preparation



pressure (using only 1 suitably located pneumatic
piezometer), and settlement of ground surface
above the piezometer. A typical arrangement is
shown in Figure 4. The shallow nature of pre-
dicted failures, and the uniformity in depth of the
upper silty clay layer, allowed the use of one
SMD, shown in Figure 5, to cover all positiens,
5.2 Construction of Stability Monitoring Diagram
The SMP relaies embankment height, measured
excess pore pressure af a point, and factor of
safety. The essential points in dexivation of the
relationships for different embankment heights are
as follows.

The theoretical lateral distribution of
undrained excess pore pressure was
obtained for the mid-depth of the upper
silty clay layer, using the classical
Skempton theory with pore pressure
parameters A = 0.7, B = 1.0, obtained
from laboratory tests. This tended te
over estimate the observed lateral
distribution under the batters, a feature
noted by Symons (1976}, The observed
undrained excess pore pressures were
approximately constant with depth under
the trial embankment.

(2)

(b} A "zero dissipation' piezometric line was
obtained by subjectively adjusting the
theoretical distribution line to account for
lower excess pressure under the batter
region.

{c} Piezometric lines representing other
degrees of dissipation were obtained
largely by proportion, but modified to
account for observed lower rates of
dissipation under the centre of the bank.
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IFigure 5

{d} Minimum factors of safety for combinations
of embankment height and degree of dissipa-
tion were obtained and used to construct
Diagram 2 of the SMD,

{e) The measured excess pore pressure at the
piezometer was assumed to be equal to the
single ordinate of the excess head piezo-
metric line above the piezometer tip. The
measured excess pore pressure was related
to degree of dissipation and embankment
height by constructing Diagram 1 of the SMD,

An allowable minimum factor of safety of 1.5 from
the SMD was adopted for the following reasons.

(i) Factors of safety in the range 1.1 to 1.4
were obtained for the irial embankment,
using the same calibrated stability model.
Allowing the same degree of local yielding
over the whole site was considered to be
too high a risk.

(ii) Limited analyses with non-circular failure

surfaces indicated factors of safet,

approximately 0.2 lower than those 1 .a the
circular analysis. Shallow non-circular
fzilures were considered more likely, but
more difficult to analyse for the SMD

development.
(iii} The silty clay was highly sensitive,
5.3 Obsexrved Stability Behaviour

Factors of safety at all positions were in the range
1.5 to 2.0 throughout construction and no failures
occurred, At most locations diassipation was
relatively rapid, and only at one location did the
stability control impede construction progress.

At this location the SMD factor of safety was

r Factors of Safety—~1.4 )5 e Minimum  Atlowable
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Htlability Monitoring Diagram
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consislently between 1.5 and 1.6 through most of
the loading history (see Figure 5) and dissipation
was slow. Detailed check calculations at Day 284,
incorporating additional data from a second piezo-
meter close to the monitored cross-section,
showed a minimum factor of safety in the range of
1.47 to 1.74, depending on the assumed pore
pressure disiribution within a feasible range. The
corregponding SMD result was 1,48 and was there-
fore conservative.

Major factors influencing the success of the
adopted control method are the assumptions con-
cerning excess head piezometric lines, with
respect to lateral and depth pore pressure
distributions, and the ability of a single piezo-
meter to reliably characterise the whole excess
pore pressure distribution. ILocal drainage
effects at the piezometer tip would also have an
important influence on results. Tor this reason,
locations of piezometer tips free of the influence
of sandy lenses were selected by use of static
friction cone penetrometer soundings at each
piezometer position,

While the control method has been successful in
this case, universal application must be con-
sidered with caution, because of the abovemen-
tioned factors.

6 TRIAL EMBANKMENT SETTLEMENT
BACK-ANALYSIS

6.1 The Settlement Analysis Model

All settlement analyses were to be carried out
using a computer program based on the Terzaghi
one-dimensional consolidation theory, in which
variation in the consolidation parameters {m_and
Gl with changes in effective stress are taken into
account. Thus voids ratio vs effective stress p'
{and therefore m Vs p') and Cv vs p' relation-
ships form part ol the input data, together with
soil profile and loading details. The aim of the
trial embankment back-analysis was, therefore,
to obtain "insitu'' consolidation parameter relation-
ships which, when used with the one-dimensicnal
consolidation program, constituted a calibrated
settlement model. This could then be applied to
all parts of the roadway embankments, with
differing soil depth profiles and differing embank-
ment loading magnitudes and histories.

6.2 Consolidation Parameter Modelling

Back analysis of the trial embankment settlement
hehaviour was carried out using the measured

time /settlement data for five profile gauge
positions located within the embankment shoulders
on one crose section, shown in Figure 1. Using
the measured data, it was possible to model soil
consolidation characteristics at each position
{uping the known s0il profile and load history at
the position) to give similar time /settlement
behaviour. The aim was to cbtain statistical mean
consolidation parameter relationships representa-
tive of the five PG positions. These are here
referred to as the insitu consolidation parameters,

to be distinguished from the laboratory consolida-~
tion parameiers.

The m_ vs p' relationship determines the predicted
magnitude of settlement, while the C_ vs p'
relationship determines the predicteg time perform
ance. In the back analysis for each I’G posilion,
assumed relationships were adjusted, firsily to
achieve equality between predicted and measured
final settlement, and secondly to achieve, as
closely as possible, agreement throughout the

time /settlement history., Equality in the final
settlement was considered reasonable as primary
consolidation was effectively completed (i. &, better
than 95% dissipation of excess pore pressure). No
allowance was made for possible secondary con-
solidation occurring in conjunction with primary
conseclidation.

It was found that, while different m_vs p* relation-
ships were obtained for each PG position, the same
C_vs p' relationship suitably predicted the time
pgrformance at all positions. The five m_vs p!
relationships were statistically reduced, Ksing the
log-norrnal distribution model, to yield an insitu
mean relationship, which is shown in Figure 6,
together with the 95% confidence interval. The
adopted insitu C_ vs p' relationship is also shown,
These relationships are compared with laboratory
determined data.

{a) m, vs p' relationship
Effective Stress p' (xPa}

-2 10 50 00 500
4] T U e S e e r 1
Ea\-
Ty
EM
SE
< g®
o *
. E
£
L
Lg
2
S50 -4
87 1o =emmam Maan
Laborataty rasults :] 95% Confidence Interval
nsity retulfs — = Moan
{trom baekanatysiz) [£7A 95 % Confidence intarvol
{b} C, vs p relationship
Effactive Stress ¢ (kPe)
168, 5‘0 : 100 500

3,
Y

Coetticient of Consolidation €, {em®/sac)
=)

-———  Hegn
Loboratery results £ gav, Configenca interved

insitz resulls

{fram bocksnolyeis} Agepred Ralareninip

Figure 6 Consolidation parameler relationships

1-133



6.3 Comparison of Laboratory and Insitu Data

The confidence intervals obtained for the labora-
tory data are wide, particularly so in the case of
the C  relationship. This largely unavoidable
factor is one of the principal sources of
inaccuracy in predictions of settlement time and
magnitude, when based on laboratory data.

Comparison of the laboratory and insitu m Vs p'
relationships in Figure 6 shows that the insitu
mean values are slightly higher than the corres-
ponding laboratory mean values, and that the 95%
confidence interval is considerably narrower for
the insitu resulis.

Both features of the insitu property result from
the elimination of the sample disturbance factor
present in the laboratory results, and the effect

of inbuilt '‘vertical averaging" presenat in the insitu
results, which are obtained from a surface settle-
ment measurement over a considerable depth of
compressible soil whose compressibility varies
from point to point with depth.

The adopted insitu C__ vs p' relationship shown in
Figure 6 is considergbly higher than the labora-
tory mean relationship over the effective stress
range {i.e, greater than 50 kPa} applicable to
most of the loaded foundation. The laboratory

C results are very sensitive to sample disturb-
ance (causing reduclion in apparent permeability)
and are usually not representative of the apparent
macro-permeability of the non-homogeneous soil
mass. For this reason, seitlement predictions
based on laboratory C_ values commonly
seriously over- estimate consolidation times.

Use of the insitu mean parameter relationships in
an affer-the-event prediction {Type Cl, Lambe,
1973) of the behaviour of the PG positions results
in predictive errors in final settlement, when
compared with measurements, in the range 3 to
10% (mean %) for points between the embankment
shoulders. The error becomes considerably
larger for points under the batters, where the
measured settlement was considerably less than
the prediction. This is indicative of the limi¢-
ations in the use of the one-dimensional consoli-
dation theory under the batter repions of an
embankment. lMowever, generally, the seltle-
ments of consequence under a road embankment
are those under the pavement, except, perhaps,
when considering the deformed profile of a cross
drainage pipe.

7 ROADWAY EMUBANKMENT SETTLEMENT
CONTROL

Settlement control was necessary to the extent
that all significant primary consclidation was
required to be complete by the end of 1979, so
that paving and other finishing works could pro-
ceed early in 1980. There was thus a total
available consolidation period, including a 6 month
construction period, of 15 months. For cormpari-
son, the trial embankment primary consolidation

was complete in 15 monihs including a 3 month
construction period.
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Settlement predictions, using the calibrated
analysis model, were made for all proposed
roadway embankment monitoring positions,
established for stability conirol. The insitu mean
consoclidation parameter relationships were used
in the models, The calculations established that
embankment surcharges of 1.0 m and 1.5 m {for
the worst case) were required to achieve the
timing objectives.

The measured behaviour has shown that the pre~
dictions have tended to overestimate both settle-
ment rate and magnitude -~ i.e, the actual
settlerments have been smaller, and have occurred
more slowly. An example of measured settlement/
time curves, compared with the predictions, is
shown in Figure 7. Settlement is not complete at
the end of the measurements shown. In spite of
the slower rate, the timing and settlement
objectives will have been satisfied, and in some
parts of the embankments, an earlier start on the
finishing works has been possible. The surcharge
requirement has been proven.
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Figure 7 Example settlement behaviour
of roadway embankment

Major sources of error having an influence on the
accuracy of lhe seltlement prediclions should be
noted. These have firstly influenced the pre-
dictive processes in the trial behaviour back-
analysis, and some then have had a further,
potentially greater influence on the roadway
embankment predictions.

(i} Soil profiles are based on interpolalions
bhetween borehole and penetrometer data,
so that the adoption of layer arrangements,
thicknesses and most particularly, drain-
age characteristics usually required
important simplifying assumptions.

(ii) The consolidation parameters, which
exhibit a proven natural variability, are
approximated by the insitu mean para-
meters in the analysis, The true
variability is offset somewhat by the



Uyertical averaging' which results from the
back-analysis process.

{iii} The actual, irregular loading histery is not
entirely consistent with the prior analysis
assurnptions of a series of instantaneously
applied load increments at different times.
This does not greatly affect the final
settlement ouicome, but is a partial
explanation for discrepancies between
prediction and measurement in the early
consolidation stages.

(iv) The analysis method assumes one-dimen-
siopal vertical compression and drainage
only, whereas these phenomena exhibit
significant two-dimensional components
under the outer regions of embankment.

(v) The stress and pore pressure distribution
from the embankment and within the deform-
ing foundation can only be approximated by
the elastic stress distribution necessarily
assumed in the analyses.

8 CONCILUSIONS

A large-scale instrumented trial construction
project has been used to facilitate reliable pre-
diction of stability and settlement behaviour of
high road embankments built on a soft soil
foundation, The data obtained from the trial has
been used in conjunction with the classical
methods for analysis of stability and settlement
to produce, by back-analysis, calibrated stability
and settlement models. Reliable behaviour pre-
dictions for the roadway embankments were
obtained by the use of these models, giving
effective means of control of both stability and
settlement during the construction peried.

A condition of local contained yield in the very soft,
highly sensitive silty clay was detected under the
trial embankment at a height approximately 0.6 of
the final height at which construction was term-
inated on stability grounds. This condition was
readily identified on graphical plots of excess
pore pressure against embankment height, for
viriually all piezometers located under the
embankment. Attempts at alternative instability
detection metheds, based on inclinometer and
surface survey measurements, gave inconclusive
results.

The first onset of local yield was not taken as
sufficient loss of stability to halt construction.
The trial construction was terminated when
effective stress stability analyses, incorporating
the measured excess pore pressures, yielded
minimum factors of safety in the range 1.1 to 1.4.

Stability control was applied to the roadway
embankments using a Stability Monitoring Diagram
(Geveloped using the calibrated stability model}
znd very simple instrumentation installed at 10
monitoring sections within the embankments., At
each section, the pore pressure measured by only
one pieromeler was used together wilh seftlement
and embankment height measurements, to

establish the degreze of dissipation, and predic!
factor of safety using a simple rapid pro forrma
and graphical procedure on a daily basis. The
minimum allowable factor of safety below which
construction should be terminated was set at 1.5.

The success of the control method depended on
analysis assumptions of the excess pore pressure
distribution, and on the ability of the piezometer
to adequately characterise the whole pore pressure
distribution undexr the embankment. All sections
of the embankments were successfully constructed
using this method, without the need of "safe’ but
expensive toe bermas, which were considergd to he
necessary in the early stages of the project
investigation. The method of control, therefore,
was apparently successful in this case, with an
iraportant benefit being the timely availability to
construction personnel of a reliable result. How-
ever, the simplicity of the method can not be
considered universally applicable at this stage.

The settlement model showed that fox the roadway
embankment some control of settlement rate was
necessary to achieve the project tirming con-
straints. Embankment surcharges of 1 m and

1.5 m height were employed. The observed
behaviour has shown no major unexpected
departure from prediction at all monitoring
positions. However, some tendency is evident
that smaller settlernents are cccurring slightly
slower than the predictions indicated. The method
of settlement control (through more reliable
prediction) has successfully met the timing
requirements, to a satisfactory level of accuracy.

The benefits to the construction preject, in terms
of achieving full embankment heights without
stabilisation, and in terms of satisfying critical
path project tirning, have fully justified the net
cost of the trial.
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SUMMARY: This paper describes a case history involving the design of a high embankment on soit

ground retained by a flexible wall.

relevant soil parameters for use in the analyses.

1 INTRODUCTION

This paper describes a case history involving the design and
performarnce of a high embankment on soft ground retained by
a flexible wall. It discusses the design analyses performed to
evaluate the stability of the embankment, within the
framework of a consulting engineering project.

2 CONSTRUCTED FACILITY

The constructed facility is a coal transfer terminal 1ocated at
Wilder, Kentucky, along the Licking River, which is a tributary
of the Ohio River.

The constructed facility includes a tled-back sheet plle
retaining wall system. An embankment fs Jocated behind the
retaining wall. This embankment rises at a slope of 3 horizontal
to 1 vertical from ZXlevation+142.7m (+468ff) to
Elevation+151.3m (+496ft). The toe of the embankment Is
located 9.1m (30ft) from the top of the retaining wall., Five
rallroad tracks are located at the top of the embankment
imposing aload of 22kN (5kips) per track. Theriver bed infront
of the retalning wall is dredged to Elevation +135m (+4431it).
The normal water pool in the river iIs Elevation+138.8m
(+455ft). A plcture of the completed facllity is shown in
Filgurel.

Figure 1

Completed Coal Transfer Facility
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Analyses using limiting equilibrium method, and the finite element
method were performed to assess the stability of the embankment.
the analyses, and compared them with measured field performances.

This paper discusses the results of
lt also discusses the selection of

A typical section of the embankment and the retaining wall is
shown in Figure 2. The retaining wall consists of interlocking
steel sheeting, ZP 27, the tie rods are located at 2.4m (81t} on
centers and are anchored to a deadman consist[ng of an
Interlocking steel sheet piling.

3 . SUBSURFACE CONDITIONS

Prior to the construction of the facility, several test borings
were drilled on Fand and in the river. The subsurface conditions
revealed by these borings are presented in the generalized
subsurface profile shown in Figure 2. Co

As shown in Figure 2 the sofl layer Immediately below the
orlginal ground surface consists of a soft, normaily
consoltidated clay with an average undrained shear strength on
the order of 24 kN/m? (500 psf). This is underlain by a medium
stiff clay with an undrained shear strength of about 38kN/m?
(800 psf). The medlum stiff clay is in turn underlain by a stiff
clay with an undrained shear strength ranging from about
5TKN/m? (1200 psf) to T2kN/m? (1500 psf). The shear strength
values were based on unconsolidated undrained triaxial tests.

The interface between the three clay layers are gradual rather
than distinct. All three layers have similar index properties,
with a llquid limit ranging from 49 to 50 percent, and a plasticity
index ranging from 15 to 25 percent,

4 CONSTRUCTION CONSIDERATIONS

The construction schedule reguired that embankment
placement and dredging in front of the retaining wall be
compileted within 18 months. The overall schedule aiso dictated
that embankment construction precede dredging. Inview of the
relaiively large combined thicknesses of the clay layers at the
site, and the relatively low permeability of the clay materials, it
was recognized that the behavior of the clay formations during
construction of the embankment would be controlled by the
undrained shear strengths of the clays. Relatively little pore
pressure dissipation, and strength gain were expected to occur
within this 18-month construction period.

The overall computed factor of safety of the embankment and
retaining wall system was low and was on the order of 1.2.
Because of this low factor of safety, a field Instrumentation
program was Implemented as a means of construction control.
This program involved inclinometers and piezometers. The
purposes of the inclinometers were to monitor horizontal
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ground movements during construction, and to detect any
inciplent development of large shear movements. The functions
of the plezometers were to monitor pore pressure changes
during construction.

5 STARBILITY ANALYSES
5.1 General

Two methods of analysis were used {o evaluate the stability of
the retalning wall-embankment system. The first was a
limiting equilibrium analysis based on the simplified Bishop
method of slices. The second method was based on the Finite
Element method.

5.2 Limiting Equilibrium Analysis

Both the short-term and long-term stabllity were a matter of
concern.

During and immediately at the end of the embankment
construction, stability of the slope would be governed

THALL

Generalized Subsurface Profile

essentially by the undrained shear strength of the clay
formations. The low permeability of the clays, and the
compressed nature of the construction schedule, would permit

~ little or no strength gain due to consolidatlon.

Two modes of faflure were identified as possible. The first mode
would involve a sliding surface exiting between the toe of the
embankment and the top of the retaining wall at
Elevation +142.7m (+468ft). The second mode of failure would
be related to a deep-seated sliding surface passing below the toe
of the retaining wall. Stability analyses were performed using
the simplified Bishop method of slices. The undrained shear
strength parameters used in the analyses are presented in
Table 1.

Results of the analyses for the stability of the embankment at
the end of construction are summarized in Figure 3. It can be
seen that the computed factor of safety with respect tc a shallow
slide is approximately 1.5, and that with respect to a deep-
seated slide Is approxlmately 1.2. These computed factors of
safety, while low, were regarded as adequate for the end of
constructlon (undrained) case.

TABLE I

STRENGTIH PROPERTIES USED IN DESIGN ANALYSIS

Drained Strength

Unit Undrained Shear Parameters
Weight Strength C &
gm/ec kN/m? kN/m?
Soll Type {pef) (pst) {pst)
Compacted Fill 2.00 58.9 14.4
{125) {1250) {300} 35°
Soft Clay 1.86 24,0 Qe 30°
(116) {500)
Medium Stiff Clay 1.89 38.3 4.8
(118) (B0D) {100y 30
Stiff Clay 2.00 57.5to 71.9 ' 4.8
{125) {1200 (100 30°
to 1500)
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Dredging in front of the retaining wall would result in an
unloading process. Dissipation of the negative pore pressures
following the unloading process could result in aloss of strength
of the clay layer beneath the dredge line. In order {0 estimate
the long-term stability of the embankment after the negative
pore pressures have been dissipated, stabllity analyses, using
the Bishop method of slices and effective stress parameters,
were performed. The drained strength parameters used are
presented In Table 1. Results of the analyses presented in
Figure 4 indicate that the computed factor of safety with regard
to long-term stabllity was about 2.3 for the shallower slide, and
1.8 for the slip clrele passing below the toe of the retaining wall.
These were consldered adequate.

5.3 Finite Element Analysis

Limiting equilibrium analyses such as the Bishop method of
slices provided an estimate of the factor of safety with respect
to fotal fallure. They did not provide an idea regarding the
amount of movement of the embankment that was likely to
occur atloading levels less than those required to cause fallure,

The finite element analyses were used for estimating the
deformations of the embankment. This method has been
successfully applfed to the analyses of retalning wall problems
{e.g., Palmer and Kenney, 1972; Clough and Tsul, 1974; Wong,
1971}, and embankment problems (e.g.,.Kulhawy and Duncan,
1972).

3.3.1  Anslysis Procedures

The analysis performed for this study was based on a computer
program developed by Clough and Tsul (1974), The soil mass
and the wall were represented by Isoparametric linear strain
quadrilateral elements developed by Doherty etal (1969).

Constructlon procedures that were to be followed in the field
were sitmulated In the analyses. The construction procedures
and operation loads included the following steps:

1.  Excavation

2.  Retalning wall and anchor deadmen installation
3. Prestressing of tieback rods

4. Placement of embankment fill

5. Dredging In front of the retaining wall

6. Rallroad track loading

The finite element mesh used in the analyses Is shownin Figure
5.

5.3.2  Materlal Properties Used in Finite Element Analyses

A completely nonlinear stress-strain behavior was stmulated,
based on the method recommended by Duncan. and Chang
{1970). This model assumes that as shear stresses increase, the
s0il behavior Is nonlinear, but that upon a decrease in shear
stresses In a soll element, the soll behavior is Unearly elastic.
For saturated clays the model requires as Input, unit welghts,
{nitial tangent meodull, Poisson’s ratlos, and wundrained
strengths,

The undrained shear strengths used in the analyses are shown
in Table 1. The initial tangent modulus of the clays was taken to
be approximately 500 times the undralned shear strength, The
proportion of initial tangent modulus to undrained shear
strength reported in the literature varied from 300 to
approximately 1,200 (Skempton, 1958; D'Appolonia & Lambe,
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1972, D'Appolonia et al, 197}; and Murphy et al, 1975). The ratio
of initial tangent modulus to undrained shear strength of 500
was judged to be reasonable for analysis purposes. The
Poisson's ratfo for the clay formation was taken to be 0.49, In
conslderation of the Hmited drainage expected of the clay
formations during construction.

Before excavatlon, the initial stresses were assumed to
correspond to an “‘at rest’”’ condition, where the lateral stresses
were computed as equal to k, times the vertical stresses, For
the compacted fill a k, value equal to unity was used. Forthein
situ clay layers, it would appear that a k, value of 8.5 would be
appropriate from the equation kg =1-sind. However, as an
expediency {n the analysis, k, of the soll layers located below
the water table was converted to an equivalent total stress ky of
(.75, relating the total lateral stress to the total vertical stress.

The sheet pile retaining wall, the tle rod, and sheet pile
deadmen were assumed to remain fully linearly elastie. The
elastic material propertles of these steel members were based
on values recommended by the manufacturers.

5.3.3 Results of Finite Element Analysls

Horizental displacements predicted In the finite element
analysls atong the bulkhead wall are shown inFigure f. Flgure 6
shows the predicted wall movements both at the end of
embankment construction itself and after the tmposition of rall
track loads. The predicted wall movemnents for the {wo cases
are18cm (7in.) and 25¢cm (101n.). This magnltude of h..rlzontal
displacement was considered o be acceptable durlng design
analyses.

IMigure 7 shows the ratlo of the maximum shear stress to the
undrained shear strength of the soll mass at the end of
construction. Regions in the soil mass where this ratio exceeds
0.90 are shown In Figure 7. It can be seen that at the end of
consfruction a substantial portion of the soll mass has been
stressed to near its ultimatie shear strength. This development
of the highly stressed zones seemed consistent with the low
factors of safety computed from the limlting equiiibrium
analyses.

6 DISCUSSIONS AND CONCLUSIONS

During deslgn analyses, results of the finite element analyses
provided a useful Insight into the likely performances of the
embankrnent. These results provided confidence, despite the
low computed facter of safety obtained using the method of
slices, that the embankment could be built. The horizontal
displacemenis predicted by the {flnite element analyses
provided a valuable basis for interpreting the measured
horizontal movements obtained using the Inclinometers.

The analysis procedures followed in thefinite element program
attempted to simulate all the major construction sequences in
the fleld, Including retaining wall construction, fili placement,
and dredging. However, relatively simple soll properties inputs
were required for the analyses, For undrained behavior of
coheslve solls, both the unit welghts and the undrained shear
strengths could be obtained with relative ease in most
commerclal laberatorles, Values of Polsson’s ratios could be
assumed with confidence to be close to 0.5 for clay subject to
undrained shear, Taking It as a multiple of the undrained shear
strength, no special testing Is needed in the determination of the
modulus,

Plezometer readirgs Indlcated that the pore pressure
responses were essentially undrained. This, therefore,
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confirmed the deslgn assumption that little or no strength
Increase could be counted cn during the construction time
involved. Horlzontal displacements of the retaining wall before
truck loading, measured using the Inclinometers and shown in
Figure6 were within the range predicted.

Slope stability analyses Indicated that short-term stabllity
during or immedilately at the end of construction was the most
critical. Desplie the unloadlng processes induced by dredging
operations, the overall long-termfactor of safety was computed
to be substantially higher than the factor of safety durlng
undrained shear. In this regard the decision to accept a low
computed factor of safety of 1.2 for undrained shear was
justified In economic terms.

The entire coal transfer facllity was constructed on schedule,
and has been functioning satisfactorily for three years.
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Reinforced Earth Applications In Austra

lla and Mow Zealand

M. 8. BOYD
Enginesr, Relnforced Earth Pty Lid, Sydney

SUMYARY

Reinforced Earth was introduced to Australia and New Zealand relativaly ﬁécantly
and has since besen adopted for many projsets.

Design procedures have been based on the work of Yidal and others at the LEPt and recagnise

thes composite nature of the Reinforced Earth block.

Basic design critoria are described,

Practical application has rasulted from the inherent simplicity and Flexibility of the

Reinforced Earth system coupled with significant economies in many cases.

Thea basic

Reinforced Earth costs for some Australian projects are tabulated.

1 INTRODUCTION

Reinforced £arth was introduced to Australia
in 1975 and New Zealand in 1979. Design
procedures and systems used are based on
those which have been developed by Yidal in
conjunction with theg Laboratoire Centrale
des Ponts at Chaussees (LCPC) and oihsrs.

The extensive use of Reinforced Earth in
many applications around the world have hi-
ghlighted the advantages of Reinforced Earth
over more traditional construction technimgues

- simplicity (both technically and pract-
ically).

- flexibility (both in applisation and in
ability to accept large movement).

- economy.

Instrumentation of both full scale struct-
ures and extensive model testing have con-
firmed the pioneering theories of Vidal and
show Reinforced Earth as being what it is,
viz, a composite material of %granular)
earth and {linear, metallic) reinforcements
which together form a monolithic yet flex-
ible mass gravity structure.

2 REINFORCED EARTH THEORY
2.1 Vidal And The LCPC

Between 1958 and 1963, Henri Vidal conceiv-
ed and developed the theory of Reinforced
Earth and checked its validity with extens-
ive model tests and prototype structures.
In 1965 he introduced the technique as "a
new material for public works" {(1966) pro-
viding a simple, economic aliernative to
traditional construction technigues.

Basically, Vidal saw that the introduction
of flexible, linsar (metallic) elements in-
to a cohesionless (granular) earth material
produced a composite structure which behawed
as a coherent gravity block,

The significant factors of this behaviour
which he recognised wers:
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-~ the friction at the earth/reinforcement
interface

- the sscondary (structural) importance of
the outside skin or facing.

- the flexibility of the structure and its
components.

Methods of analysis and design were thus
proposed on the basis of both slemental or
unit propertiss and overall block stability
(s.g. analysis of reinforced bodies cut by
an assumed surface}.

In 1969, Schlosser and Vidal showed that
the composite behaviour resulted in an ap-
parent cohesion which could be simply ob-
served in triaxial tests on reinforced sand
specimens (Long et al 1972). The affect of
this apparent cohesion was to induce a
curved (potential) failure surface, differ-
ing from the straight Coulomb line predict-
sd by classieal retaining wall theory. At
working loads this curved failure surfacs
is manifested as a curved locus of maximum
tension, separating active and resistant
zones within a Reinforced Earth block.

2.2 Recent Developments

As the use of Reinforced Earth became more
widespread so has the research., The Vidal
concept of a coherent gravity structure in
which the earth and the reinforcement act
compositely has been challenged by the
hypothasis that Reinforced Earth (retaining)
structures are analagous to tie-back or
anchored walls. McKittrick (1978) suggest-
ed that proponents of this apparently neg-
lected or basically misunderstood the basic
maechanics of the material or the significant
and substantial documentation that has
axisted for several years that should elim-
inate the tis~back or anchor approach as a
conceivable failure machanism. McKittrick
cites fisld experisnce which strongly sup-
ports the coherent gravity structure thsory
- at Aguadilla, Pusrio Rico and Rossburg,
Oregon, U.S.A. where gross foundation fail-
ures undsr structures resulted in a demon-



stration of the cohsrence of the Reinforced
Earth block.

The fundamental difference in the two ap-
proaches is reflocted in the dimensions ob-
tained - for the sams nmarth pressurs co-
officients, K, Vidal's appreach reguirss
more reinforcements to resist higher stres-
ses but results in s reduced maximum rein-
forcement length compared with that pre-~
dicted by the anchor theory {Fig. 1)

B
g
Fhei
=
tor' 0-6 \Fhe
g} COHERENT BLOCK
H tan (%‘%) Le
—
| 7
%l vi 4
. A
g
[

apll

b) TIE ~BACK WALL

fig. 1 Design Hypotheses

Consider a coherent block structure of
height, H¥ and blogk width, B. At any level,
Hi below the top of the wall the horizontal
pressurss range from K.y¥. Hi near the top

of the coherent bleck to 1.33 K. Y.Hi near
the base (assuming the sccentricity of the
base resultant = B/B) due to averturning
effects. 1In the upper part of the block,
the block width provided is then checked
with respect to 0.3 H + Le.

In a tie back wall structure, at any lewvel,
Hi below the top of the wall the harizontal
pressures are K. ¥.Hi . The reinforcement
length is then checked with the adherence
length Le provided beyond the Coulomb
failure line which at the top of the wall
yields a total length H tan("{_% )+ Le.

Thus, the coherent gravity block may yisld
reinforcement tensions up to /3 greater
than a tie back wall, whereas, if ¢ = 309,
the maximum reinforcement length reguired
for adherence is 0.3 H + Le and 0.58 H+Le,
respectively.

3 DESIGN
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3.1 Static Design Procaedures

Reinforced Earth design procedures in Aust-
ralia are derived from those recommanded by
the LCPC (1974, 1978). External stability
criteria are based aon the concept of the
monolithic yet flexible Reinforced Earth
block and checked against suitable minimum
factors of safety. In particular, ths bsar-
ing eapacity at the foundation takes into
account the total block width {as reduced
for sccentricity effects) and a factor of
safety of 2 is adopted {instead of 3 for
traditional structures) dus to the flex-
ibility of ths structure.

Internally, for plain (smooth) reinferce-
ment strip, the basic intsrnal design pro-
cedures assumed that

a) at the limit, an amctive {Kg) state of
stress existed within the Reinforced
Earth block.

b) the horizental pressure at sach level
rasulted in a tension in sach reinfor-
cement strip dependant on its area of
influsence.

c) the friction Factor (earth/reinforce-
ment) was constant with depth.

d) the resistant zone within the Kainfor-
ced Earth bleck {to resist pullout) was
not less than one half the block width.

The allouwable tension in each reinforcement
was based on 2/3 yisld stress on the natt
section (i.e. after deduction of 2 corros-
ion allowance) and checked with respect to
its weakest point {(usually reinforcemant/
facing cennecktion).

Friction or bond failure in each level was
cheecked with respect to the maximum tansieon
in sach reinforcement and its minimum res-
istant length or half bleock width (for a
factor of safety greater than 1.0}.

Empirical data at that stage suggssted that
to satisfy both external and internal stab-
ility as well as to achieve the observed
composite behaviour, a rectangular block of
width/height ratio greater than 0.8 was
requirad.

Recent availability of more extensive data
on the performance of both medel and full
scale structures, both at working stress
levels and at failure have allouwed same
refinement of the design procedures. The
introduction of a ribbed reinfercement
strip has also resulted in a more efficient
use of matsrial but its bshaviour is more
complex (Schlosser and Elias, 1978).

Design procedurss nouw take into account
that

i) the state of stress withinm the Rein-
forced Earth block svolves from an
at rest (Kg) condition at the surface
to an active (Ka) condition at depths
greater than & m.

ii)  the friction factor (earth/reinforc-
ement} for plain reinforcement {(usu-
ally 0.4 for mild steel) is constant
with depth whereas for ribbed rein-
Forcement there exists an apparent
friction factor (f¥) greater than



tan ¢ at depths less than &6 m.

iii) the line of maximum tensiaon is defin-
ed by a line at a distance 0.3 X
‘height of the structure behind the
face and a line at tan™*' 0.6 from the
toe (Fig. 2)
>07 d
. 0-3H
(e - / —
Active ]I Reinferced Earth block
Zone / .
T /
,’ / Resistont
tan' 03 femy/ / Zome
tun" a6 \/
/
AN
— h‘.\.... — 1
\l_me of reoximum tension
Fig. 2 Block Geometry

Friction is therefore checked with respect
to the maximum tension iine and resistant
length available (i,e, reinforcement length
-~ 0.3 x structure height) using a minimum
factor of safety of 1,5.

Recent data has also suggested that a rad-
uction in the minimum block width/height
ratio to U.7 is possibla.

The evolution of these parameters and design
eriteria is described by Schlosser {1978,
1979) and they are incorporated in the com-
prehensive Guide, Specifications and Code
of Practice for Reinforced Farth Structures
issued by the LCPC and SETA in France {1979

3.2 Aspects of Seismic Design

The introduction of Reinforced Earth to New
Zealand has nescessitated the adaption of
the static design procedure to the dynamic
conditions resulting from seismic design
criteria,

Reinforced Earth structures, like other

flexible earth structures, have the advan-
tages of

a) a high degree of structural damping

b) an ability to accept large movement
without loss of stability,

Richardson (1976) and others at UYCLA have
developed design procedures which are hased
on the response of a Reinfgrced Earth stru-
cture to dynamic loading and the effect of
overall geometry, reinforcement distribution
and damping. These procedures have besen
applied to the design of Reinforced Earth
walls supporting the storage terminal for
the Trans Alaska pipeline at Valdez which
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have a maximum helght of 17 metres and wra
designed to withstand the following earth-
guake conditions:

8.5 Richter

- graund accelsration, 0.6 g

- magnituds,

- duration of strong motion, 50 seconds.
Basically, seismic designh procedures involve
the following eonsiderations with respect to
static design

i) the determination of an additianal
dynamic lateral sarth pressure distri-
bution based on the calculated stiff-
nass and dynamic response of the stru-
cture. This generally resulis in an
augmented reinforcement density in the
upper ragion of the structure.

ii) the checking of tensile capacity of the
reinforcement under static + dynamic
leads and taking reinforcement to yield.

iii) the checking of capacity of the rein-
forcemant For an adequate factor of
safety under static loads only.
Because aof the cyclic nature of the
dynamic leads, pull-out “Failuro" due
to statie + dymamic loads would anly
rasult in slight movemant. '

3.3 Durability

The corrosion of buried metals is a complex
subject affected by many variables.
Romanoff (1957) summarised the problem by
stating that it was not possible te predict
the rate or extent of corrosion from any
single spil property, houwever, it was pos-
sible to gualitatively associate soil char-
acteristics and progerties (which are fre-
quently interrelated) with the corrosion of
particular metals.

Basically, in the presence of water, cor-
rogsion is fundamentally eslectrochemical.
Long term studies by the National Bureau of
Standards showed that, in well drainsd soils
having a high resistivity, the corrosion
rate af ferrous metals decreased after a
feuw years from an initial high rate to an
insignificant rate.

Analysis of NBS 10 year tasts for relevant
sgil types {i.e. non organic soils with a
resistivity greater than 2000 chm.cm,)
shows that 95% of increased corrosion rates
for galvanised steels fall below 0.07mm
year (Boyd =t al, 1978). Applying this
figure to a corrosicn allowance of 0. 5mm/
face leads to a conssrvative lower bound
service life estimate of BO years.

Darbin et al (1978) report on similar
studies of long term corrosion and more
recent research in France.

The corrosion allpwance requirements for
various service lives and envircnments
adopted for tho Fronch codo are summarised
in fig. 3
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4 AUSTRALIAN AND NEW ZERLAND PROJECTS

4.1 Applications

In Australia and New Zealand saome B3 stru-
ctures have been constructed or are undser
construction (at July, 1979). By far the
major application is in the area of public
road and highway rstaining walls for gradse
separation or embankment suppoxt (TABLE I).
The use of Reinforced Earth for bridge abut-
ments, howevesr, is a novel and spectacular
example of the properties of the technigue,
It provides a simple, economic solution,
particularly for uuarpass/undsrpass struc-
tures and has been adopted by many local
and state authorities,

TABLE I
REINFORCED EARTH APPLICATIONS IN
AUSTRALIA AND NEW ZEALAND,

Application No. of Area Proportion
Structures
(m2) (%)

Retaining

Walls
- road (public) 51 22 763 77
- road (mining) ] 695 2
- rail 7 1 140 4
- marine 1 430 1
Bridge

Abutments
~ public 14 3 73 13
-~ mining 2 4395 2
Loading

Stations
- industrial t 150 0.5
=~ mining 1 153 0.5

Jotal B3 29 557 190

The first marine wall has been constructed
at Bluff in New Zealand while in Australia,
the mining industry has adopted Reinforced
Earth for road embankment support near dump
bridges (Comalco, Weipa) and at rear dump
stations (Kandos}.

In Queensland, the Railways Department under-
took the first structures which physieally
support railway tracks at the Lutwyche Road
widening project in Brisbane,

4.2 Technical Characteristics

4.2,1 Reinforcemant

Tie strip, reinforcement and connsction
strengths are based on AS5.1250 For the
structuyral grade reinforcement and precision
bolts (strength grade B8.8) adopted. Prop-
ertiss of the reinforcement material used
are shouwn in TABLE II.

TABLE 11
REINFORCEMENT PROPERTIES

Property Plain Ribbed
Material Zincform G300 Hot rolled mild
mild steel steel flats to
shast to AS. AS 1204
1397
Galvanising Hot dipgad Hot dipgud
600 g/m 600 g/m<.
Sizas (mm) 80 x 3 40 x 5
60 x 5 (60x6)
Min., yield 300 275
stress
(Mpa)
Min, ultimate 370 410
strength
(mpa?
Elongation 18% 20%
Frietion 0.4 tan ¢ (min.)
Factor
Allowable
tension (kN) 26.4 (BOx3) 24.0 (40x5
2.5 (60xS

In terms of wall face area, or Reinforced
Earth block velumes, the amount of reinforc-
ement required is very small. For the str-
uctures described in this paper, reinfoprce-
ment density varies from 20 to 60 kg/m2 af
wall face or 0,17 to 0.33% by weight, sarth/
rainforcement (0.04 to 0.08% by volums).

4,2,2 Select backfill

The physiecal, chemical and electrochemical
characteristics specified for the select
backfill in a Reinfeorced Earth block are
summarised as follows:

a) fres from organic or other deleterious
matter.

b) 6Hrading limits
i} nothing over 35Cmm

ii) not more than 25%(by weight) larger
than 150 Mm

iii) not more than 15% (by weight)
smaller than 75 pm
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Where ribbed reinforcement is vsed, the low-
er grading limit may be extended to not more
than 15% (by weight) smaller than %3.5pum,
providing that the amgle of internal fric-
tion is not less than 259.

c) Chemical limits
i) pH betueen S and 10
ii) not more than 208 ppm, Cl

iii) not more than 1000 ppm, S0%

d) Electrochemical limit

Resistivity under saturated conditions
not lasa than 3000 ohw, cm.

Very (ines clayey materials are specifically
excluded on the basis of reduced service
life potential with respect %o the buriad
reinforcement and variability of soil pro-
perties {friction, cohesion) at diffaerent
moisture contents,

In addition, creep characteristics of rein-
fercement in very fine grained soils may
lead to reduced long term stability.

Materials used in Australia and New Zealand
have ranged from sands (reclaimed, dune),
sandstone (ripped and ecrushed) and gravels
{river, quarry or minesite overburden).

4.2.3 Facing

The two facing pansel systems used have been
the articulated preecast concrete panesl sys-
tam, 1 500 mm x 1 500 mm by 180 or 220 mm
thick or the flexiblse rolled steel pansl
system, 333 mm high, 3mm thick and up ta

9 000 mm long.

Both systems provide the necessary flex-
ibility reguired for the facing or skin of
a Reinforced Earth block so that the com-
posite block behaviour can develop. 8oth
facing systems have the ability to accept
differential settlements of at least 1%
without distress.

4.3 Construction

Construction of Reinforced Earth structures
ig primarily an earthworks operation.
Experience has shown that overall constr-
uction rates achieved are gensrally cont-
rolled by the rate of supply and placement
of the backfill, not the erection of the
Reinforced Earth components.

A hasic team of four men (one foreman,
three labourers) can erect precast concrete
facing panels {and lay reinforcement) =t

an average Tate of four panels/hour (72 m?
per day). Peak rates of up to 46 panels
(103.5 m2) per day have been reporiaed in
New South Wales (Leece, 1978} and 40 panels
{90 m2) per day in South Australia (Bayd
and Thomas, 1980).

The construction procedure is cyclic with
placement aof a facing panel course, back-
filling to level of reinforcement, place-
mant and connection of reinforcement and
backfilling to base of next panel courss
following in succession to the top of the
structure. All construection can be carried
out freom within the wall alignment and the
structure is stable during all phases of
the operation.
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5 ECONOMICS

The simplicity and economy of Reinforced
Earth caonstruction is highlighted in TABLE
III where the labour conteni and in-place
cost of three forms of retaining wall con-
structed by the Department of Main Roads in
New South Wales is compared (Leece, 1978).

TABLE IT1Z
RETAINING WALL COMPARISON 7

Tachnique Labour Content Cosat
(manhours/2) ($/m2)
Reinforced Earth 4.1 121
Reinforced concrete 11.5 309
(1)
Crib wall 13.3 200
Note (1) Includes skilled labour {s.g.

carpenters, steal fixers, riggers
and scaffolders).

The breakdown of costs reported by Leece
{(1979) on six Neu Scuth Wales road retainim
wall projects and Boyd and Thomas (1980} on
two South Australian bLridge abutmant
projects is shown in TABLE IV.

The use of Reinforced Earth has resulted in
savings of up to 45% over alternative ret-
aining wall systems. for single span, road
and rail overpasses using Reinforced Earth
abutments this has resultsd in ovsrall
structure sconcmies of between 18 and 25%.

6 CONCLUSION

Reinforced Earth design is based on normal,
practical precedures which recognise the
unique composite behaviour of the monolithic
Reinforced Earth block.

Reinforced Earth has become accepted as a
simple, ecanomic and practical alternative
to the more traditional construction tech-
niques for many applications in Australis
and New Zealand.

Constructien costs reported highltight the
seconamy of Reinforced Earth structures.
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TAHLE IV

REINFORCED EARTH C8S5TS

Date Project Type flax, Area  Supply (1) Erection (2}
Height
2
(m) (n2)  (8/n’) (8/m?)
76 F5 Freeway, Retaining wall 6.0 459 75 43
New Scuth Wales at abutment
76 Seven Hills, Retaining walls B8.25 1 006G a8 19
New Sowvth Wales
77 North Parramatta, Retaining walls 8.25 2 300 az 19
New South Wales
77  Bondi Junctiaon, Retaining walls B.25 3 730 101 29
New South Wales
77 Epping Road, Retaining walls 10.50 3 310 95 24
New South Wales
77 Swanport Deviation, Bridge abutments 6.00 4090 104 19
South Australia
78  Botany Road Retaining walls 7.50 3 350 98 32
New South Wales and abutments
78 Pt. Germein, Bridge abutments &6.75 660 107 16

South Australia

Note: (1) Includes supply of Ffacing panels, reinforcement aetc.
(2) Erection of facing panels, reinforcement etc. inciuding labour and plant.
(3) Prices guoted are in Australian dollars.
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SUMMARY

Parameters of socil/reinforcement friction and adhesion. are generally determined in-direct ‘shear

tests or pull-out tests, or are deduced from the interaction of the behavieur of models:or -full-scale -’

structures.
condition of the soil
performed allowed measurements of
dilabaney,
understanding of

the

i INTRODUCTTION

The evaluation of the friction ‘or adhesion betveen
soil and ‘structural elements has always been a sig-
nificant problem in civil engineexring. It is of
particular importance in the design of pile found~
ations, caissons; -conventional retaining walls, tie-
back anchers and, most recently, reinforced earth
and similar constructlon technlques.

The analyszs_of the 1nterna1_stab111ty of reinfore-
ed earth structures considers two basic causes of
failure: slippage between the soil and the rein-.
forcement and rupture of the reinforcement. . Both
cases require an estimate of horizontal earth
pressures. TField measurements have shown that
these generally correspond to at-rest pressures
near the top of a wall and active pressures fur-
ther down, reflecting the wall deformations which
occur during construction. Since the strength pro-
perties of the reinforcements are known, the rupt-
ure mede of failure can be analysed with reasonably
reliable data for the predominantly cohesionless
z0ils used.

Considerably greater uncertainties are involved in
the evaluation of failure by soil/reinforcement
slippage, also interpreted as failure by pull-out.
Many designers and researchers are of the opinion
that values of the soil/material friction angle §
as obtained in a modified standard shear box give
a conservative assessment of the potential shear
resistance between granular material and reinforce-
ment. However, some experimental data appears
conflicting and it is the aim of this paper to

soil ' _ fd t L4t

The results obtained show a large variation and are significantly affected by the placement-
, the geometry of the reinforcement and the method of testing. =

thickness of the

“Preliminary’ vesults presented indidate Lhat this type of experiment can contribute to-the
the mechanism of soil/reinforcement intezacLlon.

Direct shear:toests

shearing #one; therelative slip-and the rite ofl

present and discuss recent findings from lakoratory
and field studies and indicate avenues of ‘further
research, with special cons;&eratxon ngen to the
direct shear test.

2 DETERMINATION OF SOIIJMATLRIAL FRICTION "ANGLE

2. l Direct Shear Tests

Most commonly soil/material or "skln“—frlctlon
characteristics are evaluated in a direct shear,
box. Although the state of stress in the soil is
not completely known in this form of testlng, its
results have. generally been adopted as reference
values for comparlng data obtalned from other
laboratory or field 1nvestlgatxons and for speci-
fying design criteria. For preliminary design
purposes, the friction-angle-between soil rand
censtruction materials is often assumed to be
between 1/2 and 2/3 of the 1nternai friction angle.

Figqure la shows the typlcal axrangement of materials
for measuring skin friction such as used in the
original comprehensive work by Potyondy {1981} and
more recently by Schlosser and Long (1973). in an
affort to establish basic design criteria for rein-
forced earth. Particularly for testing the friction
between soil and flexible fabric-type reinforcement,
the choice of support material in the lower half of
the box is important, as demonstrated by Delmas,
Gourc and Glroud (1979}

In an attempt to sxmulate the development of shear
resistance along cylindrical ‘anchors, Wernick (1978)
developed a direct shear box where the two halves

ioad
cell

| other

material cLoe

///fflz.r;

Q\Q T

. . h \
7 N A\
support material T | Sr s ey Sy Bt B S e B

Fig. la Standard direct shear box Fig. 1b Constant volume Ltype
shear box

£

Flg. ‘1l¢-"True shear" apparatus
' after wernxck {1978}

Figure 1 Typical direct shear test arrangemente

1-149



are forced to move exactly parallel to each other
and where the vertical force is induced by a non-
tilting loading cap block {Figqure le). The kine-
matic conditions in Wernick's "true shear apparatus”
are similar to that in a conventiomal ring shear
apparatus but unequal rates of shear strain in the
failure plane are avoided. This apparatus proved
particularly useful to measure dilatancy character-
istics of sand.

Using an apparatus similar to that shown in Figure
b, Guilloux, Schlosser and Long (1579) were able
to monitor the variation of ¢ during direct shear
at constant volume. A medium to fine dense sand
which yielded an internal friction angle ¢ = 43°
in the standard test with 0 = constant indicated

a friction angle ¢c = 34° at constant volume shear,
vhile the normal stress increased more than
twentyfold., However if the shear resistance was
related to the original normal stress Oy = 50 kPa,
an apparent friction angle of ¢* = 85" was obtained.
The difference between ¢ and ¢c wag attributed to
dilatancy.

For sand sliding on reinforced earth type smooth
steel, the skin friction angle determined with ¢ =
const. was § = 26.5%, At constant volume, in
centrast to the sand only tests, the skin friction
angle increased slightly to ¢c = 31", Guilloux
et al concluded that in this case dilatancy was
insignificant.

Apparent friction angles ¢* as computed by Gilloux
et al lend themselves to be compared to friction
angles backfigured from pull-cut tests, where the
normal stress is assumed to be equivalent to the
overburden pressure. As lndicated by Fig. 2 the
d¥=values decrease with increasing normal stress
and appear. to give an upper bound to friction
angles computed from full-scale pull-out tests.

15 T [ T T T I

. directsheaf tests
soil/sail: ¢* ~
(const, vol,)

10 1~
tang,
tanqb'

|
200
stress

) 100 300

normal

Figure 2 Apparent friction for constant
volume conditions
(Guilloux et al, 1979)

2.2 Pull-Out Tests

vidal (1969) conceived reinforced earth as a new
composite material in which a perfect bond between
50il and reinforcement exists prior to failure.
Reflecting this view, early design methods for
reinforced earth walls assumed that frictional
resistance developed along the entire length of

the reinforcing strips contributes to the inter-
nal stability of the wall. In contrast, Lee et

al (1973) thought that the earth pressure acting

on the face elements is balanced by the pull-out
resistance of the strips (or "ties") over that part
of theixr total length which is beyond the potential
failure wedge in the soil mass. Lee's concept of

1-150

reinforced earth action lad te a comprehensive
program of pull-out tests in laboratory conditions
and full~scale structures in the field.

A large range of results are now available, from
small scale tests with less than 0.6m overburden to
pull-out tests of dummy strips embedded in the
backfill during the construction of full-size walls.
Tie materials tested include standard reinforced
earth galvanized steel strips, conventional
reinforcing bars, bar mesh, mylar tape, geotextiles
and other experimental materials. Tie dimensions,
overburden pressure and soil characteristics are
the principal variables in this research work,
Pull-out resistance was alsc lound to be affected
by soil vibration. In some types of tests, the
peak pull-out force required was significantly
higher than the ultimate (or residual) resistance.
In some large scale tests, the distribution of tie
forces was recorded during pull-out.

Pull~out test results can be interpreted interms of
an "equivalent" {or "apparent®™) surface friction
angle §, if it is assumed that the shear resist-
ance is uniformly distributed along the strips and
that the normal stress corresponds to the weight

of the overburden plus any surcharge applied. This
interpretation neglects the possible significance
of relative strains between the s0il and the rein-
forcing material and the possibility of crching.

Typical test arrangements are shown in Fig. 3.

Most lsboratory tests have been carried out by
pulling strips out of a simple box as shown in

Fig. 3a. Strips can be pulled through a rigid or
flexible wall, or even without any restraint in
front of the box (Chang et al, 19277), out of a

s0il mass of carefully controlled density, with or
without surcharge on top. A sleeve may be provided
to reduce any wall influence, Pull-out forces have
also been measured on strips attached to a wall
rotating outwards duxing the test (Hausmann and
Lee, L1978} as shown in Fig. 3b. Delmas et al
{1979} pulled fabrics through a modified direct
shear box {Fig. 3¢} in order to evaluate soil/
fabric interaction,

An informative test series was conducted by Alimi
et al (1977) who pulled out standard size Reinforced
Barth strips from an experimental embankment with
up to 2.5m overburden, using a pipe sleeve to

avoid edge effects (Fig. 3d).

Fig. 3e gives typical dimension of the test sect-
ions of the Californian wall on Highway 39 {(Chang
et al, 1977) where pull-out of dummy strips was
achieved without breakage for lengths of up to 7m
under 5.5m overburden.

Genexally researchers confirm that pull-out
resistance is significantly affected by the
placement conditions of the so0il, the geomctry of
the strips and the mechanical arrangement of the
experiments. French engineers concluded that the
direct shear box yields conservative values of
skin friction angles. In contrast, many American
laboratory test results show that average shear
resistance in pull-out can be substantially less
than would be estimated from direct shear tesats.

2.3 Indirect Methods

Soil/reinforcement interaction parameters can be
backfigured from the results of model tests, the
performance of full-size structures or from
strength measurements in more basic tests such as
triaxial or plane strain shear tests. Frictional
properties are usually expressed in terms of angle
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Figure 3 Typical pull-out test arrangements

§ of skin friction (Alternatively calied surface
friction or bond stress) or a friction factor f =
tan &, For cohesive soils, adhesion S5 may be
calculated and, as with §, is often presented as
fractions {or multiples) of the strength parameters
of the soil alone (internal friction angle ¢ and
cohesion c¢}.

The cémputed values of & or 54 are only as good
as the basic assumption made in the method of
analysis proposed. Actually most researchers
start by assuming the validity of a particular
vaiue of §, say as determined in a standard shear
box test. In order to fit experimental data to
theoretical results, it may then be hypothesised
that a certain lateral stress coefficient X {usu-
ally within the range Ka to Ko) or a particular
distribution of normal stress Oy or shear stress
T (based on assumed relative displacements) app-
lies to the soil/reinforcement interface. On

the other hand, if K, 9y and T are seen or made
to follew a specific pattexn, § (and/or sz) can
be back-figured from the test. An additional
complication arises in the interpretation of
laboratory size model tests, where soil may be
sheared at very low confining stresses. In these
conditions, the angle of internal friction ¢

of a sand may be significantly highex, say, by
10°, than the value cbtained in standard tri-
axial tests using more “practicai" higher cell
pressures. A variation in ¢ has a significant
effect on the values of XK. Still unable to ex-
blain certain test results, researchers may

then take recourse to concepts. of dilatancy,
arching, collapsc of granular soil structure

or progressive failure (emphasising the differ-—
ence between peak and ultimate shear strengkh
rarameters) .

Fig, 4 gualitatively compares typical shear
stresses developed between mylar reinforcing
material and sand in three different tests at the
same overburden pressure: in strips attached to

a rotating model wall, in a laboratory pull-out
test and a direct shear test. Obviously the £ric-
tion angles 8, backfigured from these three tests
will differ markedly, so does the general strass—
strain behaviour. Fig. 4 is however only typical
for the particular materials used. For rough or
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ribbed reinforcement, e.q., pull-out tests w%ll
likely show resistance in excess of that exhib-
ited in direct shear.

direct shear

average
shear
stress

\pul!-out

h 4

dispiacement

Figure 4 Shear stress between mylar
and sand (typical results)

3 INTERNAL DEFCRMATIONS IN DIRECT SHEAR TESTS

From the previcus discussions, it can be seen that
dilatancy and relative strains are significant fac-
tors affecting scil reinforecement friction.
Dilatancy has already been subject of research by
pumerous investigators, notably Rowe (1969}, Davis
(1969), and Oda (1975), but experimental data

i still limited.

In order to further study the dilatant properties
of cohesionless soils, the authors devised_a serics
of direct shear tests which allowed measuring

the thickness of the shear zone and relative
strains at the interface with another material.

3.1 Test Details

The sand used in following tests was a uniform
fine sand with a sub-rounded grain. Cylindrical
columns of dyed sand were formed in the shear box
using drinking straws. After testing, a gelatine
solution was poured into the shear box and allowed
to set, The sand could then be removed and dis-
sected to reveal the deformation pattern within



the box, Host tests were carried out for two cases:
(1) shear box full of sand and (2) sand sliding on
a roughened plate. This plate was formed by glue-
ing a layer of the same sand to a metal plate.

normal stress.

considered rather than the rate, Finally, in Fig-
ure 9, the rate of dilatancy is plotted against

The results shown include the skin
friction angle 8. Its value corresponding to 1 kPa

Fig. 5a Loose sand

Fig. Eb Dense sand

Fig. S¢ Sand/plate

Figure 5 Deformation patterns in direct shear test

3.2 Test Results

The results clearly showed a marked difference be-
tween the deformation patterns obtained with a loose
sand and a dense sand. Typical examples are shown
in Figure 5a and 5b.

Similar patterns were found for sand sliding on a
roughened plate. This is illustrated in Figure 6
whare the thickness of the zone of shearing, u, is
plotted against relative density, This figure

shows that u for the full sand case is approximate-
iy double that for sliding on a roughened plate.

The deformation pattern for this condition was found
to be virtually symmetrical about the central
horizontal plane of the box. Further, for the plate
case, measurements of the horizontal shift as def-
ined in Figure 5¢ can be used to give the relative
strains at the soil/plate interface. The distance
w was found to equal the shear movement applied
during the test, as it would be expected for a zough
plate. Rough intexface bhehaviour was also confirmed
by the friction angles computed from these tests,
which are plotted in Figure 7.

n \ ' i

—
-
-

2l~ o—sand/sand —=

|_--o---52and/plate -
ag=70kPa, ail tests

0 0.2 0.4 08 08 10

reiative density

Figure & Variation of thickness of
shear zone with density

The measure of the zrate of dilatancy was taken as
the maximum value of dv/dh where dv is the increment
in vertical movement of the loading cap and éh the
corresponding increment in shear displacement. The
rate of dilatancy is plotted against relative
density in Figure 8. It is interesting to note

that the rate of dilatancy was approximately equal
for both series of tests., The same conclusion is
reached if the absolute magnitude of dilatancy is

normal stress is likely to be unreliable because of
the small value of shear stress obtained in this
test. Also indicated is the relative amount of
slip which occurred at the sand plate interface;
it varies from all slip at low stresses to no slip
at higher stresses,

—osand/sand : ¢ ¢ _/ﬂ
441 o.-sand/plate: & /4
42 /’,
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Figure 7 Friction angles as a function

of density
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-3 : '
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Tigure 8 Variation of vertical rate
of movement. with denaity

3.3 Discussion of Results

The test results suggest that the amount or rate
of dilatancy is not a function of the width of the
shear zone but must be a property of the material
itself and its state of density (Figures 6 and 8).
Such a conclusion was theoretically reached by Oda,
1975,

If ne slip occurs at the scil material intexface),
the skin friction angle is equal to the friction
angle of the soil itself {Figure 7).
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As a normal stress at the scil material interface
is decreased, the amount of slip and the rate of
dilatancy both increase (Figure 9). Rather
surprisingly, the skin friction angle computed for
low normal stresses is higher than the angle of
internal friction, despite the fact more slip
appears to cccur. The question which must be asked
is why failure does not occur within the soil
itself at a lower shear stress. Kinematic rest-
rictions of the shear box do not appear to be the
answer because at higher normal stresses failure
does occur within the seil. Further investi-
gations are needed of this important low stress
sitvuation as many laboratory model tests are
carried out at low stress levels.

There is a basic difference in the failure mechanism
which occurs in a loose and a dense cohesionless
material.

4 CONCLUSIONS

Parameters describing soil/reinforcement interaction
have been obtained from direct shear tests, pull-out
tests and £rom the interpretation of the behaviour
of laboratory models and full-scale structures,

The variation of the results obtained suggests that
this interaction cannot be described by unique
values of skin friction and/or adhesion,

Direct shear tests performed did net indicate any
relationship between the thickness of the shearing
zone and the rate of dilatancy. However it is felt
that observing these characteristics will lead to
better understanding of scil/material interface
problems. The magnitude of relative strains in zones
of interaction appears to be of prime importance for
the interpretaticon of model tests and for the form-—
ulaticn of laws of interaction for the purpose of
analysis by means of the finite element method.
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1 INTRODUCTION

Reinforced Earth (R/E) is a patented system for the
construction of earth retaining structures, which

has been developed and is used extensively oversecas.

The system is now available in New Zealand, the
licence holder being Reinforced Earth Limited.

This paper briefly reviews the uses, advantages,
disadvantages, design methods, patented components
and construction techniques associated with R/E
retaining structures.

Seismic design of R/E structures is discussed in
general and a particular seismic design method is
considered in detail, The paper also describes
the design of a large R/E retaining wall, of 1800
m® area and 13 m maximum height, in a seismically
active area of New Zealand,

A simplified empirical seismiec earth pressure
Touding 15 proposed Tor approximate desipgn.

2 NOTATTON

Y Bulk weight density of backfill

] Effective angle of internal friction of
back£ill

Ko Coefficient of at-rest earth pressure

Ka Coefficient of active earth pressure

3 REINFORCED EARTH : PRINCIPLES & APPLICATIONS

3.1 History

The effect of embedded material in improving the
strength of soil has been recognised by man since
early history. The use of faggots, logs and rope
for strengthening earth dykes, embankments and
road subgrades is an application of the reinforced
earth principle.

Engineers in the last 100 years have used materials
such as wire mesh and wooden beams to improve the
stability of earth dams, retaining wallis and other
earth structures. While several such systems
have been patented, a method of analysing and ade-
quately designing reinforced earth structures was
not developed until the 1950s and 60s when the
French engineer, Henri Vidal, carried out research
and development work which culminated in his pat-—
enting and marketing the retaining wall system now
known as Reinforced Earth (the capital letters
indicating a registered trade name) or Terre Armed.
Between 1966 and 1979 a total of 2249 structures
with a combined face area of 1.3 miliion square
metres ware constructed in countries using the
Vidal system. (McKittrick and Darbin, 1979).

ot

3.2  Principles

Seil materials are basically strong in compression
or shear, but weak in tension, as indicated by the
normal Mohr-Coulowb failure envelope, Tntroduction
into the s0ll of a material which has tenslle
strength, bomds to the seil and Is orfentated acrross
potentiasl tension failure planes, results in a new
composite material with sigrificant tensile strength,
represented on the Mohr-Coul b envelope as
increased cohesion. Methods . “~-ally employed in
designing R/E structures utilise earth pressure
distributions and fallure zones modified from normal
limiting equilibrium earth pressure theories. The
use of such empirically determi-- i eriteria dis-
guises the fact that the R/E system results in
fundamental changes to the so0il mass behaviour.

Wnila retaining wall applications of R/E require a
facing wall to prevent fretting and erosion of the

coheslonless sotl, the R/E principles can be used In
appl leat fons where faclng I8 sot requlced, sueh as
In R/E mats for subpgrade strengthening {(WalkInshaw,

1975) and perhaps within embankments where a R/E
section could provide additional tensile strength
(cohesion) to inhibit formation of slip surfaces.

The principles of R/E and static design procedures
are comprehensively reviewed by McKittrick (1979).
3.3  Vidal Reinforced Eaxth System

The R/E system developed by Vidal employs galvanised
steel strips distributed im layers throughout a
cohesioniess backfill and connected to facing panels
which are either elemental steel units, or more
commonly precast concrete panels. The pracast
panels ave of a cruciform shape and are interconn-
ected and sealed by spipots and corbels. The
reinforeing strips are normally of a relled 60 x

5 mn thick ribbed steel sections, hot-dip galvanised
for corrosion protection. An alrernative 3 mm
thick plain strip, cut and punched from galvanised
sheet was used extensively in earlier applications,
but this has largely been superseded by the ribbed
strip. The ribs enhance the pull-out resistance by
mobilising the full soil frictional resistance, as
opposed to the lower strip/soil resistance of the
untibbed strip (McKittrick, 1979).  Galvanised
bolts are used to connect the strips to the Ffacing
panel. 4 single bolt, double shear connectiecn used
with the ribbed strips, enables the full strip
tensile capacity to be developed at the connection.

For the earlier plain strips, multiple belt connec-
tions were sometimes required to reduce bearing
pressures on the thinner serips,
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To achieve adequate soil/strip Ffriction a cohesion-
less backf11l is generally used, and suitable back-
f£ill grading properties have been determined
(MeKittrick, 1979). In areas where such materials
are uncommeon, for example where softer shale rocks
such as New Zealand papa predominate, the cost of
importing suitable backfill may seriously affect
the economics of R/E structures. Field and labor-
atory studies reported by Chang (1977) examined the
use of an alvernative reinforcing element vonsist-
ing of panels of galvanised welded mesh, which
appears to be suitable for use with some backfill
materials containing a higher propertion of silt
and clay particles than is recommended for the,
galvanised strip reinforcement.

3.4 Applications

R/E has been predominantly used in retajining struc-
tures for roading applications (road retalning and
bridge abutments), iIndustrial applications (mater-
ial processing and storage facilitiles), and hydrau-
iic applications {sea walls and sedimentation bas-
ing).

For bridging applications, 1t is common for the
abutments to be entirely in R/E construction, thus
avelding the need for expensive piled foundations.

Applicationa of R/E construction are extensively
reported in trade literature, which also indicates
the variations in finish and appearance which are
possible. While standard cruciform shape panels
are normally used, varlable and pleasing archi-
tectural effects can be achieved by varying the
concrete surface texture and applying rib and other
patterns in the moulds.

Walls up to 10 = high are common. Construction is
carried out in lifts, with successive layers of
facing panels, strips and backfill being placed
from behind the wall line without falsework which
1s an advantage at congested sites. Other advan-
tages of R/E wall construction are the vertical
face which permits maximum use of the land in front
of the wall, and the flexibility of R/E walls,
which makes them particularly suitable for sites
with poor ground conditions where gome settlement
1s anticipated,

In general, the block of R/E has a depth of (.8
times the height of the wall, and this can be a
disadvantage as it prevents the use of the syatem
at sites where a wall is to be constructed close to
a natural steep slope which cannot be excavated.

4 DESIGN PRINCIPLES

4.1 Baaic Mechanism

Generally R/E structures are designed using a tie-
back analogy with Rankine limiting equilibrium earth
presgures as shown in fipures 1 and 2. Empirieal
adjustments are made to allow for the strips alter-
Ing the behaviour of the soil. The strips and the
soil form a compesite material which acts as a
gravity retaining structure.

Rasistant
l 20Ng
H // Lg
AT

- _®
(H-cHan(45-5) __Locus of points of
max. strip tension

o

E v
RIS A 4582 % 9
dh:K {d
Figure 1 : Tie-back Analogy

Instrumentation of R/E structures has shown that the
tensile forces in the strips are not a maximum at
the facing (tie-back analogy), but at a distance
behind the facing (McKittriek, 1979}. For design
it is often assumed that the locus of pointe of
maximum tension in the strips follows the Coulomb
wedge line (45 + § to horizontal) except that the
maximun wedge width is limited to .3H as shown in
figure 1. This line defines two zones, the active
zone and the reaslstant zone, 1f one imagines the
active zone {or Coulomb wedge) trying to separate
itself, then the strips are held iIn the resistant
zone by friction between the strips and the soil.
The length of the strips in the resistant zone 1s
termed thelir effective length L. The strips are
also held in the active zone by friction (as the
maximum tensile force 1s some distance back from
the facing), but there 1s probably alsc some tie-
back effect from the panels, In practice the panels
are designed for the full earth pressure (ie, as
tie-backs). The tensile force in the strips is
computed from this earth pressure on the panels.

_7T7ﬂﬂWTWmWW““""“""““ﬁENWW&W ]
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Ko K ~ suri A rQ
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earth pressure
due to V
Figure 2 Figure 3 : Horizontal Load Distribution to R/E Mass
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4.2 Earth Pressure

For the determination of lateral earth pressures in
a R/E structure, the empirical relationship shown
in figure 2, based on instrumentation of R/E struc-
tures, is often used.

4.2.1 Live load surcharge

The lateral earth pressure due to a live load
surcharge, hy1, is determined in the normal way.
This amounts to a constant earth pressure of KYhpy
over the full height of the wall,

4.2.2 Borizontal shear load

Any horizontal shear load, V, is usually distrib-
uted to the R/E mass using the empirical relation-
ship shown in figure 3 (Boyd et al, 1978).

4.3  Soil/Strip Friction

The frictional relatioaship between the soil and
the ribbed strips has been investigated by means of
pull-out tests (McKittrick, 1979). Ribbed strips
pull-cut when the soil itself shears, rather than
by slippage occurring along the soil/strip inter-
face. An apparent friction coefficient of tand,
with some increase for soil dilation, is therefore
appropriate. Pull-out tests also indicate that
with continued pulling the apparent coefficient of
friction drops to a residual value of about three-
quarters this initial wvalue.

A

Ak Interual Stabillty

A R/E mass has two modes of internal failure; it
can fail by strip breakage, which is sudden and
catastrophic, or it ean fail by strip pull-out,
which will cause only a redistyibution of stress
and a slow deformation of the mass, A ductile
failure is therefore achieved if failure is by
strip puli-out, rather than by strip breakage.

4,5 External Stability

The external stability of a R/E structure is
checked as for a gravity wall. The structure is
considered as a rigid body, and overturning stab-
ility, bearing capacity and slip eircle failure in
the foundation material should be analysed,

4.6 Strip Corrosion

Carrosion of the hot~dipped galvanised steel strips
is pessible, but if there is sufficient data avail-
able. a cross—section and coating weight of galvan-
ising to ensure a minimum specified service life
may be selected.

This caleulation of anticipated weight loss is
based on laboratory or field measured values of
resistivity and pH of the select backfill in satur-
ated conditiens, Fxperience with the corrosion

of buried galvanised steel culverts gives a guide,
although it should be remembered that in general
these are in a mere corrosively aggressive environ-
ment , In practice, when caiculating the tensile
capacity of the strips, 1 mm of thelr thickness is
discounted te allew for loss of metal due to corr—
osion. This is then considered teo give a minimum
service life of at least 120 years, (McKiterick,
1979).

4.7 select Bockiill

R/E requires a select backfill which is free drain-
ing, cohesionless, and chemically and biologically

inert. These preoperties emsure that a high shear
strength is developed and that corrosion of the
strips is mipimised, An excessive fine grained
content increases the danger of plastic deformation
due to creep under working stresses, partichlarly
during construction when the water content could be
high. Research has shown that with ribbed strips
the grain size which separates this fine grained
portion from the granular portion is 15 pm (McKipe-
rick, 1979).

Specifications vary, but an example of 2 suitable
backfill would be:

Sieve Size % Passing
sand 60 to 2000 pm

139 m 15100 silt 2 to 60 1m
80 ym 0-25 clay <2 um

Plasticity Index <6
pH 6 to 10
minimom resistivity 5000 ohm.cm

More recent specifications for fill to be used with
ribbed strips allow more than 25% finer than 80 um,
provided that not more than 15% is finer than 15 um
and that ¢» 25°,

4.8  Facing Panels
Generally R/E facing panels ha.. been unreinforced,

utilising the tensile strength of concrete. Stan-
dard panel thicknesses usually vary from 180 mm at

the top of the wall to 220 mm apd 240 mm Yor higher
varil pressures lower down. Soue deslpners have
reinforced the paneld to maintaln the 180 mm thick-

ness throughout, and the MWD requires, in any case,
some temperature and shrinkage reinforcement through-
oul the panels.

4.9  Panel/Serip Connection Detail

The standard panel/ribbed strip connection detail
uses one 12 mm diameter high tensiie bolt in double
shear, The ribbed strip is sandwiched and bolted
between two similar strips which protrude from the
precast facing panels. Tests carried out at Auck-
land University shew that the bearing stress on the
ribbed strip can be ignored, probably owing to the
confining action of the protruding strips.

5 EARTH PRESSURE DUE TO SEISMIC LOADING

The development of guantitative methods Lor assess-
ing seismic earth pressures on R/E walls #s relat—
ively recent, and in the authors' opinion, as yet
no completely satisfactory design method is avail-
able.

The metheds available have been developed by
Richardsen and his co-workers from laboratory and
field tests correlated to seismic analysis techni-
ques, In the first instance Richardscn and Lee
(1975} examined the response of model walls excited
sinusoidally on a shaking table. An earth pressure
diagram shape was determined and the magritude
related to backfill properties, the natural frequ-
ency of the wall and excitation frequency. To
enable the model test results to be extrapolated to
full size walls wader random earthquake excitation,
a modal participation amalysis approach was proposed.
In this method & response acceleration obtalned from
the modal pargicipation analysis 1s used an a base
Input acceleration in an equation for earth pressure
from the mode!l tests. The vilect of amplilication
of the base [mput s thus allowed For twice.
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The excessive conservatism of the approach was
illustrated in results obtained from blast excig-
ation tests carried out on a full-scale wall
{Richardson et al, 1977}. While the excitation
from a single blast is an impulse rather than the
normal cyclic earthquake excitation, the tests
provided data on material and geometric damping
and on the increase in matural period with dynamic
strain amplitude. Low strain natural frequencies
obtained for a number of wallg have provided data
for the prediction of low strain first and second
natural periods.

Using data obtained from the model tests and full-
scale wall tests, Richardson (1978) has proposed a
revised design method which yields seismic earth
pressures of the order of half those predicted by
the earlier model and adjusts the shape of the
selsmic earth pressure diagram according to the
"stiffnegs", i.e. density of reinfarcing strips

in the wall.

The modal participation approach adopted allows for
variation of the damping and the natural frequency
for the anticipated dynamic strain level. This
method was used to compute seismic earth pressures
for the Ngauranga wall (see Section 7 of this
paper) and appeared to give realistilc answers,
However, the method can be simplified further and
in the authors' opinion can still yield results
within the accuracy required for design purposes,
considering the uncertainty of the actual earth-
quake response. A suggested approximation based
on the Richardson method 1s presented in Section 7.
As yet there appears to be no evidence of the loc-
ation of maximum strip tensile stress under seismic
loading, although this information is necessary for
accurate computation of strip length,

While the methods proposed by Richardson are
appropriate for major structures and those requir-
ing a high level of seismic resistance, for minor
or low-risk structures the methods may be unreason-
able and may penalise R/E in comparison with other
retaining wall types.

It is wuseful to consider basic seismic design
philosophy in New Zealand. Seismic design for
structures generally assumes that, for the design
earthquake, major structural damage cannot he
avoided and the emphasis is placed on emsuring that
local failures occur where the structural integrity
will not be impaired, and that such failures are
ductile rather than brittle. Thus less emphasis
is given to predicting member stresses exactly,

and more emphasis, both in research and practice,
is directed to emsuring that adequate ductility

and energy absorption occurs at the predetermined
failure locations.

For conventional retaining walls the traditional
approach has been te use the Mononobe-Okabe limit-
ing state equilibrium analysis which allows for a
pseudo-static horizontal force to represent the
earthquake. Design codes, such as that of the
MWD (1978), set values for the pseudo-static force
level appropriate to seismic activity zones and
structure importance. These levels are set on a
relatively arbitrary basis. Current research by
Richards and Elms {1979) into gravity walls, has
examined the significant but previously unallowed
for effect of wall inertia, and the degree of
movement of walls designed for varying pseudo-
static force coefficlents and subjected to actual
earthquake type base excitation. Their results
suggest that a more logical design approach for
minor walls would be to set acceptable movement
levels rather than attempt to arbitrarily reduce
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the design forces. A similar approach may be
desirable for minor or low-risk R/E walls.

Because of the difficulrty in predicting a “design”
earthquake, the authors believe it is desirable to
ensure as far as possible that in the event of a
larger than design earthquake occurring, "failure"
of the wall will be ductile and the wall will remain
serviceable, even if permanently deformed, after the
event, The model tests of Richardson and Lee
(1875) indicated that where the R/E failed by strip
breakage, catastrophic and complete collapse
resulted, whereas when strips failed by pull-out
(bond failure) the wall remained intact and fully
load bearing, despite deformation of the facing.

The precast cruciform panels normally used have
inherent flexibility, with a significant outwards
movement of the top relative to the base being
possible,

it is considered desirsble to detail strips to fail
by pull-out rather than breakage. This may not be
quite so Important near the base of the wall, where,
in the event of strip breakage, arching action
between the foundation and higher intact areas

could result in redistribution of the earth press-
ures.

6 THE NGAURANGA WALL

The Ngauranga wall will be a part of a major inter-—
change of the Wellington-Foxton Motorway. It will
retain the £111 for the off-ramp from an overbridge
structure, and will support traffic loading on the
£i11, but not loading from the overbridge. It
will lie on a gentle horizontal curve, will be 160 m
long and vary in height from 7 m to 13 m at the
overbridge strw ture.

The sea (Wellington Harbour) is about 80 m from the
toe of the wall.

6.1 Foundation Materials

The foundation materials consist of sandy gravels
with some shell end silt content down to basement
greywacke rock at approximately 16 m below ground
level. Raymond N values indicate firm material at
the surface (¥ = 50), a loose layer at a depth of
around 5 m (N = 9), and then materials progressively
firming with depth (N = 25 at 9 m). Groundwater
level is approximately 3.8 m below the surface and
appears to be slightly tidal.

6.2 Selsmic Protection

The wall is in an area with a high level of seismic-
ity, and the Wellington Fault runs parallel to it
and in its close vicinity, The fmportance of the
motorway which the wall supports demands a high
level of seismic protection.

6.3 Alternatives Considered

At the design report stage, three basic types of
wall were considered. A crib wall was not consid-
ered viable for this height of wall.

The following estimates exclude the cost of fill,
but they do, however, include a cost differential
for the R/E alternative to allow for the extra cost
invelved in a select backfill. CF represents the
seismic design coefficient.



CF §/m®

Counterfort V24 370
Tie~baclhk .24 350
R/E .30 265

The R/E estimate was based on a quotation from
Reinforced Farth Limited for a MWD preliminary
design, and the cost was assumed to be spread
between the various materials and operations in
the following percentages:

(RC facing panels 25%
R/E Ltd ({ribbed steal strips 25%
(octher 107
site labour and plant to erect 207
fi11 20%

The R/E wall was adopted for the following reasons:

(a} it was considered the best technical solution
to accommodate the anticipated settlement;

{(b) it was practical to design it for a high level
of selsmic protection and to ensure a ductile
failure;

() it was the most economical.
7 DESIGN OF THE NGAURANGA WALL
7.1 Design Policy

In general the detailed design was done in accord-
ance with the loading combinations, allowable
stresses and safety factors set out by MWD (1973,
1978). The working stress method was used
throughout, apart from the design of the concrete
facing panels where the strength method was used,
Wherever possible Reinforced Earth Limited stand-
ard components were used,

Twe loading combinations governed the design:

(MWD, 1578}, Static earth pressure + live load
surcharge {equivalent to a hedight of 0.6 m) with
normal allowable stresses: statfc + seismic earth

pressures with a 33% increase in allowable stresses.

7.2 Select Fill Parameters

A good quality clean granular greywacke f{ll is
available close to the site, and for thig the
following design parameters were adopted:

Vo= 19 W/m', ¢ = 357, Ky = .27, K, = .43 (MWD, 1973)

211
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7.3 Selsmic Earth Pressure

The method described by Richardson (1978) was used
to determine the pseudo-static seismic earth press-
ure loading on the R/E mass. This method repres-
ents the design earthquake by its Richrer magnitude.
A Richter magnitude of 7.5 was used to represent El
Centro N-5 1940, which was considered to be approp-
riate for New Zealand earthquake code requirements,

The Richardson method sssumes that R/E acts as a
strain softening material, with natural perlod an
damping increasing with increase in strain. The
greater the density of reinforcing 5trips the
stiffer the wall, and the varying stiffness of walls
is taken into account by a factor I, where

. stiffness of wall
I = Sfiffness of reference wail M4 1€ I<€2

Seismic earth pressure reduces with increase in
value of I,

The Richardson method relies on empirical adjust-
ments to correlate theory with model observations.
Although calculations suggested a value of I close
to 2 for the Mgauranga wall, a more conservative
value of T = 1.5 was, in fact, adopted, It was
found that, for a given Richter magnitude and 1
value, the seismic earth pressure varied directly
with h pver the range h = 6 to 12 m considered), as
shown in figure &4, where h is the free height of
wall above ground levei.

As shown in figure 4, the approach for R/E walls
compares reasonably well with the Mononobe-Okabe
approach usually adopted for ordinary retaining
walls; it should be borne in mind that the stiffer
R/E wall would be expected to induce lower earth
pressures, and the ordinary retaining wall example
with CF = .24 is probably designed to a lower
seismic design level.

An approximate seismic earth pressure, conservat-
lvely based on these results, 1s also shown in
figure 4. It is suggested that except for major
structures, this would be appropriate for K/E
structures in New Zealand seismic zone A, with the
usual reductions to 75% and 50% for wones B and C

respectively. (MWD, 1978).
2'5h 3h
3
pz30° 3 ¢ =352
E CF=-24
£
o

h

Mononebe - Okabe
(MWD, 1973)

Ordinary retaining walls

Figure 4 ; Seismic Earth Pressure (x8/m®)
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7.4 Strip Design

7.4.1 Strip density

The number of strips per panel was determined by
considering the strip breakage failure mode and by
practical considerations. It is not practical to
have less than 4 strips per panel, and common stan-
dard panels have arrangements of 4 or 6 strips per
panel. The design earth pressures for the govern-
ing loading combination taken over a panel area
gave the total tensile force in the strips, and the
qumber of strips required was determined by divid-
ing this by the allowable tensile force per strip.
As the design earth pressures increased with depth
co did the theoretically required density of strips.
However, it was found in this case that 4 strips
per panel were sufficient throughout.

The static pressure + live lead surcharge load
combination governed for strip density.

7.4.2 Strip length

level was determined
—put fallure mode.

The length of strips at each
by considering the strip pull
The static + seismic pressure load combination
governed for strip length. The apparent coeffic-
ient of friction uged for both lead combinations
was Pallowable = .65 tand. This was based on a
value of soll shearing of tand, safety factors for
siiding from MWD (1973) and a reduction factor of
75 te obtain the residual apparent coefficient of
friction (McKittrick, 1979} which is appropriate
for selsmic loadingm.

From the tensile force per strip (7.4.1), over-
burden pressure (= Yd), the strip width (using both
faces) and Wailowable (= .65 tand) the effective
strip length was calculated.

The length of strips extending over (H-d) tan
(45—%},a5 ghown in figure 1, was taken as being
ineffective. This ineffective length was not
limited to the maximum of 0.34 assumed in static
design. as it was considered that insufficient
testing under dynamic conditions had been dene to
justify this.

In theory, without any surcharge, required strip
lengths approach infinity at the top of the wall,
Consequently R/E specifications normally require a
minimum depth of £ill of 1 m above the strips.

Also at a certain distance back from the facing
panels the top layer of strips is often draped dowm
to increase the depth of i1l above it.

m L, TSI
13-5m
(&/ponel)

i0-5m
13m
_i T-5m
N
im ;—a_———m_————ﬂ
=

Because of the selsmic earth pressure loading at the
top of the Ngauranga wall, the strip lengths required
were excessive. This problem was overcome by
inereasing the minimum £ill depth on the strips in
LWO wWays:
(a) The design incorporated a 1 m high precast
L-shaped cantilever wall, placed on top of the
facing panels. The shear from the earth
pressure on this 1 m height was distributed
to the R/E mass as indicated in figure 3.
(b) Behind the facing panels the top two layers of
strips were draped down 750 mm and 375 mm
respectively.

Strip lengths for the Ngauranga wall are shown in
figure 5. Although for strip breakage consider-
atiens, four strips per panel were adequate through=-
out, at the highest part of the wall geometric
limitations restricted the lemgth of strips to 13.5
m and this necessitared the use of 6 strips per
panel in this regiom.

7.5 External Stability

The overturning and sliding safety factars required
by MWD (1973) were easily achieved and did not
affect the design.

The maximum foundation bearing pressure (during
seismic loading) under the R/E mass, was approxi~
mately 400 kN/m?, This was considered acceptable
for a R/E structure founded on the materials at
this site. Normally quoted allowable bearing
pressures for cohesionless soils are governcd by
settlement considerations, so are very conservative
for R/E structures which can readjust internally.
7.6 Facing Panel Reinforcement

Generally MWD design policy does not allow unrein-
forced conerete in a structural member . However,
it was considered that the minimum amount of temper-—
ature and shrinkage reinforcement normally required
did not necessarily apply to these panels. All the
panels were made 180 mm thick and reinforced in one
layer. Tt was possible to use the same amount of
reinforcement in all the panels, as the design for
the maximum earth pressure still only required about
70% of the amount normally required for temperature
and shrinkage reinforcement, and this seemed a
reasonable minimum quantity of reinforc¢ement to use.
A layer of 663 mesk (150 x 150 mm, 205 mm? /m) loc—
ated at one third the depth of the section, was
specified, An alternative was considered using

|
e

TEFIES AN

3

13:5m

10-5m

4 strips per pane} unless indicated otherwise

Figure 5
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12 mm diameter bars, the standard 1.3 m square

panel requiring 5 bars horizontally and & vertically.

It was found that with &4 strips per panel, strip
spacings of 750 mm, both vertically and horizon-
tally, optimised the bending moments in the panel,
using yield line theory for the analysis.

The standayd panel/ribbed strip comnection detail
was adopted after its strength was tested and con-
firmed at Auckland University, as discussed In
sub-section 4.9.

7.7 Ductile Failure

An attempt was made to ensure that at each strip
level internal fatlure due to overloading would be
by strip pull-ocut rather thamn strip breakage.

This required that at each strip level the minimum
prebable safety facter against breakage (SFp)
should be greater than the maximum probable safety
factor against pull-out (SFp).

§Fy was determined using the minimum tensile
strength of the strips, this being approximate.y
S50% greater than vield stryength. To determine JE,
values of Ty Towahle = tand and § = 40° were wsed.

Because, in general, a 4 strip per panel arrange-
ment was used throughout the wall height, the value
of §Fy was high near the top of the wall but re-
duced lower down the wall, Consequently, the
cxiterion of 5Fp > 5Py was easily satisfied at the
top of the wall, but became progressively more
difficult to satisfy lower down. In fact, some
strips at lower levels had to be shortened tec sat-
isfy this griterion. {In practice, to limit the
number of different strip lengths on the job, many

strips are longer than they theoretically need to le.

S50, in general, ductility was easily achieved
tovards the top of the wall, but due to the many
assumptions made in the calculations and the fact
that the S5F, could, on cccasion, be much higher
than calculated, it was not so certain that a duc-
tile Tailure towards the base of the wall was
ensured. However, it was considered that the
pull-out requirement was not so essential at the
base, due to the arching action of the fill at this
level, as disecussed in Section 5.

8 CONCLUSIONS

The R/E system has provided a satisfactory and
economical solution for the design of a major re-
taining wall, where the depth of £iil and founda-
tion conditions would have made conventional solu=
tions difficult and costly to construct.

R/E is already being used in New Zealand and the
partly empirical design methods are being applied.

Seismic loading can be taken into account with R/E
structures, and will in practice usually result
only in longer strips being required towards the
top of the structure, In general, ductility is
automatically achieved near the top of the struc-
ture and can, to a lesser extent, be achileved lower
down with minor detalling changes.

Except for major structures, the approximate seis—
mic earth pressure loading shown in figure 4 may be
used, as this is consistent with the design appr
approach and loading generally adopted for conven-
tional retaining structures in New Zealand.
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The Water-jet Penetration Test —
A Field Test of Loess Erodibility

S. P. A. HARRISON
Post Graduate Student, Department of GHeiIEgy, University of Canterbury, N.Z.

Consulting Engineering Geoleglst, Christchurch, N.Z.

SUMMARY The development of a water-jet penetration test for measuring the ercdibility of loess is
described. The advantages of the test zs a rapid and reproduceable means of measuring erodibility are
ghown. Two applications of the test are given as examples,

1 INTRODUCTION tFat%on is measured using a wire depth gauge and a
millimetre rule (see Figure 1 inset}.

A number of tests exist to estimate the erodibil-
ity of loess. These tests include the qualitative
or semi-gquantitative examination of leess samples
in the pinhole, drop, crumb, and field dispersion
tests; and guantitative examination in chemical
tests and surface flume tests. BAll of these tests
require considerable laboratory and field time,
Most of the tests are subjective and evaluate the
occurrence of dispersion or slaking. HNene is
performed in site and they do not always simulate
realistically the field conditions affecting erod-
ibility. ULittle is known in gquantitative terms of
the areal distribution of erodible loess, and with-
cut the investment of excessive time and effort
none of the current laboratory tests can give a
sufficient number of measurements to determine the
distribution, Because of this limitation and var-
ious procedural limitations of available tests,
there is a need for a rapid, reproduceable field
test for erodibility.

2 THE APPARATUS

The water-jet penetraticn apparatus, developed in
1978 at the University of Canterbury, comprises a
high pressure air source driving water from a
pressurised tank through a nozzle designed to give
a fine laminar jet {see Figure 1). &an alloy div-
ing eylinder of 27 cubic metres capacity provides
the air scurce. Air is fed via a pressure regu-
lator to a stainless steel water reserveoir at

689 KiloPascals. The 5 litre capacity water resexr-
voir is designed for fast f£illing and has a pressure
relief valve, A WEBSTER Model "147" air dusting
gun controls the water flow, which is alsc at 689
KiloPascals. A 0.6 millimetre weldinyg nozzle att-
ached to the gun gives a fine liminar jet of water.
The apparatus is mounted on a pack frame with a
flat base enabling it to be placed upright on level
terrain. The apparatus, when full, weighs approx-
imately 23 Kilograms.

A measurement is made by aiming the water-jet

normal to an in situ loess surface (see Figure 1)

and the penerration is measured under standazd
conditions, including time of application, air
pressure, and distance from the surface. & provis-
ional set of standard conditions was established
during a series of trials in 1978. The conditions
optimise the exosive force of the jet and make
efficient use of the capacity of the water reservoir.
They are: duration of jet - 10 seconds; distance
from nozzle tip to the loess surface =~ 100 milli- Figure 1 Apparatus in use, inset
metres; water pressure - 689 KiloPascals. Fene- shows sample measurement
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3 TWO APPLICATIONS

The water-jet penetration test was applied to a
fresh-cut loess bank to see if layers of different
erodibility in the loess profile could be disting-
uished. Eight groups of 15 measurements were made
at 300 millimetre intervals down the bank. Five
different penetraticn responses were distinguished
at the 90 percent confidence level using the Mann-
Whitney U-Test for non-parametric data. These
different responges corresponded visualiy to ident-
ifiable layers in the loess profile. 7he water-jet
penetration test thus showed there are layers in a
loess profile with significantly different penetra-
tion values, which correspond to visual changes in
loess character.

Ancther application tested the ability of the water-
jet penetration apparatus to distinguish zones of
different penetration resistance surrounding a sub-
surface tunnel., Ninety-two measurements were made
en a grid pattern normal to the tunnel axis at its
point of efflux., A contour diagram of the penetra-
tion data revealed zonas of increased penetration,
possibly associated with the tunnel opening. Fux-
ther work is necessary to determipe which loess
propexties are controlling water-jet penetration.
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4 CONCLUSIONS AND FUTURE WORK

Preliminary investigations show that the water-jet
penetration test could prove a satisfactory field
test of loess erodibility. The test has the follow-
ing characteristics:

a. It is a rapid test in which a sample
measurement takes only seconds to cbtain.

b. Very little, if any, laboratory work is
required.

¢. An in situ measure of loess characteris-
tics is provided, and drill cores could be quickly
tested if necessary.

d. The method has proved statistically wvalid
and does not suffer from the limitations of low
sample numbers as do many laboratory tests.

e, The test is a more cbjective approach to
measuring loess erodibility than some other tests.

tuture work will include an impirical examination of
some of the geotechnical parameters which may cont-
rel water-jet penetration . in,loeas...Thase paramat—
ers include yrainsize! distribution and packing,
watexr content, Atterberg Limits, clay mineralogy and
exchangeable cations, and local factors such as lo
loesa type, slope angle, and aspect. A comparison
will be made with existing erodibility tests. !
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1 THTRODUCTION

The extraordinary physilcal properlties of =zoils of
voleanic origin were significant in the construc-~
tion of a 3.3 km earthlined headworks canal for the
20 MW Ruahihi hydro-electric power project. The
scheme is the final stage of hydro-electric develop-
ment on the Wairoa River for the Tauranga Joint Gen-
eration Committee.

Soils at the site were found to have high natural
watey content, high plasticity, high sensitvivity
and low bulk density. These physical properties
gave rise to problems during earthworks construc~
tioni namely, difficulties in excavation and com-
paction. These problems have sinece been attributed
to the presence of the clay mineral allophane; simi-
lay difficulties have been reported by Northey and
Schafer (1974). Perhaps the most perplexing proper—
ty is that the solls undergo irreversible changes on
drying. Hence compaction control values were found

to be dependent on the treatment of the soils before
testing.

~This paper describes the engineering characteristics
of the soils encountered at the site and the work
carried out to establish parameters for cempactiocn
control. A range of laboratory tests were carried
out to investigate the effects of pre-treatmont of
the soils encountered,

2 THE CANAL

The canal passes through rugged topography, travers-
ing ridges and deeply incised river gorges necessi-
tating cuts of 40 m depth and embankments of up to
15 m in height. At the downstream end, the canal

is constructed on the top of a narrow ridge and
styuctural f£ills are required on either side for
stability. The canal is 8 m deep with 1 on 2 side
slopes {(in both cut and £ills) and has a 4.5 m wide
invert. The flow under maximum operating conditions
Is 28 cumecs. EFarthwerks design required the utlili-
sation of all 2 million eubic melres of cut materi-
al,

3 GEOLOGICAL SETTING

The dominant feature of the project area is =z

broad plateau (the north-western margin of the
Mamaku Plateau) that has been deeply incised by the
Wairoa River and its tributaries. The ignimbrite
forming the basement in Lhe vegion is the middle
Pleistocene Waiteariki Ignimbrite. Overlying the
ignimbrite is a massive grey pumice breccla. This
pyroclastic flow material was extensively eroded
and redeposited within small lakes and vrivers giv—
ing rvisc to highly varfable and discontinuous lacu-
strine/alluvial sedimentary units. A further fguim-
brite flow overlying the pumice breccia has been
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deeply weathered into a crear to reddish-browm
silty elay. The present topography manties the
upper surface of these deposits.

Two sequences of volcanic tephras form a covering
deposit 2 - 4 m thick, cver the whole region. The
older tephras are the higily-weathered andesite
Hamilton ash beds (approx. 0.3 my) while the young-
er tephras range in age fro. 41,000 years (Rotoehu
Ash) teo the present.

4 WEATHERING OF ALLOPHANE 5ulL3

Allophane soils are products of weathering of par-—
ent volcanie material. Fieldes 71966) has shown
that the gceurrence of allephane in soils is fav-
oured by conditions that lead to the formation and
persistence of random struetural hydrous alumno-
silirates such as:

i) Weathering of besic sillcate materilal.

il) Weathering of glaszes in rhyolltic and
andesitic voleanic ashes.

11i) Weathering of feldspars.

This weathering produces disordered structures with
no discernible regular arrangement. The materials
known collectively as allophanes appear under X-Ray
diffraction as disordered fluffy formless substances
termed geis.

Fieldes (1966) and Fieldes and Furkert (1966) state
that the properties of these gels depend upon the
sxtent to which dehydration has progressed. In
their hydrous condition the a2llophane consists of
gel-like fragments of ajumnosilicates held together
by random eross-linking at a small number of peoints.
Large amounts of water are often enclosed in the
open structure and these allophanic substances are
termined hydrogels. Upon dehydration progressive
isometric shrinkage occurs as ilncreasing condensa-
tion and eross—linking Teads to more compuct sbruc-—
Lures termed xerogeis.  This process s larpely
Lrreversible and alr drying of these [ine gratned
cohesive soils tends to produce non-plastic sllty
sonds. The effect of this irreversible drying is
discussed further in Sectioms 5 and 6. K

Fieldes and Furkert (1966) veport great differences
in the physical properties of allophane solls that
are permanently wet and theose which have been dried.
This is very marked at the Ruahihi site where the
surface ash iz more friable due to periodic wetting
and drying while the lower ignimbrites, which are
permanently beneath the ground water level, exhibit
a characteristiec greasy consistency due to the
presence of hydrogels.

Mineralogical analyses have been undertaken by the
Geological Survey of the DSIR on typical samples of



both soils (see Table 1). The absence of recognisa-—
ble volcanic glass in samples P26 and P27 is probab-
ly the result of more intense weathering of these
soils and 1s consistent with the relative gquantities
of allophane and halloysite present. Fieldes {1935)
distinguishes between the wvarious forms of allophane
and indicates that with increasing age clays derdiv~
ed from the weathering of parent volcanic material
pass through a typical sequence allophane B -
allophane AB ~+ allophane A + meta-halloysite -
kaolinite. This mechanism is consistent with the
data contained in Table 1. Other minerals recorded
in small amounts were quartz, plagloclase feldspar,
cristobalite, illite and gibbsite.

TABLE 1

MINERALOGICAL ANALYSILS

Sample Glass Allophane| Halloysite
P17 Ash Present Abundant Minor
P18 Ash Present Abundant Minoyr
P20 WI Present Abundant Hinor
P26 WI* - Abundant Common
P27 WI - Common Abundant
*Weathered Ignimbrite
5 CLASSIFICATION TESTS

5.1 Atterberg Limits

A number of Atterberg Limlt tests have been perform-
ed on soils recovered during the preliminary inves-
tigaticns and subsequently during construction

(see Table 2). These tests were performed on mater—
ials which had not been subjected to drying before
testing and the data relate only to samples on
which Liquld and plastiec limit tests were performed.
Many other water content tests have been performed
and values in the ash as high as 221% have been
measured.

TABLE 2

ATTERBERG LIMIT VALUES

Material Index Average Range
w (%} 63 45-~85
LL (%) 85 64-115

Brown Ash PL (%) 67 42-97
PI 18 7=-37

< 75 ym (%) 56 32-84
w é%g 86 36-240
LL{% 83 54-170
Heathered PL(%) 68 31-130
& PI 15 2-57
<75 mm (%) 58 45~72

Note: w = natural water content
5.2 ~ Presence of Allophane

The test for presence of allophane as described in
Test 13 NZS 4402P Pt 1: 1976 has been carried out
on a number of samples. In general the test re~
sults Indicate that few samples contain less than
5% allophane, while approximately equal numbers of
tests show allophane contents in the range 5% - 7%
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or exceeding 7%.
5.3 Particle Size Distribution

A nunmbeyr of wet sieve tests were carried out accord
ing to Test 9A of NZS 44027 Pt 1: 1976 vo investi~
gate the effect of pre-treatment by drying back
from the natural water content. Samples were wash-
ed through a nest of sieves down to the 63 um sileve.
For this comparative work the hydrometer test was
not carried out.

Test results presented in Figure 1 show a marked
change in particle size distribution depending upen
whether the soils have been maintained at their
natural water content before testing or pre-treated
by drying.

N= Nat we
Dz Air Dried

Figures Denote Sample Number
100~ AN —

90

A S

PERCENTAGE SHMALLER BY MASS

o T T T T ]
02 03 1@ 2
H

PARTICLE  SIZE [ mm

FiG. 1 PARTICLE SIZE DISTRIBUTION

6 COMPACTION CHARACTERISTICS

The physical propertiles of the in-gitu soils have
been described briefly in the preceding sections.
in essence, the solls exist at relatively high
water contents with high void ratios and low bulk
densities.

Substantial drying of the soils is necessary to
produce satisfactory earthfill materials. Table 3
presents average data compilled from laboratory
compaction testing during construction. The ash
had to be dried fyrom an average water content of
63% to an optimum value of 46% while the weathered
ignimbrite from 96X to 52% to achieve maximum dxy
densities of 1.0% and 1.06 tonnes/m> respectively.

The characteristic irreversible changes brought
about by drying the allophane soils were signifi-
cant in establishing the compaction properties of
the solls at Ruahihi. Test results were found to
be very dependent on the pre-trveatment of the soils.
In many cases, if specimens for compaction testing
were prepared by drying back from thelr natural
water contents, an ill-defined relationship be~
tween water content and maximum dry density was
found with no clearly defined optimum water content



TABLE 3

S0il Type Property Average Range
. w (%) 63 36-123
Joleante pq (t/m%) 1.09 | 0.83-1.55
oWC (%) 46 23-66
w (2 96 33-178
?Zizgﬁiife pd (£/m) 1.06 | 0.72-1.42
. OWC (%) 52 32-88
W = Natural water content
Pd = Maximum dry density
OWC = Optimum water content
%
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FIG. 2. SAMPLE P18: COMPACTION

Froat (1967) has reviewed the behaviour of a waber
of tropical solls and examined the behaviour of
some soils found in Papua New Guinea. His work
showed that soils containing allophane, halloysite
and gibbsite, exhibit irreversible changes in nor-
mal air drying which can significantly affect the
engineering properties of the soils.

The same trends have been observed in the ash and
igninbrite soils found at Ruahihi. In one particu-
lar case (shown graphically in Figure 4), thres
samples were allowed to partially dry in the field
during earthworks operations. Sampie E was then
subjected to complete air drying in the laboratory
before preparation of specimens by wertiag up and
curing. Samples F and G were prepared by uwetting
up from the partially dry state. Sample E,which
has been air dried, shows a significantly higher
meximum dry density and lower cptimum water content
than samples F or G.

as shown in Figure 2.

Wesley (1973) reported ithat optimum water contents
of two allophane soils found in Indonesia were not
well defined if the seils were prepared in this
marmer. He also showed that if the soils were air
dried to various water contents and then prepared
for compaction by wetting up from those intermedi-
ate values, any value of optimum water content and
maxlnum dry denslty could be obtalned. An [1lus-
tration of Wesley's data is glven (n Figure 3 where
decreasing initial water contents result in decrea-
sing eptimum water contents and increasing maximum
Zryv densities. : :

Curve Pretreatment
A Natural Water Content
B Air-dried to 65%
C Air-dried
D Qven~dried
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FIG. 3: COMPACTION CURVES FOR
ALLOPHANE SOILS (from WESLEY 1979}
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FIG, & COMPACTION CURVES AT DIFFERENT

INITIAL WATER CONTENTS

Further studies were undertaken to investigatz tha
cffects of dryling and curing In the pro-iprestment
of soll for compactlen testlng. The deylag edreer |
described above was investigated by romparing pre-
treatments according to two standard rest nethods,
The draft New Zealand Standard {DZ &4&GIP Fr. 2:1978,
Tests 14 and 15) precludes a drving and wettiung
cycle prior to compaction. This Ig in recogrition
of the changes allophane soils can undsigo when
subjected to cyclic drying and wetuing. In this
standard test method specimens ate prepsred by dry-
ing back or wetting up from the "zt raceived" water
content with ne other ryclic chaiages in water con-
tent. ‘Ihis method is referred to hereafter as the
drying back method.
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On the other hand Test 12 of BS 1377: 1975 allows
complete air drying of the soil in certain circum-
stances and the specimens are further prepared by
wetting up to the required water contents. This
method 1s referred to hereafter as the air drying
method.

Figure 5 presents data from compaction tests on
sample P29, a weathered ignimbrite. Compaction
tests using the 2.5 kg vammer have been carried

out using both the drying back and alr drying meth-
ods. The effects of curing have also heen investi-
gated. Samples H and I were prepared by drying
back. Sample B was compacted immedlately after
drying, whilst sample I was c¢ured for 24 hours
after drying before compaction. The difference
between the two curves is negligible and s to be
expected as the drying process in this case was
slow and curing took place essentially as the sam-
ple was drying.

1204 Vst

N
/
“®

gry density

40 50 60
Water Content (%)

w

FIG 5: SAMPLE P 2%: COMPACTION

Further tests were carried out by complete air dry-
ing, wetting up and then compacting immediately or
curing prior to compaction. The resulting curves
labelled J and K in Figure 5 show the non-cured
specimens, J,gave a substantially higher dry den-
sity and lower optimum water centent than the

cured specimens, K,

Figure 5 also shows the curve L, for specimens pre-
pared by drying back from the natural water content
and compacting with the 4.5 kg rammer without cur-
ing. The increased energy of compaction is reflec-
ted in & higher maximum dry density and lower opti-
mum water content than specimens prepared in the
same manner but compacted according to the 2.5 kg
ryammey method.

Similar series of tests carried out on sample P38
are shown in Figure 6 and the trends above are
again evident.
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Rammer
Curve Mgss Pretreatment
g
M 245 Orylng back, nof cured
N 2.5 Air drying, cured
G 25 Alr drying, not cured
P 4.5 Drying back, not cured
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FIG. 6: SAMPLE P 38 COMPACTION
7 COMPACTION CONTROL

The most widely used and accepted method of earth-
£111 compacticn centrol is based on the comparison
of the dry density and water content of the field
compacted soil with the laboratory determined valuea
of maximum dry density and optimum water content.

A certain proportion of the maximum dry density

must be achieved in the f£ill and the water content
of the soil must lie within a specifled range,

which usually encompasses the optimum water content.

The main shortcomings cof such a method for use in
highly variable solls is that each time a new soil
type is exposed in the cut or borrow area, a new
laboratory compaction curve must be obtained, which
could result in unacceptable time delays in the
earth works.

Other methods of compaction control were considered
at the time the earthworks specification was pre=
pared. Control based on minimum shear strength and
maximum alr voids criteria such as reported by
Pickens (1978) has certain advantages. Perhaps the
maln advantage of the method is that even in soils
of variable compaction characteristics the need to
establish compaction curves for each material type
is eliminated. The air velds determination depends
mainly on the field dry density and is Insensitive
to small variations in the solid density of soil
particles.

This latter parameter was assessed during investi-
gations and is checked from time to time during
censtruction. At Ruahihi however, even values of
solid density of soil particles were found to vary
widely. This would have necessitated providing new
values of solid density of soll particles for each
scll type and hence the advantage of the method
over the conventilonal dry density/water content
method of coatrol would have been largely negated.




A contrel methed based on the 'compastion ratio',
vhere field densities are compared with the labora-
tory density of the soil compacted at the £ield
water content (an attempt to negate the irrevers-—
ible changes on drying) was rejected because of 1ts
lack of general acceptance.

The specification for compacticn control of the
earthworks contracts at Ruahlhi was written to BS
1377: 1967, as the draft New Zealand Standard (DZ
4602: Part II: 1978) was not published at that
stage. Preliminary compaction testing of the soils
adhered strictly to Test 11 BS 1377: 1967. To ob-
tain consistent results the following procedures
were adhered to as allowed with the BS test method:

a) the soil was air-dried to zero water content;

b) sub-samples for compaction testing were wet
up to the required water contents;

c) sub-samples were cured for a minimum of 16
hours prior to testing;

4) the soil was not re-uscd;

e) . at least 300 g wmass of each compacted speci-
men was taken for water content determina-~
ticn.

This practice has been adhered to for all construc—
tion phase testing. It is recognised that the air
drying method (not allowed by Test 14, DZ 4402,

Pt. 2: 1978) changes many of the physical proper-
ties of the soil, but it is considered that this
change is somewhat irrvelevant to the question of
compaction control as the laboratory testing merely
sets the standard against which values achieved in
the earthfill are compared. In addition, the val-
ues of maximum dry density and optimum water con~
tent achieved by the air drying wmethod are conser—
vative when compared with values obtained by drying
back.

8 CONCLUSTONS

The treeversible changes allophane sells undergo on
drving frem their natural water contents were sig-
nificant in establishing the compaction properties
of volcaniec soils encountered at a site in the Bay
of Plenty. In many cases if specimens for compac-
tion resting were prepared by drying back or wet-
ting up from the natural water content, an ill-
defined relationship between water content and max-
imum dry density was found with no clearly defined
optimum water content.

To overcome this problem, and to establish unigue
values for compaction control, specimens were pre—
pared for compaction testing by complete air drying
prior to wetting up and curing.before compaction.
1t has been shown that air drying to intermediate
water contents, between the natural and air dried
states, results in a range of compaction curves
lying under the zero air voids line with no clearly
defined maximum dry density or optimum water con-—
tent.

The rethaed evolved for determination of the .y
densitv/water content relationship at the Ruahihi
site is as follows:

- air dry soil completely and pass threugh
19 mm sieve;

- wet up to range of desired water contents
and cure for 16 hours minimum in sealéd con-
cainers;

- compact without re-using the soil.

It was found that the most practical method of com-
paction control was the comparison of water contents
and dry densities of the field compacted soil {using
the core cutter method)with laboratory determined
values of maximum dry density and optimum water con-
tent. The main shortcoming of this method is the
time delay in proparing n compactlon curve when uew
soils are cxposcd (o borrow nreas.  llowever, by
maintaining closc control on carthworks eperations
it has been possible to foresee changes In materfal
types in sufficient time to avoid delays in obtain-
ing control values from the laboratory.
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frictlon and Gohesion Parameters for Highly and Completely
Woathered Wellington Greywacke

M. J. PENDER
Senlor Lecturer in Clvil Englneering, Unlvarsity of Auckland

SUMMARY Data from five site investigations in central Wellington are pooled.

Results of more than 190

consolidated undrained triaxial tests on highly and completely weathered greywacke are analysed statistically.
The analysis shows the effective stress cohesion parameter is highly uncertain.

1 INTRODUCTION

Between 1969 and 1973 the Central Laboratories of
the New Zealand Ministry of Works and Development
were involved in five site investigations in the
central Wellington area. At all the sites profiles
of greywacke, weathered in situ, were encountered,
The strength parameters for the completely and
highly weathered material were of importance for
the structures under design, which included multi-
storey buildings, bridge foundations and cut slopes.
Specific investigation work was done at each site,
Subsequently the opportunity was taken to examine
the results of all the laboratory tests on the
material.

The properties of the weathered greywacke encount-
ered at one site and the method of classification
are described by Pender (1971), Both completaly
weathered and highly weathered greywacke have a
buff brown colour, the relict joint surfaces arve
evident by the presence of a deposit of black
manganese dioxide. The completely weathered mat-
erial is easily crumbled to sand and silt sizes
under tinger pressurc. The highly weathered mater-
ial is more difficult to crush under finger pressure
and at least some of it cannot be crushed to sand
and silt sizes.

The various sites are fairly close, as shown in
Figure 1. From the point of view of visual class-
ification the material at all the sites was similar.
Thus all the data were pooled and analysed as a
group. No detailed statistical analysis was done
comparing the strength parameters from one site with
another, there was not enough data for this. No
site appears to have test results greatly different
from others, Figures 2 to 7.

Continuous cores, 100 mm in diameter, were recovered
with a triple tube rotary coring barrel. This gives
good quality undisturbed core. A total of 193
triaxial tests were done on 100 mm dizmeter speci-
mens from the five sites. The tests were all con-
solidated undrained with pore water pressure
measurement .

The earlier paper (Pender, 1971) provided a detail-
ed examination of the results from the Public Trust
Office Site in Lambton Quay. This suggested that
the void ratio of the weathered material was a use-
ful independent variable for correlating the values
of various physical properties.

The results of the statistical analysis show that
the effective stress friction angle is a most re-
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liable parameter, the 95% confidence limits on ¢°
are close to the best estimate of ¢', On the other
hand the cohesion intercept is a much more variable
parameter. The 95% confidence limits are very wide
and in all cases the lower confidence limit on c!
is zero.

2 REGRESSION ANALYSIS

A complete tabulation of the individual triaxial

test results is given by Pender (1977) as well as

the output from the statistical analysis. The data
were pooled and sorted into common void ratic ranges.
The test results subjected to a linear regressiom
analysis to give best fit values of c' and ¢'. The
95% confidence limits for the predicted shear stress
at each normal effective stress were also calculated,
The correlation coefficient for the best fit line is
very closc to unity. This has the consequence that
the 95% confidence limit values also suggest a
straight line. Thus further linear regression ana-
lyses were done on the 95% confidence values to

Belton Street Qverbridye

Aurora Terrace Qverbridge
Public Trust Office

Herbert Gardens

Southern Portal, Terrace Tunnel

[T

Lambton
Harbour

¢
L q.S L H.O kmt

Figure 1 Locality of the five sites in Central
Wellington from which the weathered grey-
wacke samples were taken




give 95% confidence limits for ¢' and ¢'. The res-
ults of this analysis are given in Table I.
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Figure 2 Triaxial results for the void ratic range
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Figure 3 Triaxial results for the void ratic range
0.40-0.50

The lower 95% confidence limit value calculated for
c' by this process was always negative. An addit-
ional option available in the statistical package
used was the ability to perform a linear regression
analysis in which the best fit straight line was
forced through the origin. This option was tried
with the intention that a more realistic lower limit
for ¢' might be given. The result is shown in
Figure 8. The lower 95% friction angle then diver-
gos from the data. Thus the unconstrained option was
adopted for the calculation of the lower 95% limits.
The resulting ¢' values appear in Table I, the c!
values are assumed to be zero.

Careful examination of the data in Figures 2 to 7

shows, that at the Jow normal stress end of the data,

a1l the data points lie on or hencath the best fit
line, 7This suggests that the linear approximation
for the failure envelope may no longer be valid at
low normal stresses. In this region the failure
envelope may curve down towards the origin. As
insufficient data are available in this range the
possibility cannot be investigated further.

In Figures 9 and 10 the results given in Table I
are plotted. It is clear from Figure 10 that there
r
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Figure 3 Triaxial results for the void ratio range
0.60-0.70

is a good correlation (although nonlinear) between
void ratio and the effective friction angle. On
the other hand the effective cohesion, Figure|9, °
is much less reliable.

3 DISCUSSION

In Figure 7, for the void ratio range 0.80-0.90,
therc are only seven data points. As a consequence
the confidence limits are wide. Figure 5, for the
void ratio range 0.60-0.70, has sixty data points.
In this case the 95% confidence limits are much
narrower, but even so the limits on the cohesion
are still rather wide. Figure 7 then raises u
query about the conventional testing procodures
thut are used to determine ¢ and §'. A typical
number of test results on which ¢' and ¢' would be
determined is 4, 5 or 6. A worthwhile procedure
would be to evaluate the 95% confidence limits on
c' and ¢' as a routine matter in soil testing.
This would lead to a rather more caution in choos-
ing cohesion values for analyses.

The fact that no data points are found in the very
low normal stress range in Figures 2 to 7 is a
consequence of performing consolidated undrained



TABLE I

SUMMARY OF REGRESSION ANALYSIS

95% Confidence Limits
Best Fit Straight Line
Void Ratiao Number of Upper Lower
Range Specimens
G c! Regression ¢ o '
(Deprees) (kPa) Coefficient
0.250-0.400 24 35.7 58 0.97% 35.8 201 34.5
.400-0.500 32 34.8 46 0.984 35.0 162 34.6
0.500.0.600 39 33.4 50 0.968 33.5 39 33.2
0.600-0.700 60 30.8 54 0.986 30.9 128 30.7
0.700-0.800 31 28.6 48 0.969 28.7 132 28.5
0.800-6.900 7 27.1 36 0.907 27.3 209 26.8
triaxial tests on material that would be classed as
dense or heavily overconsolidated. Because of the _ 1500

negative pore water pressure response of such
material the effective stress path approaches the
failure envelope by moving up to the right. Thus
even with a very iow initial effective consolidation
pressure there is a large increase in normal stress
before failure is reached., For a cut slope problem
the long term stress path approaches the failure
envelope by moving to the left. Thus a drained
constant axial stress triaxial test might be more
appropriate for the determination of strength para-
mcters for the long term stability of cut slopes.

The degree of saturation of the specimens before
testing was generally high (greater than 90%). For
some of the specimens saturation was ensured by the
application of back pressure but generally no
special measures were taken to ensure saturation.
Saturated behaviour represents the worst possible
condition in situ. Using the values for ¢' and ¢
quoted in this paper it would be possible to show
that many apparently stable cuttings around
Wellingten should have failed. This is probably
because the material is not saturated, the suction
in the pore water gives a larger effective stress
and hence strength. During wet conditions this
suction is relieved leading to greatly increased
numbers of failures.

As the highly and completely weathered greywacke can
be crumbled under finger pressure, stability analysis
based on soil behaviour is appropriate, despite the
presence of the relict joints in the material. It

is difficult to decide how te handle the uncertainty
in the cohesion parameter, particularly as the
conventional limiting equilibrium stability analyses
show that cohesion has a great cffect on the maximum
stable slope height. TFor un important structure one
could arguc that cohesion should be neglected and

the slope designed on the basis of frictional be-
haviour only.
then require a support system such as ground anchors.
Alternatively the large variations in c' can be

Slopes steeper than the friction angle
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Figure 6 Triaxlal results for the void ratio range
0.70-0.80

considered by coaducting a probabilistic analysis to
find the probability of failure rather than the
factor of safety. To simplify the calculations
several assumptions are required about the variation
of soil properties through the soil mass. Nevertheless
the insight gained is sufficiently different from
that given by the factor of safety appreoach to make
the analysis of considerable interest. Such a
series of calceuiations was done for the Southern
Portal of the Terrace Tunnel (Pender 1976) which was
constructed in a soil profile consisting mainly of
greywacke weathered in situ.

Each test result plotted in Figures 2 to 7 represents
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the behaviour of a volume of material that is small
in relation to the volume of soil mobiliscd in civil
engineering projects. Is the soil mass in situ to
be modelled as a large number of small units about
the size of a triaxial specimen all having different
properties? Or is it to be regarded as a large mass
of homogeneous material with an uncertain cohesion?
The first of these possibilities would seem to be
more likely, the second provides a simpler model for
the purposes of the probabilistic analysis mentioned
above. If the first of these ideas is correct it
suggests that the appropriate cohesion for the
completely and highly weathered greywacke is the best
fit value obtained from a large number of tests. The
cohesion for some elements of the soil mass will be
greater than this and the cohesion for others less.
However with such a distribution of cohesion values
it is not necessary that the best fit or average
value would control the strength of the scoil mass.
Perhaps a 'weakest link' mechanism operates leading
to a type of progressive failure. The apparent co-
hesion would then be less than the best fit value.

4 CONCLUSIONS

The results plotted in Figures 2 to 7 suggest that the
properties of the completely and highly weathered
greywacke from the five central Wellington sites are

a function more of veid ratio than locality in the
city. Figure 10 then provides a ready means of pre-
dicting the likely friction angle for the material

if the void ratic is known. However, Figure 9 does
not provide a similar means of estimating the cffect-
ive cohesion of the material.

The statistical analysis of the test results empha-
sizes very clearly the uncertain nature of the effect-
ive cohesion parameter. The test results show that
the cohesion can be expected to vary between wide
limits from point to point in the soil mass. The
choice of the appropriate cohesion value, even with
the benefit of a large number of test results, is

not a simple matter.
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SUMMARY :

A comprehensive laboratory testing programme including both monotonic loading triaxial tests

and stress controlled dynamic triaxial tests has been carried out to assess the suitability of fine sandy
siltstone as £ill material in the construction of a 72m high earth dam.
compacted siltstone can provide high frictional resistance as well as low permeability.

The grading suggests that the
The monotonic

triaxial tests indicated that the material tends to compact under load and this may lcad to build up in
However, the dynamic triaxial tests subsegquently showod

pore pressure under cyclic earthguake lcading.

that the compacted siltstone will provide a high resistance to liguefaction.

It was concluded that the

compacted siltstone will provide a satisfactory fill material for the proposed dam.

1 INTRODUCTIOK

This paper summarises the work carried out
during the feasibility study for the Patea
Hydro Electric Scheme for the Egmant Electric
Power Board. 'The construction of a large (1
million cubic metre volume) earthfiil dam was
proposed on the Patea River (and is now in the
detailed design stage). The selected dam site
is situated in a deep sided walley. The
meanders are deeply incised in near horizontal
layers of sedimentary Tertiary Sandstone, The
materials considered for use in the dam were
the Tertiary Sandstone (which underlies the
whole area) or silts and gravels deposited by
various means on the river terraces.

The silts (volcanic ash) deposited on the old
elevated river terraces were considered not
suitable due to the high in-situ moisture con-
tent. The old terrace gravels found beneath
the volcanic ash were variable in degree of
weathering and were a long distance from the
dam  site. The fiver gravel would require
costly dredging and hauling due to the
difficult terrain. Comparative studies
indicated that the most economical source of
fill material would be the Tertiary Sandstone
obtained from the high ground adjacent to the
dam site.

Preliminary work indicated that the Tertiary
Sdndstone deposit  consists of thick layers

of mudstone, siltstone and sandstone inter-
bedded with thinner layers of limestone. The
mudstone laver was found to be suitable as
core material but could not be readily quarried
due to excessive depth of overlying material.
Grading tests showed the sandstone layer to be
ar almost uniform fine sand which is not suit-
able due to its likely high permeability,
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The siltstone layer is evenly graded and was
observed to be readily available in large
quantities adjacent to the dam site.

The Pateaz dam site is situated in a seismic
zone. Doubt has been previcusly expressed
regarding the competence of the sands and

silts derived from these Tertiary Geposits

as an earth dam material. The near uniform
particle size suggested that saturated
compacted silitstone in the dam shoulders may
liguefy or become mobile if subjected to severe
earthquake shaking.

A laboratory testing programme consisting of
both monotonic loading triaxial testing and
dynamic triaxial testing was carried out to
assess the behaviour of the saturated com-
pacted siltstone under earthquake shaking.

2 LABORATORY STUDY

2.1 Volumetric Strain Behaviour

A simple approach to the study of lique-
faction potential of a granular material
is to postulate that for a certain effec-
tive confining pressure there exists a
critical density above which the material
will tend to dilate under loading and
below this critical density the material
will tend to compact. A saturated sand
compacted to a density below its critical
density will develop positive pore
pressures under undrained conditions



when loaded to faillure, while above this eritical
density the pore pressure developed will be
negative. The devalopment of positive pore
pressures may lead to liquefaction if the pore
pressure accumulates as a result of repeated load-
ing and approaches the level of the confining
pressure.

In order to study the varlation of volumetric
strain behaviour of the Tertiary siltstone proposed
to be used in the dam with different degrees of
compactive effort the siltstone was compacted as
follows:-

(i) standard effort : 2,5 kg hammer falling 300mm
25 blows/50mm layer

(ii) heavy effort : 4.5 kg hammer falling
458zm, 25 blows/530mm layer

(iii) extra heavy effort : 3 times the heavy
effort.

The maximum dry densities achieved are shown in
Table 1.

TABLE 1

move horizontally towards the steady state line
as load is applied. This denser material would
tend to dilate at failure under drained test
conditions and develop negative pore pressure
under undrained conditions.

However, even for a dense material {as defined by
Lee and Seed, 1967), the material tested as
described above will tend to contract under a
confining pressure higher than the critical
confining pressure (point E, figure 4).

The volume change records shown in Fig 1

indicate the critical effective confining pressure
to be about 150 kPa. According to the critical
void ratio theory, the siltstone compacted

using the "standard" compaction effort may

liquefy when sheared under an effective confining
pressure in excess of 150 kPa.

Figs 2 and 3 indicate that for the siltstone
compacted using the "heavy" compactive effort,
the critical confining pressure would be about
250 kPa and for the "extra heavy" compactive
effort in excess of 500 kPa.

RESULTS OF MONOTONIC TRIAXIAL {(CD) TESTS

Compaction Optimum Maximum Effective Effective
Effort Molsture Content Dry Density Cohesion Friction Angle
% t/m3 ¢' = kPa @' = degrees
"Standard" 16 1.76 55 29
"Heavy" 13 1.91 186 32
"Extra Heavy" 11 2.01 210 38

100mm diameter samples compacted at optimum
moisture content were loaded monotonically in a
conventional triaxial cell. Consclidated drained
triaxial tests were carried out with continuous
voelume monitoring., These were carried out as
staged triaxial tests in order to study the
volumetric behaviour of the materiazl over a wide
range of effective confining pressures.

Results of the stress and strain and volume change
curves as shown in Flg. I, 2 and 3 indicate that
the siltstone tends to contract initially under
the range of confining pressures used for all
three levels of compacted densities. The level

of volume reduction is greatest in the “"standard"
sample and decreases for the samples compacted
with greater effort. WNo dilation was noted at
failure in the “standard" sample, however some
dilation occurs at failure in the "heavy" and
"extra heavy" samples (following initial contract-
ion}.

It was noted that for small levels of strain, the
siltstone will tend to contract, even if it was
compacted to 114% of standard compaction {(“extra
heavy"}, Castlo and Poulos {1977) state that
liquefaction only occurs in materials that are
highly contractive, i.e. their effective confining
stresses and density must lie above the steady
state line (point A in figure 4}. The material
would then reduce in volume under drained test
conditions or develop positive pore pressure under
undrained conditions.

A material whose density and stress state ile below
the critical line, (point C in figure 4) may tend
te contract slightly at first but then it will
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The practical level of compaction achievable

in dam construction using sandy material is in

the order of 95% to 100% of the “standard"
compactive effort and hence the "heavy" and "extra
heavy" compactive efforts would not be economically
achievable in the field.

The effective confining pressure under a 72m high
dam would be in excess of 700 kPa. Therefore it
is concluded from the test results obtained that
the compacted siltstone will develeop positive
pore pressures under earthquake loading. However,
this may not necessarily mean that liquefaction
will occur under earthquake as liquefaction will
depend on the magnitude of the pore pressure

rige during an earthquake load cycle, its rate of
dissipatien and the eventual bulld up due to

the accumuiation of the residual pore pressure at
the end of each load cycle.

The next step was to study the pre pressure
behaviour under cyclic loading which simulates
earthquake loading.

2.2 Pore Pressure Build up Under Cyclic Loading

Stress controlled dynamic triaxial tests were
carried out in the Civil Engineering Department

of the University of Auckland. The samples were
100me: diameter and compacted to a range of
densities, similar to those used for the menotonic
load tests described above. The cell pressure was
kept constant, the pore pressure was contlinuously
monitored and the cyclic loading was applied
axially. Full details of the dynamic triaxial
apparatus have been published (Taylor, 1967).
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Fach of the samples was subjected to varying

levels of cyclic shear stress ratio for up to

500 cycles or 5% strain. Once 5% strain is
reached, the sample was then failed under momotonic
loading and the final pore pressure recorded.

Table 2 summarises the data obtained from the
series of dynamic triaxial tests and Table 3

shows some typical relationships between

earthquake magnitude and expected cyclic stress
ratios.

Cyclic stress ratio is defined as the ratio
between the cyclic deviator stress and two times
the initial effective confining stress

{0a./29 450,

Fig. 5 shows the grading of the siltstone materilal
compared to the grading envelope of material
which are generally regarded as being susceptible
to liquefaction. Also shown on Fig. 5 is the
grading of a fine sandstone {also available

at the dam site but judged to be unsuitable}.

The grading curve for the siltstone shows it has
basically a granular nature so that when compacted
the material has a high frictional shearing
strength. Table 1 indicates an effective angle

of internal friction of 29 s readily achievable.
In addition it has sufficilent clay content to give
it the.desirable low permeability (in the order

of 1077 em/sec) and the effective cohesion of

a clayey soll (about 55 kPa). The clay and

i1 eontent In the compacted siitgtone will also
provide Ligh resistanee Lo Plquefact Ton whon
subjected to carthyuake shaking.

Fig. 6 shows the comparison of results of

dynamic triaxial test on the compacted siltstone
with results of similar tests obtained from
construction materials for dams (Selig et al,
1978) with known performance during strong earth-
gquake shalking and other laboratory compacted
materials {Seed, 1979).
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TABLE II
RESULTS OF DYNAMIC TRIAXIAL TESTS
Compaction Dry Test Shear No. of Cycles Initial 1Increase Monotonic Fallure
Effort Density No. 5tress Cycles to 57 Confining in Pore Effective Effective
3 Ratio Strain Pregsure Pressure Confining Stress Vertical Stress
(t/m™) (kPa) (kPa) (kPa} (kPa)
Heavy 2.02 i 125 500 >500 500 28
2 .206 500 >500 462 35
3 .332 500 >500 423 79 702 3855
Heawvy 2.04 4 .122 500 >500 500 20
5 .215 500 »>500 480 40
6 277 500 =300 440 35 795 2545
Standard 1.82 7 118 500 »>500 500 48
8 . 1B4 500 >500 452 32
9 .258 500 >500 420 165
10 529 100 68 255 200 420 1380
Standard 1.80 Il . 125 500 >500 500 70
12 .176 500 >500 430 27
13 .241 500 »>500 403 50
14 .338 500 385 353 303 360 1220
Standard 1.78 15 L5330 8 7 300 275 265 1067
Standaxd 1.76 16 +300 600 525 300 275 255 1135

The concept of equivalent number of sheasr stress
reversals has been generally used (Seed, 1979) to
represent earthquakes of varying magnitude.

Table 3 shows relationships between earthquake
magnitude, number of equivalent cycles at 63% of
the peak stress and typical range of cyclic stress
ratios. The nombers of equivalent shear stress
cycles shown in Table 3 are the result of statis—
tical study of the representative number of cycles
for a number of different earthquake wotions and
the effects of typical irregular stress history of
earthquake vibrations.

This concept of eguivalent number of uniform stress
cycles allows simple cyclic shear tests to be
performed and the results compared with records

of past performance. Due to the inmherent iInaccura-
cles contained in this simplified approach,
considerable judgement is required in the assess-
ment of the liquefaction potential,

Fig. 6 includes cyclic load test data on relatively
loose sand with a relative density of 54% (Dr = 54%)
and also dense sand with a relative density of 82%
(Seed, 1979}. Sands compacted under different
metheds were studied by Mori, et al (1977).
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achieved rather low degree of compaction.
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The data polnts obtained from the dynamie triaxial
tests carried out on the compacted siltstone

showed (Fig. 6) that this material performs in a
manner represeatative of typleal compaceed solls
used {n dams wilh proven good perlorvmince during
known strong carthquake shaking, For example, the
Chabot Dam survived a magnitude 8% earthguake at

a distance of 20 miles {0.4g max horizontal
acceleration} with no apparent damage and would
probably survive a magritude 7 earthquake - at a
distance of 2 miles (0.6g max. horizental accelera-
tion). The Lower Frankiin and Fatrmont doms survived
a magnitude 6% carlhquake ot o dlstanec of 20

milen (0.2g max. horizontal aceeleration) wilh no
apparent damage.,

Fig, 7 showed the results of monotonic loading
carried out on the dynamlc triaxial sample after
the conclusion of the ¢yclic shear test. Ia the
cases of tests 10, 14, 15 and 16, the monotonic
loading was carried out after 5% strain was
achieved. It was also noted that the compacted
siltstone sample retained its cylindrical shape,
even though the pore pressure had reached up to

92% of the initial confining pressure. The
effective shear strength recorded was still
equivalent to that measured in conventional triaxial
tests. This suggested that the compacted siltstoane
material did not become "lig =2fied" (and hence with
no residual resistance) but e¢. 7" *ions of ecyclic
mobility had ocecurred and that che soil would
stabilise under the applied locads cnce the pore
pressure dropped.

DAM DATA FROM SELIG,1980

LAB COMPACT!ON CATA FROM MORI, 1977
© COMPACTED SILTSTONE DATA BOINTS
RELATIVE DENSITY DATA FROM SEED. 1979

& 510 <
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Fig 6 Comparison of Compacted Siltstone with Existing Ligquefaction Data
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TABLE III

EARTHQUAXE INDUCED LIQUEFACTION DATA

EQ No, of Typical Duration Typical Typical
Magnitude Equivalent Cyclic Stress of Strong Accelerat%on Acceleragion
Cyclics (%) Ratio (+) Shaking (*) at 20 km (%) at 5 km (%)
(secs) (Zg) Zg)
Ski-6 5 0.1 - 0.25 8 0.12 0.35
21 8 06.12- 0.35 14 0.18 0.46
7 12 0.15- .40 20 0.25 0.56
7% 20 G.20- 0.45 40 0.35 0.68
8 30 0.35- 0.50 60 0.45 0.80
Wote: (*) Seed et al, 1976
(+) deduced from Mori et al, 1977
(¥) Donovan et al, 1978
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Fig 7 Compacted Siltstone Strength After Dynamic Triaxial Testing
3 CONCLUSTONS

The laboratory testing programme described in this
paper has established that:-

(i) the tertiarysiltstone material selected for
use in the construction of the earth dam
after quarrying and compaction into place is
& fine sand/silt mixture with high frictional
strength. The siltstone alsc contains silt
and clay content td give the compacted
material effective cohesion and good poten-
tial resistance to liquefaction.

(ii) Drained triaxial tests indicated that the
compacted siltstone tend to contract under
monotonlc loading at low strains even at

very high level of compactive effort which

is not readily achievable in field conditions.
Hence it is expected that pore pressure may
builé up during earthquake loading.

(i1i) Stress controlled dynamic triaxial tests

have shown that the compacted siltstone
performs well under repeated cyclic shear
even at high cyclic atress ratios in a

mannexr representative of typical compacted
s01ls used in dams with proven good
performance. The pore pressure was found to
increase under repeated cyclic shear loadings
but the test sample retained its cylindrical
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shape and still retained unaltered effective
shear strength under monotonic loading
fellowing the dynamic tests.

It was concluded that the compacted siltstome
wlll provide a competent material for the
constructlon of an earth dam despite the

observed fact that this material contracts under
monotonic loading at compactive efforts which are
readily achievable under field conditioms.
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SUMMARY

This paper describes the results of 2 series of triaxial compression tests conducted on

saturated specimens of Melbourne mudstone under drained and consolidated undrained conditions with speclal

reference to volume and porewater pressure response.

The results obtained showed that the mudstons dis—
played characteristics very similar to those of conventional soils.

The relevancy of the strength

parameters 1s discussed with regard to current foundation design practice.

1 INTRODUCTION

Mudstone of the Silurian era forms a major part of
the geology of the entire Melbourne Metropolitan
area. Consequently, it is this formation which
forms the bearing stratum for a considerable pro-
portion of the major structures of Melbourne. Over
recent years there have been some significant deve-
lopments in the design and construction of founda-
tions in mudstone, especially concerning rock
socketed piles

However, despite these practical advances in tech-
nolegy, the designs adopted have generally been
based on mudstone properties derived from somewhat
arbitrary testing techniques, procedures and con=-
ditions., The flrst recognised attempts to deter-
mine the engineering properties of the mudstone
were in connection with the King Street Bridge
Project {(Wilson; 1960; Parry, 1970). These inves-
tigations examined the relationships between shear
strength and moisture content and elastic modulus
and molsture content. The correlations were
obtained from triaxial compression tests carried
out on wunconsolidated specimens at a confining
pressure of 0.69 MPa under undrained conditions.
The confining pressure of 0.69 MPa was adopted fox
this project on the basis of it corresponding
"roughly with the overburden pressure".

Since these initial investipations, the design para-
meters for a number of construction projects have
been determined in a similar manner using unconsoli-
dated undrained tests with a confinlng pressure of
0.69 MPa. In all these investigaticns, it has been
assumed that classical undrained behaviour applies
with ¢u = 0 leading to the adoption of a Ca value

equal to half the applied deviator stress at failure.
However, as pointed out by a number of workers
(Fletcher and Parker, 1973; Parkin and Donald, 1975),
$, for mudstone may be appreciable as a result of
the porewater pressure parameter B being less than
unity, even for a fully-saturated rock. Indeed,
Adachi and Mesri (1973) reported a B value as low

as 0.2 for a sandstone even after applying substan—
tial back pressures before testing. TFurthermore,

as discussed by Parkin and Dorald (1975}, since the
degree of saturatiom of the specimen tested was
largely uncontrolled, it is likely that B values
could vary greatly. This implies that the so-called
"undrained" tests could vary from almost undrained
for highly weatherad saturated (B=1) specimens to
virtually drained for fresh wmsaturated (B=0)
specimens. These factors may account for the wide

gcatter of strength and moduius values reco}ded when
correlated with moisture centent (Donald, 13??).

For the design of foumdations m -~ohesive splls, it
is conventional to adopt an wundrained analysis. This
is based on the premise that the porewater pressures
induced by the dead loading due to foundation and
superstructure are relatively slnw to dissipate with
the result that an undrained analysis represents a
lower bound solution generally safer and possibly
more Tepresentative than a drained analysis. How-
ever, there is strong evidence that the rates of con-
solidation of the Melbourne mudstone are rapid with
the result that drained analyses may be more appro-
priate although considerably more difficult to apply.

Therefore as part of a comprehensive programme in-
vestigating the overall engineering properties of
the Melbourne mudstone, the auvthors examined the
effects of drainage conditions and confining pres-
sures on the strength parameters cof one particular
type of saturated mudstone with particular reference
to the effective stress parameters. This study was
directed towards a clearer understanding of the
basic mechanisms involved, including volume change
characteristics during drained tests and porewater
pressure variations during undrained tests.

2 MUDSTONE SPECIMENS AND EXPERIMENTAL TECHNIQUES

The mudstone samples were cbtained from a very
limited area using an NX core barrel, 0.5 m long
with a diamond drill bit, and could be classified as
woderately to highly weathered with a saturated moi-
sture content of 14 % 0.5%. Particle size analyses
indicated that the samples were made up of about 75%
silt and 25% clay. Each test specilmen was prepared
with smooth parallel ends and an L/D ratio of at
least 2. Prior to testing, the specimens were
vacuum gsaturated in a desiccator for two days.

In order to examine comprehensively the properties
of the mudstone over a necessarily wide range of
pressures, a high pressure triaxial cell was designed
and built by the authors. The cell was essentlally
the same in principle as a high quality multi-
purpose low pressure soll testing cell with the ex-
ception that it could accommodate confining pres—
sures of up to 35 MPa and the porewater pressure
measuring system had an extremely low compressi-
hility.

Since the vacuum saturation method was not completely
effective, cnce the specimens had beer mounted in
the triaxial cell, a back pressure saturation
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Figure 1 Variation of B parameter with porewater

back pressure for a range of effective
confining pressures.

technique, similar to that described by Wissa
(1969), was used. Figure 1 shows the effects of
this technique on the B parameter for a range of
effective confining pressures. Generally, for sat-
urated specimens, the higher the effective con-
fining pressure, the lower is the B parameter. It
appaared that a back pressure of 0.7 MPa was
sufficient to fully saturate all specimens,

In order to remove strain rate effects on the mea-
sured strength of the specimens, to ensure that
drainage was complete at all stages of drained tests,
and to engure that induced porewater pressures in
the specimens were wmiform during undrained testing,
an investigatlion was undertaken to establish a
suitable rate of atrain for the testing. Although
not reported heveln, it was found that for the

range of conditions of the test programms, 2 strain
rate of 2 x 107%/minute was appropriate and this
rate was in general agreement with the recommen—
dations of Gibson and Henkel (1954).

3 RATES OF CONSOLIDATION

A serles of hydrostatic triaxial consolidation
tests were conducted In the high pressure cell with
drainage in one direction to a back pressured bur-
ette. Figure 2 shows the typical relationship
cbtained between the coefficient of congolidation,

¢y, for a range of effective igotropic confining
pressures.

For effective stresses below about 1 MPa, Cy Was
found to be in excess of 100 m?/year, decreasing to
ubout 30 m?/year for am effective stress of 30 MPa.
Intact clay specimens, tested in an identical
faghion yielded cy values of about 1 m?/year for
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Figure 2 Variation of coefficient of consoli-
dation with confining preseure.

effective stresses considerably lower than 1 MPa,
with a further reduction at higher effective pres-—
sures. However, as discussed by Rowe (1972), while
smaller intact specimens may produce certain cy
values in the laboratoxy, because of the presence of
defects in the naturally occurring mass, in-situ
rates of consolidation are often two or three magni-
tudes greater., It follows that Lf small intact,
defect~free mudstone specimens yield cy values of
about 100 m?/year in the laboratory, then when con-
sidering the presence of jolnts, fissures and regu~
lar continuous beds of sandstone in-gftu, it is
likely that the mass in-situ coefficients of con-
solidation for mudstone are many times greater, and
more representative of a relatively free draining
material than a slow draining one such as clay.

Purthermore, as reported by Cole et al. (1968), it
would appear that the c¢clay content of Melbourne wud~
stone rarely exceeds 307, and therefore the above
laboratory determined values of c, may be conaidered
representative of the lower range of likely cy
values for this type of mudstone.

4  STRESS-STRAIN RELATIONS

Figures 3 and 4 show typical stress-strain curves
for drained and consolidated undrained tests res-
pectively to failure for a range of initlal effec-
tive confining pressures, dg . These figures show
o
that for both testing conditions, the higher the
value of cé , the higher was the deviator stress at
o

failure. This general trend 1s to be ewxpected and
will be discussed in more detail below.

It is also interesting to note that the strain at
failure increases with initial effective confining
pressuxe indlcating that the brittleness of the
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mudstone decreagsed. Also worthy of note is the
general shape of the curves for which, for any given
value of (5:'5 , the modulus up to about half the

failure devgator stress was greater in the undrained
tests than in the drained tests.

5 VOLUMETRIC AND POREWATER PRESSURE RESPONSE
5.1 Votumetric response

For the drained tests, the volume of water entering
or leaving the saturated specimen was measured
during testing. Figure 5 shows the relationship
between volumetric strain and deviator stress for =z
range of initial effective confining pressures.
This figure shows that for specimens tested at low
initial effective confining pressures, dilation
occurred before fallure was reached. Tor specimens
of higher ué , the dilastion effect was much less

Q

pronounced. Indeed the specimen tested at

05 = 34.3 MPa did not display a net dilation at all
o

The rate of dilation at fallure 1s examined more

closely in Figure 6, in which it is represented by

the ratio of (dcvldea)f, in which de, and de, are

the changes ia volumetric and axial strain respec—
tively at failure. This is plotted agailnst log pg'
in which pf' is the mean effective normal stress.

The result shows that for valuesof pg' greaster than
about 35 MPa, dilation was effectively suppressed.
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5.2 Porewater pressure response

Figure 7 displays the relationship between induced
porewater pressure and deviator stress for a range

of Ué values for the consolidated undrained tests.

o
The results show the same characteristics as dis-
played by the dralned tests. Tests conducted with
Iow cé showed dilational characteristics with the

o
initially positive induced porewater pressures de-
creasing significantly before fallure. Tests con~
ducted with high 03 showed a truch reduced tendency

0
to dilate. Figure 6 shows the rate of dilation at
fallure in terms of [d(Au/pf')/dea] agatast log pg'

in which it may be seen that dilat:lon was again
affectively suppressed for values of pf' greater
than about 35 MPa.

] STRENGTH

Effective stress Mohr's circles are plotted in
Figure 8(a) and 8(b) for the drained and consoli-
dated undrained tests respectively. The resulting
effective stress envelopes are essentially identi-
cal for both conditions of testing. TFor normal
stresses up fo about 10 MPa, 4¢' is constant at
about 34° with c' = 0.45 MPa. At greater normal
atresses, ¢' decreases glving at about 60 MPa
normal stress, ¢' = 22°,

30,0

Figure 8(b) also shows the envelope for the total
stress circles obtained from the consolidated un—
drained tests. This envelope is essentially linear
for the range of total stresses employed giving
appreximate values of ¢cu = 18° and Cop = 0.75 MPa.

7 DISCUSSION OF RESULTS

Despite the fact that the Melbourne mudstone is
generally referred to as a rock, and requires a much
higher range of testing pressures tham soils to
ohtain a general overview of its properties, it
would appear that the mudstone does share s wide
range of performance characteriastics with soila, in
particular with overconsolidated clays. It has been
shown that the porewater pressure response to igo-
troplc stress conditions 1 governed by the B para-
meter although, because of significant skeleton
rigidity, this parameter can often have values sig-
niflecantly less than unity. ¢m the application of
a deviator stress, the mudstone “showed dilatancy
characteristics typical of overconsolidated clays.
For low mean effective confining pressures, the
dilatancy characteristics for both drained and un-
drained conditions were well marked whereas, for
mean effective confining pressures greater than
about 35 MPa, dilatancy characteristics were effec-
tively suppressed. ‘This relationship was noted by
Parry (1958) for London and Weald clays, and indeed
these gsame relationships have subsequently formed
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Figure 8 Mohr's circle plots for (a) drained and (b) consolidated umdrained triaxial tests.
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" one of the basic building blocks for the appli~
cation of critical state soil mechanics to the
behaviour of clays (Atkinson and Bransby, 1978).
It follows then that critical state techniques may
be applied to the behaviour of Melbourne mudstone
thereby removing the artificlal and poorly defined
division between solls and rocks!

The effactive atress parameters based on both
drained and undrained test techniques have shown
quite definite soil-like behaviour with, for the
mudstone tested, c' = 0.45 MPa and ¢' = 34° for
normal stresses up to about 10 MPa, TFor greater
normal pressures, the value of ¢' appears to
decrease but this phenomenon has been noted by many
workers for soils and rocks alike.

With the mudstone, however, it would appear that
rateg of consolidation are very much greater than
for clays. Indeed, when considering the usual
rates of structural dead load application, it would
appear that full drainage of the mudstone would
take place during the construction period.
Certainly for unsaturated mudstone foundations, the
muds tone would behave as a drained material. It
follows then that effective scress parameters may
be more appropriate and relevant to the design of
foundations on mudstone. The conventional testing
technique involving wnecnsolidated undrained tri-
axdal compression tests at a total confining pres—
sure of 0.69 MPa is not therefore strictly
relevant to such processes.

As polnted out by Donald (1977), for less weathered
mudstone, especlally that approaching the fresh
classification, the drained cohesion is likely to
form a major component of the effective strength
for the range of foundation pressures commonly en-
countered. Therefore the conventlonal unconsoli-
dated undrained appreoach is likely to be a reason-
able approach for design purposes. However, for
the more weathered mudstones, represented by the
type examined herein and of higher moiature content,
the drained or indeed the apparent undrained co-—
hesive component becomes only a minor component of
the total available shear strength for typical
foundation loads. Therefore, the use of an un-
drained testing approach is likely to lead to over~
conservative deslgn parameters since the frictional
component, although possibly significant, is basi-
cally ignored. It follows them, that if drained
behaviour is considered for the apparently poorer
guality mudstones, these may prove to be signifi-
cantly superior founding materials than has been
generally believed.

It should be emphasised, however, that in all the
foregoing discussion, the overall influerice of dia-
continuities on the mass strength of the mudstone
have not been considered.

8 CONCLUSIONS

A geriles of drained and consoclidated undrained tri-
axial compression tests, conducted on saturated
Melbourne mudstone have been reported. The results
obtained have showm that for the range of testing
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conditions investigated, the mudstone exhibits
characteristics very simllar to conventional soil
behaviour, particularly with regard to overconsoli~
dated clays. The principal difference encountered,
however, was that the Intact mudstone exhibited
rates of consolidation that were considerably higher
than typlcally displayed by overconeolidated clays.
Therefore, whereas classical undrained testing
techniques and analysis may be more appropriate to
foundation dead loads on clays, for Melbourne
mudstone it would appear that an effective stress
approach is more relevant 1f a rational testing

and design philosophy is to be developed.
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SUMMARY

A laboratory and field study of the properties and behaviour of three weak subgrade soils treated

with cement and lime is cutlined. From this study a pavement design procedure incorporating a stabilised

soil subbase is presented.
INTRODUCT TON

In the City of Melbourne, Victoria, Australia,
three low strength road pavement subgrade so0il con-
ditions are comnonly encountered. The three general
problem subgrade soil conditions are; expansive
clay, silty clay and loose silty sand overlying
stiff sandy clay. In the expamnsive and silty clays,
C.8.R. vaiues of 1.5 to 2.0 percent at subgrade
level commonly occur during the wetter winter and
spring months. When a perched water table develops,
the silty sand becomes very wet and weak with only
extremely low insitu C.B.R. values of from I to 1.5
percent.

Past practice with these problem subgrade soils was
simply to romove them until a stronger soil was on-
countered. The unsuitable soil was then replaced by
coarse rock filling. This procedure has now become
very expensive, and has led to pavement failures on
the silty clay soils in particular. In parts of the
eastern suburbs of Melbourne, this silty clay has
been removed and replaced by rock filling to depths
of 1200 mm. However, within a year, these deep pave-
ments have failed because of the inevitiable wett-
ing up of the underlyiag silty clay. Once this
occurs the silty clay seftens dramatically and

tends to be forced up inte the overlying pavement
by the traffic movement over it. This im turn great-
ly increases the deflection of the pavement and
quickly leads to pavement breakdown. In the loose
silty sand soil areas it is often necessary to re-
move up to 1000 mm of this material to found pave-
ments on the underlying stiff sandy clay.

In recent encounters with these three problem sub-
grade soils, lime and cement stabilisation has been
used as an alternative to replacement for a number
of residential estates. In the main this technique
has been successful if the likely subgrade soil
moisture conditions at the time of stabilisation
are considered when selecting the percentages of
lime and cement, and if the road contractor keeps
construction traffic off the stabilised layer un-
til it is protected by compacted erushed rock. The
stabilised subgrade, however, is generally more
expensive than the replacement approach, unless it
is considered as a structural part of the pavement,
The incorporation of the stabilised subgrade seil
as a sub-base of the pavement rather than a con-
struction expedient has been strongly advocated by
McDOWELL (1972) in U.S.A..

At the beginning of 1978, a research project was
commenced in the Civil Engineering Department of
Swinburne College of Technology, aimed at develop-
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ing a pavement design approach in these three
troublesome soils. The design method would incor-
porate a lime and cement stabilised sub-base as
part of the pavement.

This paper will briefly outline the field and lab-
oratory testing of the soil from five trial pave-
ment areas established in these three weak subgrade
soil areas., Tho design basis and behaviour of these
trail pavements will be prescnted and discussed.
Finally, a pavement design approach incorpprating a
lime and cement stabilised sub-base will be outlin-
ed.

SITE SUBGRADE SCIL PROPERTILS

Five representative trial residential and imdustr-
ial pavement sections in these three weak soil sub-
grade areas were selected. Extensive field and lab-
oratory scil testing was conducted at each site.
The field testing included soil profiling, insitu
moisture content and dynamic C.B.R. testing using
a falling weight type penetometer. Numerous seoil
identification tests were conducted. A brief summ-
ary of all this testing is given in Table I.

LABORATORY SQIL STABILISATION STUDIES

For the five sites, large composite samples of the
proposed stabilised sub-base soils were collected
and subjected to full C.B.R. and indirect tension
testing with a range of cement and lime additive
percentages. The samples were mixed at five to six
initial moisture contents which were selected to
cover the likely seasonal range at the particular
site, The full C.B.R. soil tests were conducted in
accordance with the appropriate Australian Stuandard
procedure (AS1289.F1.1-1977), while the indirect
tension tests were conducted on the full C.B.R.
samples after this test was completed. The major
results from this set of tests are tabulated in
Table 1}. The points of interest from this Table
are as follows,

(1) The need to introduce cement even inte expan-
sive clay soils if high stabilised C.B.R's are
desired. in Figure 1 this point is clearly
demonstrated by the series of tests on the
Werribee expansive clay with 4% limec and 3%
cement and 3% lime and 4% cement giving {ar
greater stabilised C.B.R. test results than the
series conducted with 6% lime only.

Obviousiy, one must expect that uniform mixing
of the cement inte this very impermeable clay
soil prior to stabilisation will be more diffi-



(2)
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cult in the field than in the laboratory. It
would therefore be impractical not to use a
substantial percentage of lime in conjunction
with the cement to ensure that reasonable
field mixing of the cement into the clay could
be obtained after the lime was introduced to
make the clay much more!friable Therefore it
was considered that at least 4% lime should be
adopted to achieve this.

The areas where loose silty sand over sandy
clay subgrade conditions are encountered in
Melbourne are quite undulating and typicaliy,
pavements are founded tramsversely and longitu-
dinaily in both areas of loose silty sand and
sandy clay. It was therefore important to

adopt a stabilising system that could be used
for the loose silty sand and the sandy clay.
For the loose silty sand, lime was found to
have & detrimental effect on the action of
cement, so the use of cement, and cement and
lime stabilisation for the sandy clay was in-
vestigated. The testing results cbtained for
the silty sand and the sandy clay are presented
in Figures 2 and 3.

From Figure 2, it is ohvious moisture controt
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is essential in the silty sand, to ensure %ts
initial moisture content before stabilisation

®

Corrected Stobifised C.B.R.

HH
Nt

Figure 1 Werribee stabilised C.B.R. results



is less than 8 to 10 percent. If the moisture
content can be lowered by good site drainage,
or later summer or early autumn construction,
ther very large C.B.R.'s of at least 200% will
be obtained. For the sandy clay the use of 4
and 5 percent cement were found to give equally
as good C.B.R. values as the use of lime and
cement (Figure 3). Again, one must consider
the relative efficiency of field mixing of this
cement into a sandy clay in comparison to that
achievable in the laboratory. It was in fact
considered necessary to use 5% cement in the
field, even though 4% cement would have been
sufficient based on the laboratory testing.
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Figure 2 Endeavour Hills silty sand stabilised
C.B.R. results
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Figure 3 Endeavour Hills sandy clay stabilised
L CLBLR, results

(3) In Figure 4, the stabilised .B.R. test rosults
are presented for the Croydon silty clay site.
They clearly show the importance of keeping the
field moisture content prior to stabilisation
as low as possible, if high C.B.R. values are
1o be obtainecd.

(4) As expected, the indirect tensile test results
were very variable and it was difficult to
distinguish a consistent pattern of behaviour
with increasing initial moisture content. How-
cver, the indirect temsion values increased as
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b

Corracted Stabilised C.B.R.

Moisiure Confent 9%

Figure 4 Croydon stabilised €.B.R. results

the additive porcentages (especially cement)
increased.

FIELD TESTING OF TRIAL PAVEMENTS

McDOWELL's (1972) procedure incorporating the stab-
ilised soil layer as an integral structural part of
the pavement was used to design pavements for these
five trial sections. Details of these designs, in-
cluding the initial moisture conditions assumed and
the cement and lime additives recommended based on
iaboratory testing and the components of the pave-
ment, are listed in Table TEI. In most cases the
pavement details were also partly influenced by the
particular local authority or Council who controlled
the five particular sites.

At each of the test sites it is planned te monitor
the soil before, during, and after pavement con-
struction. Dynamic penctrometer C.B.R. testing un-
til the final bitumen courses were laid and Beakel-
man beam testing was considered the simplest and
most appropriate monitoring.

Unfortunately, because of the present over supply
of residential and industrial land, only two of the
trial sections have been constructed. Both of the
sections are areas of silty clay at Pakenham and
Croydon.

In Table IV, the field monitoring results are brief-
1y presented, while in Figure 5 and 6 the C.B.A.

and Benkebman bonm vilues of the sub-base zone
respect ively at Pakenham are plotred.

A significant increase in the C.B.R. after stabili-
sation occurred at both sites (3.5 to at least 20%)
with a further increase to about 40% occurring
after the next few months. It is likely that the
stabilised soil sub-base iayer will continually in-
erease in strength for many more months. A final
C.B.R. in this layer of at least 60 percent would
appear to be likely. Table IV clearly shows the
dramatic reduction in the Benkelman beam deflections
after treating the unstabilised silty clay. The de-
flections werc marginally reduced after the compact-
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ed crushed rock and bituminous surface seal were
placed. In Table V the allowable Benkelman beam de-
flections for various types of pavements recommend-
ed by the Vietorian Country Roads' Board (1975) are
tabulated. Based on this Table the deflections
measured at Croydon and Pakenham indicate satis-
factory pavement performance.

. Figure 6B Pakenham deflection results
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TABLE V
ALLOWABLE PAVEMENT DEFLECTIONS
Tolerakle Pavement _ feflectinns
Number of commercial|Flexible Pavement
vehicles per day Asphait surfacing
[G1oss mass over Deflection
3 tonnes) {mm)
p —50 7 1D
50 —160 ° 09
160 —450 ° 0-8

* DESIGN CURVES A &
¢ DESIGN CURVE 4
s DESEGN  CURVE 4]

'SWINBURNE STABILISED SUB-BASE PAVEMENT
DESIGN METHOD

Adopting a laboratory C.B.R. of 40% and an indirect
tensile strength of 40 kPa on soil tested at the
estimated initial moisture content just prior to
field stabilisation, McDOWELL'S (1972) method has
been simplified to produce two pavement design
charts (Figures 7 § 8). These charts consider the
stabilised layer as part of the pavement.

To obtain the high stabilised C.B.R. values requir-
ed to usé these charts,both lime and cement will
need to be used, These high C.B.R. values should en-
sure that the stabilised sub-base does not break
down under any undesirable initial heavy construct-
ion traffiec loading. It is essential if these high
values are to be obtained, to keep the soil moist-
ure content immediately prior to stabilisation
reasonably low. It may be necessary to imstall
pavement subgrade drainage a few months prior to
stabilisation. This will undoubtedly be the case if
winter or spring pavement construction is planned,
especially in the areas of loose silty sand over
sandy clay and silty clays.

CONCLUSEONS

For the three general groups of weak pavement sub-
grade s0ils commonly encountered in Melbourne,
cement and lime can be shown in the Jaboratory to
increase their €.B.R. and indirect temsile streéngth)
at the field moisture content to over 40 percent
and 40 kPa respectively.

Five trial pavement sections were then designed
using stahilised sub-bases, the cement and lime
percentage being based on the laboratory testing at
the likely field moisture content just prior to
stabilisation. Field monitoring of two of these
trial pavement areas during and after construction
has supported strongly the incorperation of the
stabilised sub-base as a structural component of
the pavement,

Finally, McDOWELL'S {1972) pavement design proced-
ure incorporating a stabilised sub-base has been
simplified to two design charts. These charts

require that the stabilised layer must have a C.B.R.

and indirect tensile strength greater than 40 per-
cent and 40 kPa respectively. To get these large
s0il strenpth increases by stabilisation it will be
necessary to use, from 3 to 5 percent cement and
lime im clayey soils.
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The Relalionship Between Matrix and Solute Suction,

Swelling Pressurs, and

et

ictive Glays

gnltude of Swelllng In

K. C. PILE
Senior Lecturer, School of Clvil Enginearing, Soutih Australlan Institute of Technology

SUMMARY The results of a series of one-dimensional swelling tests on reactive clays are reported, in which
chemical analyses of salts in the porewater were first carried out to enable control of solute suction

during testing.
suction changes.

It is shown that for saline clays, the magnitude of swelling is dominated by solute
Total and solute suction values for the soils are compared, and comments are made on the

significance of salt diffusion in measuring veolume changes in reactive soils.

1 INTRODUCTION

The prediction of vertical movement of reactive {or
expansive) clay soil profiles resvlting from soil
moisture changes is of concern to many gectechnical
engineers. The problem arises in those parts of
the world where the climate is arid for all or part
of the year. Such a climate exists over large
regions of Australia, and considerable damage to
road pavements and light structures is the result.
In particular, wall cracking in masonry domestic
houses is cften severe, and has attracted wide
public interest.

Experience has shown that soil movement may be
caused by

(i) Seasonal moisture changes, that is, due to
natural rainfall and te drying by sun and
wind.

{1i) Wetting of a soil profile by man-made or
artificial effects, such as garden watering,
leaking pipes, discharge of roof run-off
c¢lose to footings, and build-up of moisture
beneath impexvious floors and pavements.

{iii) Drying of a soil profile as a result of
ventilation under floors, air conditioning,
heated areas, or moisture extracted from the
s0il by trees,

In Adelaide, South Australia, which has a
Mediterranean climate, case-studies indicate that
artificial wetting and drying are the major causes
of cracking of masonry houses (Fargher, 1979,
Aitchison et al, 1977).

This paper reports the results of a laboratory
investigation into the swelling characteristics of
soils from three sites near the City of Adelaide.
The approach differs from any provious studies, in
that chomical analyses for the solutes in the
pore~water were carried out first, and then pairs
of swelling tests using oedometers were made, in
which the solute suction was kept constant in one
test but allowed to vary in the other. It is post-
ulated that these two cases represent extremes of
possible wetting states beneath, say, a light
building with a concrete floor. The first four
causes of wetting in (ii) above will result in a
dilution of solutes in the soil, or a lowering of
osmotic pressure (solute suction). The last cause,
i.e. build-up of moisture below an impervious floor,

is likely to be due to rising saline moisture, and
will result in a smaller or zero change in solute
suction.

In each pair of ocedometer tests, the one with
distilled water in the cell measured swelling
pressure and magnitude of swell due to a change in
both solute and matrix (or capillary) suction,
whereas that with saline water measured the effects
of change in matrix suction alone.

2 EXPERIMENTAL WORK
2.1 Scil Profiles
Three soil profiles were selected for study:

. At the Scuth Australian Institute of Tech-~
nology Levels Campus, l4 km north of Adelaide,
a red brown earth of pedological profile REB9b,

N At the Arboretum, Waite Agricultural
Institute, 5 km south of Adelaide, a red-brown
earth type RB3.

. From O‘Halloran Rill, 18 km south of Adelaide,
a plack earth overlying Hindmarsh clay.

The annual rainfall is 500 - 600 mm.

Descriptions of scil profiles and average moisture
contents are shown in Figure 1. The upper 3 m of
Levels clay has nodules containing lime surrounded
by relatively lime-free clay. Moisture contents may
vary by +3% from the values plotted.

2.2 Total Sucticon

¥t is now recognized that total suction, that is,
the sum of solute and matrix suction, is a morp
useful parameter than moisture contont in sludying
the swelling of reactive clays. (Peter, 1979). Total
suction determinations were made on samples from
each site using a thermister psychrometer similar to
that described by Peter and Martin (1973). The
results are shown in Figure 2. The pf scale has
been used for plotting total suction values, where
pF = log. h, and k = equivalent capillary rise in
centimeters.

Figure 2 also plots the results of comparison tests
done on Levels soil using three other psychrometers,
with the kind co-operxation of their owners.
Considering the technical difficulties of measure-
ment, the results must be regarded as in good
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Figure 2. Suction Preofiles

2.3 Chemical Analyses

Chemical analysis for salts in the pore-water
invelved firstly extracting moisture at several
depths and then carrying out a series of chemical
tests. Both were done with substantial help from

the C.5.I.R.0., Division of Soils, Adelaide, South
Australia.

2.3.1 Moisture extraction

Initially, three metheds of extraction were tried
on Levels selil samples:

Mixing soil and water to approximately the
liquid 1limit and extracting some water using
suction with a Buschner funnel.

For a depth of 0.9 m, extraction by ali-round
pressure of 45 mPz in a high pressure triaxial
cell.

Fine suspended matter was removed by centrifuging,
and chemical testing carried out. Allowing for the
dilution in the first two extraction methods, all
gave the same amounts of solutes in the soil. For
the Urrbrae and O'Halloran Hill soils, only 1:5
extraction was used, chiefly because it is the
easiest and guickest methed.

2.3.2 Methods of chemical analysis

For metal ions in solution, the atomic absorption
spectro-photometer (AAS) was used. This device is
now widely used in analytical chemistry, although
its application te soils appear to be not widely
known to engineers. A brief description of the
BAS was given in Engineers Australia, May 4, 1979,
p.27. Basically, it depends on spraying diluted
soil pore-water into a hot flame and observing the
absorption of selected wave lengths of light. The
AAS is capable of measuring the concentration of
metal ions accurately and gunickly. It does, how-
aver, require some experience to use properly.

For non-metal ions, the methods of analyses were:
" Chlorides - titration with silver nitrate,
using an electrometric method for precise
determination of the nuil point.

carbonates and bicarbonates ~ titration with
hydrochloric acid.

Sulphates - gravimetric method as descriped
in Australian Standard 1289 - Testing Soil
for Engineering Purpeses.
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Figure 3 shows the congentration of salts (or
rather ions) in solutien in the pore-water. The
concentration is given in milli-equivalents per
litre (m.e/l). A normal sclution is 1000 m.e/i.

Solubla  salts, milliequivalents /litre

metres
_,_+-'
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Levels Cl # Carbonates
N milliequivs. / litre
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Figure 3. Solutes in pore-water

2.4 Dedometer Tests

Table 1 shows the results of tests carried out
following the chemical analyses. The procedure

was to prepare pairs of specimens, load to over-—
burden pressure, and then add distilled water to
one cell and water of the same salinity as the

soil moisture to the other. As swelling commenced,
vertical load was added in small steps teo just
prevent net vertical heave. The swelling pressures
in Table 1, based on no volumge change, were reached
in a few hours.

Following the swelling pressure being reached, the
vartical load on each specimen was reduced to
approximately overburden pressure and the magnit-
ude of resultant heave was observed. For the
saline Levels clay, the tests with distilled water
showed heave for several weeks, and of magnitude
significantly greater than in the test with =saline
water. It became obvious that salt from the soil
was diffusing out of the voids into the initially
salt~free water, even though the sample was swall-
ing.

In Table I the column for solute suction shows
either O for distilled water or the normality of
saline water used, chiefly sodium chloride. Test
No. 3 was an attempt to examine the consequence
of using a very dilute solute, and test No. 10
used a salt concentration of twice that in the
soil water.

2.5 Pressure Plate and Vacuum Desiccator Tests

An attempt was made tc measure matrix suction
using pressure plates set at 1, 4 and 15 bars.
These experiments did not lead to reliable results,
probably because of lack of good contact with the
Visking memprane.
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It was attempted to check total suction determinat-—
ions by placing Levels soil in vacuum desicators

at pF 4.0, 4.5 and 5.0, using the null point
technique. &after 1 - 2 months, psychrometer check
tests ghowed that the soil had reached equilibrium
at prf 4.5 and 5.0, but not at pF 4.0, which would
have required a moisture increase. It was also
found that the moisture content changes for pF 4.5
and 5.0 were oo erratic to enable the original
s0il pF to be determined accurately.

2.6 Solute Suction

efforts were made to measure solute suction
independently. ¥For the Levels clay at C.9 m,
undiluted pore-water extracted by pressure {Section
2.3.1) was found by psychrometer testing to have a
pF of 4.62, wvirtually the same as the total soil
suction shown for 0.9 m in Fig. 2. The implication
is that matrix suction is very swmall.

The known concentration of solute salts may also be
used to calculate solute suction using vapour
pressure tables. The method has been described by
2ditchison and Richaxds (1965). &t 0.9 m, F%g. 3
shows that Levels clay has a normality of about
0.9, mostly due to dissolved sodium chloride, The
corresponding osmotic pressure calculated from
tables is pF 4.61

2.7 salt Diffusion

When the oedometer tests were found to exhibit
long—term heave, additicnal testing was donz on
sample 6, table I. The water in the conseclidation
cell was syphoned out at the end of the test {35
days) and its salinity determined by the A.A.S.
method. The specimen itself was tested for total
suction in the psychrometer.

It was found that the pF of the specimen had been
reduced from 4.37 (2300 kPa) to 3.7 (500 kPa),
suggesting that more than 75% of the salt had
moved from the soil into the surrounding water.

The measured salinity of the surrounding water
confirmed that about 70% of the salts in the soil
had indeed diffused into the cell water, The
diffusion was not assisted by consolidation at any
stage, as the specimen had swelled continuously
during the test.

3 ANALYSIS OF RESULTS

Consgideration of the experimental results suggests
that

(L) The existence of a high total suction is net
in itgelf an indication that a soil is
reactive. Tests B and 9, Table I, show that
Levels clay at 2.65 m has no capacity to
swell under overburden pressure despite its
pF of 4.25, whereas tests 18 and 19 on
O'Halloran Hill clay at 2.75 m indicate a
capacity to swell against a vertical pressure
of over 150 kPa, despite an initial suction
of onily pF 4.03.

(2} Comparing pairs of tests, Table I, the
swalling pressure appears to be relatively
independent of the solute used, but the
magnitude of swelling under reduced leoad is
greater for the distilled water test which
involves a lowering of solute suction due to
ingress of fresh water into the voids, and
salt diffusion.
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{3} Comparison of Figs. 2 and 3 suggests that for 4 RECOMMENDATIONS
the Levels soil, the psychrometer was really

measuiring selute suction. Matrix suction (a) Both matrix and solute suction have been
appears tc be small. showvm to be important in reactive clays. In
design of footings on such soils, possible

(4) It cannot be inferred from (3) that matrix variations of both must clearly he allowed

suction is low in all reactive soils. For for.,

example, in test 18 of Table I, the solute

was constant at 0.1 Normal, corresponding to {b) It is apparent that in oedometer testing of

a solute suction of 450 kPa. Hence the saline soils, the consequences of any change

matrix suction was initially 609 kPa., It in solute suction dvue to salt diffusion must

appears that the high swelling pressures in be considered. Current laboratory practice

tests 15 - 18 are associated with high initial appears to ignore this problem.

matrix suctions.

{5} The above suggests that the existence of 5 ACKNOWLEDGEMENT
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have had virtually zero matrix suction. The Division of Soil, Adelaide, South Australia.
mechanism appears to be that once swelling
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1 INTRODUCTION

According to Chen (1975, p.16) there are three
different approaches to the problem of classifying
potentially expansive soils, The first, minera-
logical identification, can be useful in the
evaiuation of the waterial but is not sufficient in
itseif when dealing with natural soils. The
second includes the indirect methods such as the
index property, the PVC method and the activity
method which are valuable tools in evaluating the
swelling property; and the third is direct measure-
ment which offers the most useful data for a
practicing engincer.

Chen lists five techniques for mineral identi-
fication; these are X-ray diffraction, differential
thermal amalysis {DTA), dye adsorption, chemical
analysis and electron mieroscopy. He comments

that the test results require expert interpret-
ation and the specialised apparatus required is
costly and often not available in soil testing
laboratories.

The purpose of this paper is to report on scme
investigations which bear on Chen's claim of
impracticelity for the mineral identification
methods.. In particular we have studied the
information which can be produced by dye adsorption
tests on soils. The dye adsorption method did get
some approval from Chen, and he stated that 'the
relatively simple testing procedure and speed of
dye staining tests compared with X-ray diffraction
and DTA justify wider application of the ceolour
method.  One of the contending dyes for use in the
method is methylese Dlue ond 1his does scem very
suitahle for investigations on seoils {or engineer-
ing purposes,

The dye adsorption method gives a measure of the
surface area (S.A.) of the soil, and it appears
that there is a very good correlation between
surface arca and swelling hebaviour, although the
presence of allephane may disturb this assertion,
The clay minerals which are really dangercus from
a swelling point of view are the high surface area
smectites or montmorillonites, and these can be
difficult to detect and measure. We investigated
eight soils: four smectite-containiag soils from
north Greece (Grl-Gr4); a black cotton soil from
Kenva supplied by the Transport and Road Research
Laboratory, England; twe scils from the Adelaide
area {Modbury § Adelaide) supplied by R, Martin
and P, Peter of CSIRO Applied Geomechanics
Division, and a vertisol from Transvaal, South
Africa (Mngazi soil} supplied by Dr R.W.
Fitzpatrick of Natal University. The swelling
minerals content of these soils ranges from 10 to
60% of the whole soil. The Iast four soils are
known to be highly expansive soils.
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2 METHYLENE BLUE ADSORPTION METHOD

When methyiene blue dye is adsorbed by clay, the
dye molecules first form an irreversibly adsorbed
monolayer over all the accessible clay surface
(internal and external). Dye continues to be
adsorbed from solution until this monolayer is
formed, leaving a clear solvent on sedimentation of
the clay. Further adsorption is reversible and the
dye molecules superimposed on +he monclayer are in
equilibrium with the dye molecules in solution,
leaving a coloured solution on sedimentation of the
clay. (The zctual technique used in the test is
described in the appendix.)

When a monolayer has just been formed, any cxeess
of dye will give 2 colouration to the supernatant
liguid; the 'end-point' is considered to have been
reached when enough dye has been addod to a given
amount of clay in suspension to produce this first
permanent colouration. This is a little higher
than the 'optimum flocculation point® used by Hang
and Brindley (1970).

We need to relate the amount of dye used to reach
the end-point to the surface area of the clay in
the soil under test. The total areaz of the dye
molecules at the end-point can be calculated by
taking the effective area of the dye molecule as
107 K%, This area is defined as the 'Apparent
Surface Area' (ASA)} of the clay; the units are
m?g”! elay, The value of 107 §£ is a compromise
between the theoretical site area of a dye molecule
and the fact that the dye behaves slightly dif-
ferently with respect to the various rypes of clays
(see Xdakis, 1979 {or some discussion and
justification).

The dye used was methylene bluc hydrochloride,
supplied by Hopkin and Williams Ltd, Chadwcll Heath,
Essex, England, The ASA of the clay or soil is
calculated from the formula:

Vd
ASA_T

N x Ad x 10728 m?/g : 1
where Vd is the volume of ¢.0I M methylene blue
standard solution required to reach the end-point,
in em®; C is the mass of clay or soil present in
the test-tube in grams; N is Avogadro's Number
(6.02 x 10%%) and Ad is the effective area of the
dye molecule in

Substituting for N and Ad in formula (1) it reduces
to:

ASA1g7 = Yg X 6.45 mt/g



3 SUPPORTING TESTS AND RESULTS

To provide data for the important correlations a set
of supporting tests was carried out on the eight
suils. We report here tests on liquid and plastic
limits, free swelling of dry disaggregated soil and
linear shrinkage, The free swelling test was
considered to give an imdication of the expansive-
ness of the soil (and thus a measure of the
gootechnical hazard) and this was related to the
dyc adsorption measurements and to the more con-
ventional soil properties indicated by Atterberg
limit and shrinkage determinations. o show how
the methylene blue method relates to other methods
of surface area determination some comparative
tests were carried out with ethylene glycol and
glyceroi, on the fine clay (<1 pm) fractions of the
eight soils, Table 1 shows the results of the
surface area determinations.

methylene blue dye method. It represents the dye
adsorption by the untreated seil and nmot the true
surface area of the soil i.e. the apparent surface
area (ASA}. When the surface area of the treated
soil (i.e. after the removal of carbonates and
organic matter} was used, the correlations were
lower (data not shown).

This is not unexpected since in principle the
treated soil must behave differently from the un-
treated one in which the carbonates amnd organic
matter can act as cementing agents and reduce the
surface arca of the clay. The trecated soil is
expected to swell more (Rimmer & Greenland, 1976).
However the use of the ASA or dye adsorption value
of the untreated soil is preferable because firstly
it simplifies the dye adsorption method since no
pretreatment of the soil is required, and secondly
it possibly simulates more closely the water

TABLE I
SURFACE AREA {ng-l) OF CLAY FRACTIONS OF EIGHT EXPANSIVE SQILS

(SIMPLIFIED FROM XIDAKIS, 1979)
Mo thod il Grl Gr2 Gr3 Grd Kenya Adelaide Modbury Mngazi
Ethylene glycol 485 530 490 437 674 589 610 575
Glycerol 384 514 480 430 670 616 607 615
Methylene Blue 426 480 440 414 656 574 571 585
{ABA107)

Table 2 is a matrix of correlation ceoefficients
between the various properties of the eight soils.
It should be noted that the ASA value has a
correlation coefficient of 0.991 with respect to
the free swelling capacity {although it must be
admitted that the number of specimens is rather
meagre).

adsorption system in a natural soil which is
responsible for the swelling. In this case, where
the soil is aggregated, part of the soil surface
accessible to water molecules may be inaccessible
to dye ions which are up to ten times as large
(Lafleur, 1972). MNevertheless this difference is
believed to be small and may be neglected.

TABLE 1T

MATRIX OF CORRELATION COEFFICIENTS BETWEEN VARTOUS PROPERTIES
OF EIGHT EXPANSIVE SOILS
(STMPLIFIED TROM XTDAKIS, 1879

1 2 4 5 6 7
LS LL PI Cf PFr.Sw ASA
1 LS 1
Zz LL 0,992 1
3 PL 0.527* 0.606* 1
4 PI 0.985 0.983 0.449* 1
5 cf G.794 0.862 0.754* 0.794 1
6 Fr.5w 0.98% 0.558 0.617* 0.978 0.854 1
7 ASA 0.968 0.989 0.623* 0.957 0.895 0.991 1
Significance level (S} <0.01 except values with asterisk (*);
LS = linear shrinkage (%); LL = liquid limit; PL = plastic
limit; PI = plasticity index; Cf = % fine clay (<1 um);
Fr.8w = % free swelling; ASA = surface area of untreated
whole soils (n?/g - determined by methylene blue adsorption).
4 SURFACE ARLA The high correlation of the ASA with the liquid

It is apparent from the correlation matrix that the
measured surface area of the untreated soil is
rcasonably well correlated with most of the other
properties of the soils examined (r >0.95). The
surface area used for the correlations was that
obtained on the untreated natural soils, by the
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limit and plasticity index (r >0.95) means that the
ASA (or dye adsorption value) may possibly be use-
ful in determining the latter in soils and clays,
after proper calibration or redefinition. Thus the
plasticity of clays and soils might be defined by
an intrinsic and not an arbitrary property. Many
authorities have obtained good correlatioms between



surface area and Atterberg limits (Fairbairn §
Robertson, 1956, Farrar § Coleman, 1967, Warkentin,
1972} or surface area and swelling properties (De

Bruyn et al., 1956, Greene-Kelly, 1974, Ross, 1978).

From the above results it appears that the best
parameters for an indircct determination of the
swekling potential of expansive soils are the
Atterberg limits (LL and PI), linear shrinkage and
the ASA of the untreated soil,

5 THE USE OF SURFACE AREA FOR CLASSIFYING SOILS

Some advantages of using surface area as an
indicator of soil properties are presented below:

(a) The ASA appears to be as good as the other
parameters often used for this purpose, i.e. LL,
PL, etc.

(b} It is a basic and well defined property of
the so0il or clay and not an empirical one like the
Atterberg limits.

(<) It can be determined in a much shorter time
than even the consistency limits. For example,
using the methylenc blue dye method the time
required for a test on a natural untreated soil is
1ess than an hour, compared with the 48 hours
necessary to complete the Atterberg iimit tests.

(d) The methylene blue dye methed appears to have
a greater reproducibility than the consistency
tests. The precision of the dye method is 5-8%
(Xidakis, 1979) whereas with the Atterberg limits
it hardly exceeds *10%.  The effect of the
operator’'s judgement can be more pronounced in the
consistency limits operation than in the dye test.
The method has possible application for soil
classification in road works where there is the
need for quality control of large amounts of earth-
works. Also it could be used during site
investigation for quick evaluation of soil samples
obtained as drill cores.

() Surface area is an indicator cof many other
properties of a soil or clay, such as CEC,
mineralogy, clay content, water adsorption,
retention of phosphates and nutrients, green
sgrength, etc. Thus it can be used in the evalu-
ation of clays and soils for agricultural,
engineering and ceramic purposes., It also provides
information for soil genesis and evolution in
pedological studies, for oil genesis and migration
in the petroleum industry, and for catalyst
preparation in the chemical industry.

(£} It can be shown by theoretical considerations
that the surface area is directly related to both
swelling pressure and volume change of soils
(Xidakis, 1979).

However there are also some shortcomings to the dye
method. For example, the dye adsorption is
influenced by the nature of the surface, charge
density, exchangeable ions, particle aggregation
and other factors which have been discussed in more
detail by Xidakis (1979). Nevertheless atl these
disadvantages are belicved to be of minor
importance when the method is empioyed for
engineering purposcs, where absolute accuracy is
not of paramount importance.

6 DISCUSSION & CONCLUSTONS
The surface arca is a basic soil property, dircetly

related to swelling and other propertics of scils,
and can be adequately determined by dye adsorption
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methods. Therefore it can be used for evaluation
and classification of expansive soils, and for the
grading of such soils we suggest the boundaries:
<100, 100-150, 150-200, >200 m?g"! as demarcating
the low, medium, high and very high expansiveness
classes.,

The methylene bluc dye method is a simple and
versatile method of looking for expansive minerals
in expansive soils, and it is alsc possible that
the same method after proper calibration may be
used to determine the Atterberg limits of expansive
soils.
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APPENDIX

OQutline of the methylene blue dye method {for
laboratory use or field test).

1. , Take a few grams of <2 mm air dry soil and
disaggregate it carefully to give about 5 g passing
a BS 200 sicve {74 um}. Dry the soil in an oven at
105°C to give dry mass,

2. Make a suspension (2-5% by weight) preferably
with distilled water. The concentration of the
suspension should be adjusted depending upon the
kind and amcunt of the clays in the scil; i.e. the
greater the amount of swelling minerals in the soil
the more dilute the suspension should be, This can
easily be determined by a trial test.

3. Add 'Calgon' or NayEDTA solution to give
0,5-1.5 me Na per gram of dry soil. Excess of
dispersing agent, within reasonable Timits, does
not affect the results.

q. Stiv the suspension with o commercial stirrer
for about 15 min. If no stirrer is available shake
vigorously for 2-3 mins by hand. If the soil
contains no more tham small amounts of carbonates
and/or soluble salts it will disperse easily by
hand shaking.

5. Prepare a standard 0.01 M methylene blue dye
solution (dissolve 3.65 g of dye in a litre of
distilled water). Keep the standard dye solution
away from the direct sunlight and in a polythene
bottle to avoid fading of the solution.

6. Pipette an aliquot of the soil suspension
{10-20 em®) into a Pyrex test-tube or a comical
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flask with stopper. The initial suspension can be
prepared directly in a conical flask (200 cm®
recommended). Avoid the use of soda glassware
since it absorbs the dye. Perform the 'spot' test
{Jones 1964): 1i.e. titrate the standard 0.01 M
methylene blue dye solution by burette. For field
tests a 2-10 cm® disposable plastic medical syringe
without ncedle can be used hoth for pipetting the
$0i1 suspension and titrating the dye solution,

The dyc should be added to the suspension 1 cm® at
a time; after each 1 en® dye addition shake the
container vigorously for a few seconds; then, using
a glass tod, place one drop of suspension on a
medium soft filter paper (e.g. Whatmans No, 1 or
40).

7. The 'end-point' is indicated when excess dye
appears as a sky-blue (possibly greenish) colour-
ation radiating away from the normally deeply dyed
solid in the centre. This is confirmed as the
true end-point if the titrated suspension still
shows coxcess dye when the spot test is repeated
after o two minute period.

8. With the spot-test am accuracy of 0.5 cm?
of dye can easily be obtained under normal
conditions and this is quite satisfactory for
engineering purposes. Having found the end-point
from the spot test the ASA is obtained from the
formula:

ASAjg7 = %g x 6.45 n*/g soil
where Vd is the volume of the 0.01 M methylene
blue standard solution required to reach the end
point; C is the mass of the soil in the test
container in grnms,



Strength and Deformation Behavicur of Sand under General
Stress System

B. SHANKARIAH
Lecturar in Civll Engineering Reglonal Engineering Collega, Warangal (A.P.), Indla
RAMAMURTHY
Professor of Civil Engineering, Indian institute of Technology, Delhl

SUMMARY Drained shear tests have been conducted on fully saturated Ottawa sand snecinens

under axisymmetric compression and extension and general stress system.
liave been conducted in Universal Triaxial Awpparatus.

under difrerent inclinations

to study the cifect of structural anisotropy.

All the tests
The spccinens have been propared
The vazious

factors which af.ect the strength and deformation prepertics under general stress system

are Jdiscussed,
velumetric strains in discussed,

1 TSP o8

SY3TLEN

STIL UIDER GIHBERAL STRESS

buring the past four decades
tuses nave been develoned for
cuboidal specinens to general
Ylhen the pressure was applied through ricid
platins en all thne six faces, the edge in-
terfercnce at tae junctions posed . roblems,
To aveid this, vion undersizaed plut-.—.:-.: were
used the scil sgueezed inbo thne Yyaps. in
cace of an ap_aratus using flexible bags on
all cix faces, edye interference again poe
sed problems and the nagnitude of pressure
that could be apniied was limited., Com Q-
rad to the Jdevices employing exclusively
clooer rigid platons or flexible wvags, a
comirination of these two posvs lesser me-
chapical vroblemns, The Universal Triaxial
Apoaratus develoved by Ramnuarthy (1970)
and rawat and Raramucthy (1978) belongs to
this cotegory of nixed boundary conditions.
In this the lateral pressures are apnlied
throwgh flexible mars and tne vertical pre-
ssure threough onlarged and lubricated rigid
slatens. The jroblem confronting the £lew
xible bacs oi tne possibility of applying

a limited struss level has largely been
ovecone by CDnLlning the ruboser bags in
metallic guides. Tne edge interference
has been overcone by wroviding side vanes
to the merallic juildes andmincoreing the
vertical edges oz bags applying higher la-
tural pressure with prismatic sponge
pieces,

several apparde
subjecting a
stress system.

2 STRENGTH o
SYSYWEM

SOl UNDER GENERAL STRESS

In theory of plasticity the effect of inte-
riediate principal stress is accounted for
by Lode's stress parameter M given by
i’ ’ /
g, -0y + (o,
7 rd
(o] - o)

= =%

(1)
. 4 ’ . .

Where 0], O, and G; are the major, inter-

mediate apd minor principal Stress respecs

hively. Habib {1952} introduced a paranps-

ter b, which iz the ratio of the deviator

e effect of Intermediate orincipal stress on peak strength, lincsr and

stresses, that is

s, - O;
b = (2)
= or=oy
It may be observed that p = (2b-l}, In axi~-
symwetric compression test, (07 = G” }op==1,

b = 0. In axisymnetric extension test
(o) =03)e #=1, b = 1. These being the

two extréemé cises beétwen which the inter—
mediate principal stress can vary, the
range of A4 is from «1 to 1 and that of b
is from zero tc one,

Most of the investigators agree that peak
strength of a soil increases with incrcase
in the value of b upto a particular point
{possibly u»to plane strain comprossion).
These results mostly belong to compression
zone. But most of the controversy centres
around the peak strength in extension tests
Reported results show that the values of
peak strength beyond plane strain compre-
ssion may increase, remain constant or dee
crease, Attempts have been made to attri-
bute these divergencies to equipment defew
cts disregarding many other factors which

effect the results, These are briefly di-
scussed here,

2.1 Material Properties

The r esponse of a s0il to various stross
paths depends upon the properties of the,
rmaterial, Pearce {1970) reported tnat 03
has po influence on the strength of clay he
has tested. sShankariah (1977), investigated
the strength and deformation behaviour of
two cohesionless soils, namely, (i) Ottawa
sand which is uniform material with hard,
well rounded, nearly spherical and smooth
textured grains and {(ii) crushed stone cone
sisting of hard, disc shaped subangular and
rough textured particles, The @* Vs blar M)
curves were found to be strickingly differw
ent in two materials. Figure-l is reprodu-
ced from Lomise et al {196%). These resul-
ts are obtained from tests on various soils
tested urpler sindlar conditions in a cingle
apparatus develoued by them.s It mav be
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Figure 1 Effect of Material Properties
on Peak Strength
2.2 Shape of the Specimen

chserved that these results incorporate
mny type of divergencies. Since many of
the factors affecting the results are inva-
riant in these tests, a large part of the
divergence cannot but be attributed to the
differences in the properties of the
mterials,

Reades (1972) and Rawat (1976} among others
reported practically identical results in
eylindrical and cubical samples under axi-
symmetric compression. But higher pealk
strengths in cuboidal specimen in axisymme-
tric extension have been reported by Green
(1971) and Reades (1972)., It was suspected
that this higher strength in cuboidal spe-
cimens could be due to corner effects. But
wnen the strains were monitored accurately
using Xe~ray method, no nonuniform strain
conditions due to corner effects were notiw-
ced in a cuboidal specimen in extension.
Therefore higher strengths in cuboidal spe-
cinens cannot be attributed definitely to
corner efiects. Thus, it cannot, at pre-~
sent, be said how the shape of the specinen
afitects the results,

v
P ]

Consolidation Pregsure

Results of Marachi et al (1969) indicate
that the increase in the value of peak st
rength from axisymmetric commpression to
pliane strain compression decreases with in-
crease in cell pressure (03') at which the
samples have been tested., They reported
that the difference in the peak value of

#' between axisymmetric compression and pl-
ane strain compression was 7% in dense spe-
cimens at O, = 68495 Ki/m?, 4.5° at oy =

551.6 KN/m2 and zero at O3 = 3447.5 KN/m2.
This reduced difference in @' could be due
to restricted movement of particles at
high cell pressures and/or due to grain
crushing.

" tests,

2.4 Stresspath Followed During Shearing

A given set of stress conditions at failure
can be reached by following different stre-
sspaths. The value of b (or u) at f£ailure
depends on the values of three principal
stresses, which may be attained by proceed-
ing in several ways. The stresspath follo=
wed during shearing may effect the results,
2,5 Mean Normal Stress at Fallure
Generally it is a normal practice to choose
the consolidation pressures in extension
tests such that the value of either Jif or
ng are comparable to these in compression.
In either case the mean normal stress at
failure will be higher in extension tests
than those In compression, since in axisye
mmetric compression O >, 03, = 03, and in
axisymmetric extension 01 = 02> J3. It is
fairly well established fact that principal
stress ratio 07 /03 of a given material
decreases with increase in mean normal
stress at failure (G;f Yo

2.6 Porosity - Basis of Compression
Whatever may be the basis on which tiie cone
solidation pressures are chosen (keeplng
constant either Ozé or Ggf or Opc ) they

are normelly higher in extension tests.
Therefore for a given initial porosity, the
post consolidation porosity is lower in ex-
tension tests than that in compression

The results of extension and come
pression tesis are compared based on initi-
al porosities by some investigators and
post conseolidation porosities by others,
This factor should be kept in view while
comparing the results of different
investigators.

2.7 Equipment Defects

There 1s ne ideal equipment which can sube
Ject specimens of all types of coils, to
all types of stress paths and stress levels.
Equipment defects include, among other
things, end restraints, undersized or overs

sized platens or bags, corner interferenw
ces, limited stress levels and 50 on.

Hither to there has been a tendency to att-
ribute most of the divergencies in the re-—
sults exclusively to equipment defects,
Though this may be unfair, many times the
equipment defects contribute a major part
in the divergenciles of test resultfs,

2.8 Type of Deposition and Compaction

The structuwral anisotropy of a specimen
depends upon the method of deposition and
subsequent compaction, The structural anji-—
Sotropy of the specimen may lead to non-
uniform deformation and directienal varia.
tion of strength. However, not much is
known about the directionsl variation of
strength due to structural anistoropy of
the material under various stress paths.
The present investigation is an attempt in

this direction.
3 EXPERIMENTAL WORK

The tests were conducted on standard Ottawa
sand {18-52 B.S. sieves) consisting of hard,
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well rounded, nearly spherical and smooth
textured particles. Fully Jrained tests
were conducted on freshly boiled, saturated
cubical specinens of nominal size 76 mm )
specimens were prepared at three densities
by vibrating in a sample foruer, the relaw
tive censity varying from 50 to 100 per —
cent., To study the directional variation
of strenth, samples were prepared at cight
different angles of deposition 8 namely ©,
15, 30,45,060,70,80 and Y0 degrcees, where @
is the angle avde by the direction of depo-
sition with the vertical axis of the specis
men (Figure-~2), The method of specimen
preparation is explained in detail elsew-
where {shankariah, 1977).

All the specinens were consolidated isotro-
pleally.  The consolidation prasswres in
ather stress pelns wore so chosen that, for
4 yiven porosiity, the mean normal stress
at failure would pe compadrable to that in
axisymuetric comoression. This procecure
was adopted to eliminate the possible eff-
ect of variation in mean nornmal stress at
failure on the values of peak strengths
obtained in different stress paths,

FPigure 2 Reference Directions

The sanples were sheared following £ive
difierent stress paths . , ,
i) Axisymmecric compression (g, > 01 = 0‘y );
tie lateral pressurcs worce kept constant
Gmd the axial stress was increased due
ring shearing., . . . ,
ii; seneral compuession (O > 0y G’y y: &

Y
was kKept constant dwring siwoaring and
both 07 and 07 was increansd to Failure,

. i = = - -, .
iii) rlane strain compression (0, > J_» O
Z27 %

A 67 = 0 }: samules vwerc cheared by

.
ke 3, conseont and inereasing bo-

)

-
o T
b3

O was increcsed couti-
v
L8 unitorm rate so as to

LILVENT 12 1 deformation on those

fuces Ey = 0).
. - > 4 - 4
iv) General Extension (O;{}O;} O"z): During

s 4
alweraring Uy wag kept constant, O‘x was
rd
inergasaed and O’? was reduced.

Tests
et papedlaed wuith thnvee different
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Angle of shearing resistance,(,degrees

o’
values of Ox at fadilurce so that oach
test will provide @ diffoerent »Heint on
g'vs b (or ) diagram,
L4 4 I

v} Axisymmetric extension (0, = O, d,)
samples were sheared by kheeping the
lateral praossures consclont amd roviucing
ghe vertical sirneas,.

4 DROSSEIFIEAE ION AdT LGS0 G - S ULTS
4.1 The Angle ol Shearing bosistinoe

The angle ol shearing recistance is found
to be constant in the regions 0<Le £ 30°
andl 60° <€ 8{90°%, there being a discontinui-
by in the region 30°% © £60°. This pheno=
menon was observed aL all Lhe three poro-
sltics of Lhe spocimens, Tgcruﬁore the
results of Losks with @ = 07 and 60 which
represcnlt Lwo distinct groups are progsen-
ted here.

Pigure-3 shows the variation of maximum

angle of shearing resistance with b (ox &)
It may be ohserved that, with increase in
the value of b, the peal strength increa-
s@s up to a value of b equal to about 0.3,
which, corresponds to plane strain condi-
tion and then decreasges continuocusly upto

>0 ! nc=33% .
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b=l (axisymmetric extension). The curves
pertaining to three porosities are nearly
parallel.

vihen @ = O} the increase in the value of @'
from axisymmetric compression to plane st

rain compression is 4.5° in dense and medi-
um dense state and 3.9° in locse state. In

axisymmetric extension the values of gt are
lower by about 5° than those in axisymmet—

ric compression.

When © = 60° the values of @' in plane st-—
rain compression are higher by about 5.5°
than those in axisymmetric compression at
all the three porosities, The values of [, 4
in axisymmetric extension are lower by 2°
to 3° than those in axisymmetric
compression.

In axisymmetric compression the angle of
shearing resistance is higher when © = O°
than when ¢ = 60° by about 1.1° to 1.7°,
This difference decreases with increase in
the value of b and vanishes at plane strain
condition. In extension the value of #*' is
lower when © = 0% than when @ = 60° by 1°
to 2°. This difference which is zero at
plane strain condition, increases with ine
crease in the value of b beyond plane stra-
in condition and attains its peak value
under axisymmetric extension.

When @ = O’ the directlon of deposition
coincides with the vertical axis of the
Specinen. The plane of preferred ordenta-—
tion of particles, which is the plane nors-
mal to the direction of deposition, is a

ma jor principal plane in compression tests
where as it is a minor principal plane in
extension tests. It mBy be cbserved from
the above results that when the rlane of
preferred orientation is normal to the TR
or principal stress (in compression) the
material of fers maximum resistance, where
as it develops lesser resistance when the
plane of preferred orientation is normal to
the minor principal stress (in extension),

When the value of @ increases from 60° to
90°, the direction of deposition approaches
to the direction of the normal to the verti
cal axis of the specimen. Under these cone—
ditions the plane of preferred orientation
is nearly normal to the minor principal
stress in compression while it is nearly
nermal to the major principal stress in
extension, Therefore the values of @ are
lower in compression and higher in exten-

sion }han the corresponding values when
@ =0,

It may also be concluded that material
enjoys maximum freedom of movement under
axisymmetric conditions and hence develops
maximum strength anisotropy. As the devi-
ation from axisymmetric conditions increa-
ses the freedom of the particles is increa—
singly restricted and hence the strength
anisotropy is restricted more and more,
culiminating f£inally in plane strain condi-
tion wherein the particles have least free-
dom for movement and strength anisotropy is
almost completely suppressed. However,
because of the restricted movement, the
particles develop higher resistance ang
hence shows maximum strength under plane
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strain conditions.

The angle of deposition, e did not show app-
reciable influence on the pattern of varie-
ation of linear and volumetric strains with
b. Therefore the results of only one
deposition angle @ = 0 are presented below.

4.2 Lateral Strain €op

The lateral strain at fallure exf is nearly

zero in plane strain compression. As A
increases numerically the value of &,

increases in compression zone, reaching its
maximum value in axisymmetric compression
{(Fig.4). As we move from plan? strain
compression towards axisymmetric compress- .
lon, the value of O/ decreases relatively
and hence the 1ater§l strain Eye increases

with numerical increase in the value of u.
In axisymmetric compression €. g decreases

crease in rosity. In plane strain
gizgrégsﬁcn the vgiue of b decreases with
decrease in porosity. Therefore the curves
in compression cross in the zone of general
compression before reaching plane strain
condition.

& o nc=37;}“~mmh_ o 1
. 8=l °
% 359 1
‘ E 2 33%\4\;'%_*
§ "n“'“‘-ﬁh
‘o
- 0 £2
- Ne=37%
o
o L 35%
E L 33%
<=2
w
: /
o
i 1/
@
be o
b=0 02 0.4 0.6 08 !
P=-l -0.6 -0.2 02 0.6 0

Figure 4 ILateral Strain Exf

In extenslon, the value of exf decreases

with increase in u,the value being least

in axisymmetric extension. With increase
in the value of p , O decreases relatively
and Exs (which is compressive) also
decreases,

4.3 Lateral Strain eyf

Figure-5 shows the variation of lateral stw
rain at failure €yf with b. Both the laI
teral strains in conjucture with the axia
strains have to respond to the volume



changes Loking place in the specinen.
Thererore, the vaviation of €4 has to be
ceonsiaered keeping in view the varialions
in eother strains,

o~

0=0°

ae 2
> Ne= 37% 8
D 35% o
[}
™ 3 o
5 0 3%
3
©
. - : e
=
"
]
g4 i
Q
3

]

-8 \\

%\o______ ne=33%

e 3 70/0
-8
b=0 0.2 0.4 0.8 08 1.0
p==t -08 -02 0-2 0.6 1.0

Fiyure 5 Lateral Sirain Eyf

It was observed earlier that, in compress-
ion, as b increases fo decreases tending

to attain 2 zero value in plane strain cone
ditiun. The axiul strain is always conp-
ressive. Therefore mest part of the dilaw
tion is taken care of by eyf' Therefore,

as b increases, € increases,
L3 yf

In extension as b decreases, Gyﬁ decreases

approaching a zero value, that is a plane
strain conditilon in extension. It will be
interesting to compire the results of ple-
ne strains in compression and extension
tests. As can be seen from Figuresd4 and 5
that there exists a discontinuity in the
relationship of linear strains Vs b between
compression and extension test results,

If compression and extension tests are cot=
ducted upto plane strain condition and be-
yond, the relationship of linear strains Vs

b will be conf irmed in the discontinuous
region,
4.4 axial scrains € .

The axial strain at failure is REXiMUmM U
der axisymnetric conditicns both in exten-
sion and compression (Figure 6). With in-
creasing deviation from axisymmetric condi-
tions the axial strain at failure decreases.
It may be concluded from this that the

bLrittle nature ol fallure increases with

incroeasing deviation Lxom axisymeetr io
conditions,
8
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Figure 6 Axial Strain &,

4,5 Vvolumetric Strain evf

The material dilates at all porosities
(Fig. 7). The dilation is rgvnxir.num under
axisymnetric conditions, With increasing
deviation from axisymmetric conditions the
volumetric strain at failure decreases,

As has becen mentioned earlicr, the parti-
cles have maximum froedom of movenaont un-
der axisymmetric conditiong and hence pro-
duce higher dilation. As the deviation
from this state increases, the freedom of
the particles is restricted resulting in
lesser dilation.

5 CONCLUSIONS

The angle of shearing resistance increases
with increase in the value of b upte plane
strain condition and then decreases conti-
nuously upto axisymmetric extgnsiora. How-
ever, the shape of the curve 1s not unigue
for all materials and under all type of
test conditions. The structural anisotro-
Py of the meterial effects the shape c_n’:
the curve. The material exhibits maximum
strendth anisotrony under axisymnetric
conditions and as the daviation from the
Axisymmetric conditions increases, tl}e ]
anisotropy decreases, ultimitely vanishing
at plane strain conditlon. Uith increase
in the value of b, &xf decreases in Come
pression culminating in plane str‘ain COonm-
dition whan Gy ~ 0., In extension also
exf decrzases with increase in b, &

yE
increases both in compression and
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Figure 7 Volumetric Strain év4
extension with increase in the value of b,
The axial and volumetric strains are maxi-
mum under axisymsetric conditions and with
increasing deviation from axisymmetric
conditions both of them decrease,

If General Compression and extension tests
are carried cut to reach plane strain cone
ditions and beyond, the results of CONPLew—
ssion and extension in the overlapping
region of b could be compared.,
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SUMMARY
presented.

The effect of stress-path on tha stress-strain-volume change relstionships of o river snad is
It is shown that these relationships are very much a function of stress-pathe. Modulus values

are avaluated for different stress-paths and relationships betwesn stress-paths and modulus valuss are

sstablished. A procedure for using these
element method is indicated.

1 INTROOUCT ION

The currant inteqrated snslyass of movemants anrd
failure in soil masses ysinn Finite alement method
incorporate in them stress-strain volume channe re—
lationships of soil. The reraults obtained from
duch analyses are as realistic as the soil paramgt-
ets$ used in the analyses. The strass-strain behay-—
iour o* soils is a complax function of many factors
such as soil typs, strocturs, conPiring prassurs,
stress-history, Arainaqgs gonditinn, stress-path atec.
{Lambe and Jhitman,1969; Duncan and Chanj, 1970;
Yudhbir and Varadarajan, 1975: Ladms and ﬁuncah:1gfé.
1976). Considerable reseatch work is now directed
towards daveloping analytical models For describing
the sull behaviour (Desai, 7977). Raesoarch work is
in progress at IIT Oslhi in developing an analyti-
cal model for granular soils. This paper daals
with one of the major Factors influencing the stre-
ss-strain volume changr behaviour of sojils, vize.
strrss-p-th. Fxparimental resylts For a local
river sand are presesnted and discussad. Evaluation
of parematers based on theory of alasticity for di-
fforent stre2s paths is indicated. A procedure for
using thesa parameters in the analyses of field pro-
blems is alsn dealt with in the paper.

? TFSTING PHROGRAMME

Two taAst serins were aarried out using stan 'acd

triaxinl testing squipmant. In the First seriess tha

samples ware coensnlidsted lsotropically and shaarad

to Faflure ysing standard triaxial compresion tests,

Thres conaplidation stresses g=, 1.05, 2.11 and
Zom? ¢

3416 kg/cm® were used.

In the second serias, the samplas ware anisotropic-
ally consnlidated with a stress ratioc X=M.47 tn
approximate the insitu state of stress condition.
The samples wers Lhan shpared using aix atreas-
patha (Figura 1}, (i) vertical atvnaa, 67 ronatant
nnt Interal stresa, 675 incraaaing (11) &7  and
G3 increasing auch that 63/ 6] = 0.42  (i11) 65
canstant and &3 tncreasjing (iv) 63 Hepreasing §q
constant {v) &7 and (3 decreasing such that

03/ 67 = 0.42 and {vi} &3 constant and 67 de—
cressing. The stress-levels p, = ( 67 +G3) /2,
1.97, 3.94 and 5.91 kg/em? were adoptad.

2.1 501l Used

Jamuna river sand was usad for exprrimental invest-
inatiens. River Zamuna is located near Dalhi and
is a major tributory to the Pamous river hanga in

.

relationsnips in the analyses of field problems using finite

=1

Kt
FA .
~
£
Y
2 -
o
(b)
q} i | | ]
2 4 26 8
P, kglcm
Figura 1 Strras—paths used For the taeats in G5 67
and p-q plots
the northarn region of Indian subcontinent. The

sand was of uniform 9iza with ninaty per cant of the
s0il having qrain sizes batween 0.1 om and 0.4 mm.
The sand containmnd mica flakes anduas grey in colo-
urs The spacific grrvity of sand material was 2.66.
A ginnle hatch of sand was used for all the tasts.

2.2 FxprrimanLal Procadure

Standard triaxial compreasion testing aquipmont was
used for all the tasts. 4.B1 cm diametar and 7.62cm
long cylindrical samplas wers usad. Tha samplnee
were prepared under saturated condition (Bishop and
Henkal, 1957). A uniform procedure of tamping the
mould was usad to achisve the same density of  the
samples. Cell prassure wa% appliad by the self come
pensating mercury pot system and the vertical load-
ing was epplied through the luading frame—proving
ring systam. Ffor tests with G3 constant, strain
controllad loading was applied. For other stress—
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path tests cell pressure and the vertical loading
ware appliad by manual control in small incraments.
The loadinn to be applind was astimated at ayRTy
ineremant after using appropriate area correction
for the sample. For speady ealeulations during ex—
periment a standard programma was used with the

aid of a 200 step programmable calculstor. Vertical
displacement and volume change readings were noted
after steady condition was reachad for each incra-
ment of losdings Smaller increments of loading
wers used as failure was reached. Thae vartical
displagements and volums changng ware maasured to
ths accurascy of 0.000254 cm and 0.0% cc respective-
ly.

3 EXPTRIMENTAL RESULTS
31 Consolidetion and flabound

Figure 2 shows consnlidation and rabound curves Por
isotropic and anisotropic stress conditjons, Both
the curves show similar behaviour. Upry emall
amount of particle crushing was observed at higher
preasure levels and this appears tn have also con-
tributed for ths curvature of loading curves  at
those pressure levels. The rabound curves for the
two stress conditions show that the irrescoverable
volumetric strain is more in the case of isotropic
unloading condition.

3.2 Stress-Strain-Volume Change Ralationahips

3.2.1 I[sotropically consolidatad aamples

Viqure 3 shous stresé-ntrnin~uolume—chanas.ralaticn
ship of 63 constant stress-path test. All the

0.6

0.9}
=~
>'\
}1.2—
<

1.5~

© Isotropic % N

18- o Anisotropic

2. | I | e

b3 0.6 1.0 2.0 40

Figure 2 Isotropic and anisotropic loading and
rabound curves

Op=3.16kg /cm?

U= 2.Mkg/cmé
)

(2]

},kg/cmz

-0
=~

k¢

G

-

i - e 6
_ .} u EV ,0/0

Figure 3 Stress-sirainwvolume change relation-
ahipa of standerd triaxial compresasjion
test 63 constant ).

tests indicate increase in vartical failure
strain with higrar consolidation pressures. Yolume
expansion is notad for all the tests near Falilura
state.

3.2.2 Anisotropically consolidated samples

Figure 1a shows the stress-paths used in 53 - 6
stress-apace. Tha Strass-paths are designated =11
ASPN, ASPg9.8, ASPS0, ASP180, ASP249.8 and ASP270,
the numbers indicating the angles with respsct to
horizontal in the counter clockwise direction. ASP
indicatas anisotropically consolidated samples.

In Figures 4 and 5 ere shown tha stress-strain
volume-changs relationships for ASP30 and ASP180
tests. Thess tests were carrisd out till Failure
was reached. In both the cases higher verticesl faje
lure strains are observed for higher pre-shear

stress layel ST + &3
(= =)

2

Yolume compression is ob%erved only im the initiel
rengs of loading in ASPID test and in the higher
loading range volume expansion is noted whareas in
ASP180 test volume expension is noted from the very
baginning of the test. Figures 6 and 7 show stress
strain~volume-change relatienships for ASPED.A and
A5P249.8 tests. These are loading and unloading
tasts along the K-line. The relationships  are
almust linsar. AS expected ASPSY.8 shows compres-

Pe
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Oc = 3.16 kg,/cm?
__.—-AF-E;--—£L9{h‘{}
12 -t 2
P = 2-91kg/cm k¢
q K
Po=3-94 kg/cm? p
mY il
pe=1-97 kg/cm?
!
&
6
_1 od €V ,0/0
Finure 4 Stress-strain-volume chan.ga ralationships iiqure § Strass-strain-voluma changm relation-
af ASPI0 and ISPYD tasts ships of ASP180G taats

0.0

~re & S{ress-strainevolume thange relaticnships Figure 7 Stress-strain~volume change relationships
of AS5PA0.8 tests of ASPZ240,8 tmats
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1

Stress-Strain-Volume change relationships
of ASPO tasts’

.

Figure 8

sion and AS5P249.8 indicates axpansion. Stross-
strain-yolume change relationships for ASPQ ara
shown in Figure 8. 1in these tests shear strass was
decreased up te zere value only {(dus to limitations
of standerd triaxial cell). In thes initial stages
of loading smell increase in vartical strains and
for sybseguent loading reduction in verticel strei-
na are observed. During all stages of loading tes-
ts show volumetric compressjon.

Figure 9 shows stress-strasin relationships For ASP
270. Negative verticsl strain is indicated all
through the test. For all the stress ranges negli-
gible voluma expansion is chserved (not shown in
Figura).

A camparative strass—strain-volumm change relation-
ships for all the strass-paths are presented in
Figure 10 at pg = 3.94 kg/em?. For ASPO, ASP270
and ASPZ49.8 tests, tha shear stress is deoreased
and for ASP180, ASPIO and ASPE9.8 the shear straess
is increased. Uherass for the stress-paths A5P0,
ASP270 end ASP249.8 vertical strains are nagatjve,
for the stress-pathe ASP{80, ASP270 the vaerticsl
streina ara poaitive.

Tho ASPO and ASP69.8 volume contraction  is noted
whereas for ASPO0 and ASH249.8 volume expanaion is
obaarved. For ASP30 volume contraction 13 nated
at initial loading range and volume axpansion  is
indicated at higher loading range. Negligible vol-
ume changes ig cbesrved for ASP270.

In Figure 4 are also shown the portions of stress-—
strain~volume change relationships of standard tri-
axisl compreesion tests inm additjon to those of
anisotropically consolidated samples. Though the
stress conditions before shearing (with @3 const-
ant) are sams for both cases the relatjonships ara
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markadly differant.
4 STRENGTH ENYFLOPE

Tha Mohr-Coulomb envelope obtained Trom the tast
results show slight curuature For hizh stress leve-
ls. The azngle of sheraring resistance at lower str-
ess range is 42% and it is 392 at higher stress
ranga.

5 FLASTIC STRESS-STRAIN PARAMTTERS

To atudy the affrci atresa-path on Lhe stoegs-
atrain-yvolume changa relationahipns tha Younq's mod-
uli, £ and Poissan's ratios, ¥, ware calculatad
using the stress—probe leval (n = 0.2) following
Lerwin and Burland{1970) as

Vo' +a7 vo7 (1)

7 7 7 .
acs = 0-2 &7, =\/A(_',‘:I + AG’E + AGZ-S 02)

1t

P

AS7 rnd 5153 valuess ware caloulated For this atress-

lpval and correspending values of strains A&ea and

DEry valumrs for mach stress-path warg obtaised

From the experimental resylts and theas Foand Q
valuns were obtained usinq thaary of alasticity
{Lambe and Whitmar, 1969) as Follows

(A G67 + 2A0 A0, ~ AT (3
o= 3
AQE(AE1—2AgQ+mﬁAQ

and \) = 463 AE1 Aé_g Aﬁ? (a)
a6g { 8€, - 28€5)+ 46T AE,

where,

AT and Aoy = changs in o2 and &3

61 and g, = corresponding change in vertical
and lateral strains.

The affect of consolidation pressure an valurs
was expreasad using Janbu’s (1963) relationships

&,
3 (=" {s)
1 a pB
whetrh,
Ik = modulus numbar

n = npxponent determining tata of variation of E

with c‘m
= atmospheric presiure axprassed in the same unit
8 as £ and m
oo 25"__,'
m 3

Eiw initial tangent modulus

YWithin the stress ranges consideted, it was obsar-—
ved that ¥, n vs o relationships were bilinear.

X and n relationsnhips for the two stress ranges are
prasentad in Table 1. It may be obscryed that the
X value which is also equal to F value at g~ =1 kg/
: . ™ )

cm® is very much a function of stress path. et
wean tha minimum and maximum value of K the ratio
is in the order af about 10. The Poisson's ratio
shows a wide variation for differant stress-paths
(not shown in the Table)}. Thus, the E and valuss
arm a function of stress level and stress-path. In
analysing field problems it is, therefore,necessary
to use appropriate modulus values.
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Tanle t

1.56-3.08 ka/em?® 3.08-4.62 ka/em?

Stresg- m
path K 3} K n
ASPO 681 0.987 1584 ~0,315
ASPRY .8 542 .64 1167 ~0.61
ASP3D Xz 1] B7.2 1.62
ASE1HU 84 .92 154.3 ~-0.21
ASP249.8 1156 .65 2677 -1,33
ASP270) 2023 1.G5 B437 1,21
600

500

400

o Oy =308-4-62kg/cm?
& Om= 156 -3-08 kg/emé

030 ' 80 270

“iguea 11 K -« 8 ralationship

A HSE OF TLASTIC PRARAMFTFHS

X and 0 oyg

stregs-pathz expressed quantitatively
as o

in gq ~cr3 atrass apace Aare shown in Figu=-

res 11 and 12. From thesa Figures, equations can
be develeoped batween K and n and & values.Values
aof X and n  can be convenliently obtained from
the Figures or eguations.

"For realistic analysis of Fleld proulesms with Fini-

te alement method at higher factors of safaty, the
modulus values evalyated by this procaedure may be
advantagaously used. To start with the analyses of
any fleld problem may be carried out using K and n
values of B gtress-path which i3 representative For
the field problem (for example, For the  footing

prablem Cf% constant stress path is the represen—

tative ona). The stress paths For mach  alament

may be avaluated in tarms of 0 Ffrom the Stresses



. very much a function of stress-path. Stress-

paths can be quantified and the relationships so
2.0p ' asteblished. This relationships may be used for
the realistic analyses of field problams using
finite slament method,
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The Heture of Anisclrapy In Soft Glays

L. D. WESLEY
Tonkin and Taylar, Consuiting Englneers, Auckland

1 INTRODUCTTON

This paper presents the results of a study of the
undrained strength anisotropy of a soft clay and
relates the results to measurements of such
anisotropy in other similar clays. The clay in-
volved is a soft sedimentary clay which occurs
along the north coast of the Thames estuary in the
county of Essex. The clay is believed to have been
depoaited over the last 10,000 years during the
gradual rise of the sea level from its low levels
during the last ice age. Properties of the clay
are as foliows:

Natural Water Content 51%
Plastic Limit 25
Liquid Limit 54
Clay Fraction 30
Sensitivity a

Undrained $hear Strength 15 kPa

(approximately)

The tests presented in this paper form a smalil
part of a much wider study described fully by
Wesley (1973). The tests were performed as part
of an investigstion of the properties of these
coastal clays carried out to assist in the design
of higher stopbanks being planned as part of the
London flood protection scheme.

The samples used in the study were taken from a
depth of just over 3 m in a wide test plt, using
larpe dlameter steel cylinders. These cylinders
wore 250 mm (10 in) in diameter and 300 mm (12 1a)
high. ‘he eylinders were pushed into the soll
using a dead weight pressing on a plate resting
on the upper rim of the cylinder. Uhen full the
cylinders were dug out by hand. Tt is believed
that the depree of disturbance using this pro-
cedure was considerably less than that which
result from normal sampling with a relatively
small diameter tube in a borehole.

2 MEASUREMENTS OF SOIL SKELETON STIFFNESS

As a starting point to this srudy of the
anisotropy of soft clays we will look at the
results of some measurements of soil skeleton
stiffness made in drained tests of various types.
The simplest such test is the conventional
oedometer test and it is easy to perform these
tests on both vertical (i.e. compression axis in
the vertical direction) and horizontal samples.
The resulte of such tests on the Mucking clay are
given in Fig.l (a). Tt is seen that in the
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initial stages of loading the scil is substantially
more compressible in the horizontal direction than
in the vertical direction. At higher stress levels
the curves bacome identical. Also shown in Tig.l
{b) are the strains measured in an isotropic (all
round) compression test., The initlal stress in
this test was the pore water tension in the sample.
The strain in the horizontal direction is initially
much greater than in the vertical directionm, but at
higher stress levels the strain: become the same
(and the curves become paraliel),

I [T
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- \\u\
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{ &) lIsotrepic consclidation

Skeleton Stiffness in the
Horizontal and Vertical
Directions

Tigure L

Te Fig.2 the initial portions of stress strain
curves From drained triaxial tests on vertical and
horizontal samples are shown. These curves also
show that the soil skeleton is less stiff im the
herizontal direction than in the vertical direction.
Tt is of interest to noke that the velume change is
almost identical regardless of the direction of
stress application,
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Figure 2 Drained Triaxial Tests on
Vertical and Horizontal
Samples

A careful analysis of the above test results suggest
that the soil skeleton stiffness in the horizontal
direction is about half that in the vertical
direction. It is not known how representative the
above results are of goft sedlmentary clays as data
from such clays is not available.

3 INFLUENCE OF SOII. SKELETON STIFFNESS ON
BEHAVIQUR IN UNDRAINED LOADING

The behaviour of the soll in undrained loadlng wilil
clearly be influenced by the differences in stilff-
ness of the soil skeleton., To gain some ldea of
vhat this influence is likely to be we can make use
of elastic theory and the assumptien that the soill
is transversely isotropic. The simplest means of
evaluating the influence which anisotropy may have
on undrained strength is by examining its influence
ot pore pressure respense to various types of load-

ing. If the assumption is made that the Mohr-Coulomb

failure envelope is isotropic then differing pore
pressure responses will lead to differences in un-
drained strength. We will therefore examine the
value of the pore pressure parameter A (& =Au/Ao)
~ Aoy ) for different loading conditions.

Using the same nomenclature as Bishop and Hight
(1977} for the elastic parameters we can obtain

the following values of A for the following loading
conditions:

Loading Condition A
E -
_ ) &/Ey aley
Triaxial Vertical E
"/Ey 4#” —Zﬂ“ +2
- . b= Hy — Ky
Tricxiol Horizontal E
*/Ey — by T 2uuy *2
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Ploin Strain K//Ey Hoxy 7 Myy? Hxx Hay

Vertical E. . = -
)'./Ey + i 2#“' 2#)()’ ox ™ fony® _}fo

Plain Str(:lini T Mxy T My Hax o My

Horizoatal

E - -
x/EY + 1 2/‘LX:J' Z#xy Mexx T Hexx? T Mgy ®

The term "triaxial vertical" refers to a triaxial
compression test on a sample prepared with its axis
in the vertical direction. See Fig.3

Tests carried out on the Mucking clay Eked to the
following values for the elastic parameters.

Ex = 0.5
Fy

Pry = 0,05 , MUxx = 0.15

and inserting these values in the above expressions
leads the following values of A.

Loading Condition Pore Pressure Parameter A

Triaxial Vertical 0.20
Triaxial Horizontal 0.40
Plane Strain Vertical 0.33
Plane Straln Hoxizontal 0.66

These values show that higher pore pressures are to
te expected from horizontal loading than from
vertical loading, and that plane strain loading
will result in higher pore pressures than triaxial
loading (as with the isotropic case). IF we assume
that the Mobr—-Coulomb fallure envelope for the
material is deff~ed by ¢' = o amnd @ = 30°%, and that
the initial state of stress i3 the same, then the
above A values imply a strength for horizontal
triaxial leading about 73% of that for wvertical
triaxial loading, and a gsimilar ratio for the two
plane strain loading comditions. The plane strain
strengths would be expected to be about BOZ of the
triaxial strengths respectively.

The above indictatlon is intended as a guide only
to expected behaviour. Tt ils widely recognised
that soils do not behave elastically although it
is perhaps not unreasonable to expect them to
approximate to elastic behaviour at small strains
beginning from in situ stress levels.

4 UNDRAINED TRIAXIAL AND PLANE STRAIN TESTS

We will now look at the results of undrained tests
to see whether these are in agreement with ex-
pectations from the above analysis., These tests
include triaxial and plane strain tests on samples
prepared at varying inclinations. The full range
of test types is indicated in Fip.3. Samples
trimmed with their axis vertical, horizontal, and
inciined at 45°% were tested in both triaxial and
plane strain compression. In addition a fourth
type of plane strain sample was tested; this was
a sample trimmed so that the plane strain axis was
the vertical axis in situ.

It should be noted that in the plane straln tests
the planes con which failure can oecur are much
more vestricted than in the triaxial tests. For
example, in a triaxial test on a horizontal sample
fatlure could occur on planas vertical In sltu, or
on planes which in situ dip at approximately 30°,
or on any intermediate planes. TIn plane strain
tests, however, fallure could only occur om plapes
dipping at approximately 30°; failure om planes
vertical in situ, is not possible. This point is
of some Importance when attempts are made to relate



compressive strengths to strengths on particular
planes. Each test was carried out several times
and the results presented are averaged from the
several results. The tests were carried out in a
triaxial apparatus or plane strain apparatus andé
a cell pressure equal to the overburden pressure
applied in each case.

45*  Sample

Herizontal sample -

PLANE STRAIN TESTS
“End On"Sample

|

Vertical | ! /
i TRIAKIAL
H TESTS
iL/ Horlzontal

0

Figure 3 Types of Undrained Tests

The results of these tests are shown in Figs.4
and 5 in the form of stress strain curves. The
most significant features of the results are the
following:

{a) These is a steady decrease Iin strength
as the angle of inclination changes from
vertical to horizontal

(b} The curves from the vertical samples
show a much sharper peak than those from
the horizontal samples

(e} The initial slope of the curves is
reasonably similar in all tests

Similar triaxial and plane strain tests were
carried out on a range of samples taken [rom
different depths,with similar results to those in
Figs 4 and 5, except tor the strength difference
between triaxial and plane strain tests. The data
in Figs. 4 and 5 suggests that the strength in
plane straln tests was significantly lower than in
triaxial tests. However, taken as a whole, the
test series indicated that the strength in plane
strain was only marginally lower than im triaxial
comprassion.

In Fig.6 the data is summarised in the form of a
pelar diagram. The ratio of the strength in
horizontal compression to that in vertical
compression varied between 0.64 and 0.78.
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Figure 5 Undrained Plane Strain Tests

These undrained test vesults are similar to those
obtained by Lo (1955) from tests on a similar clay.
They are also in agreement with the predictions
made earlier in this paper from conmideratlions of
the anisotropy of the soil skeleton stiffness. OF
particular significance are the results from the
plane strain tests on horizontal samples and "end
on" samples. Despite the fact that failure is
forced to take place on entirely different planes
in these two tests, the strength obtained is the
same, These suggest strongly that the strength is
not related to the orientatiem of the failure
planes, but to the direction of the stress
application since the direction of stress
application in these two tests is the same.
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5 CONSOLIDATED UNDRAIRED TESTS

In the above sections 1t has been suggested that
the anisotropy in undrained strength results from
differing pore pressure responses during loading,
rather than from anisotropy in the Mohr-Coulomb
failure envelope {i.e. in the c¢' and ¢§' values).
To check the actual pore pressure response during
loading, and the nature of the Mehr-Coulomb
envelope, several series of different types of
test have been carried cut. These have included
the following:

(a) Triaxial compresslon tests on vertical
and horixontal samples

(b) Trilaxial extension tests on vertlcal
and horizontal samples

(c) Triaxial compression and extensien
tests on sampies prepared at
intermediate inclinations to the
vertical

{d) 7Plane strain compression tests on
vertical and horizontal samples

Before testing, all samples were consolldated te
the mean in situ stress level. This was
necessary as sensible comparisons of pore pressure
response could only be made if the initial stress
states were the same. Full details of these tests
are given by Wesley (1973) and only the results

of direct relevance to the present paper are pre-
sented herve.

In Fig.7 a1l of the fallure values are plotted on
a conventliopal plot of g3 -0z Versus 6;-+0§
2 2

The values plotted in each case are the averages
from four identical tests. It is seen that all the
values lie cleose to a single line and demonstrate
clearly that anilsotropy in the values of ¢’ and §
is negligible. It was expected intuitively that
the ¢' and @ values may have been greater on the
horizontal plane, since thls was the plane of
maximum effective stress in situ, and also the
plane of bedding, but the tests on inclined samples
showed no evidence of this.
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Differing Test Types

It is of interest to make a specific comparison
of behaviour in undrained tests that predicted
from drained tests using elastic theory. 1In Fig.8
the predicted stress pathe and the actual ex-

perimental stress paths are shown for four different

test types. These test types weve:

Triaxial compression and extension on vertical
samples

Triaxial compression and extension on
horizontal samples
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Figure 8 Undrained Stress Paths in Trlaxial Tests



It is seen that the stress pat's are in agreumec
with the peneral trend predicted by elastic theory,
but are displaced to the left of the theoretical
paths. This means that the actual pore pressures
are higher than the theoretical values.

& OTHER MEASUREMENTS OF UNDRAINED STRENGTH
ANISOTROPY

An examination will now be made of measurements of
anisotropy reperted in the literature and the in-
terpretations which have been placed on such
measurements. The simplest, and most common method
of measuring undrained strength anisotropy is by
carrying out undrained compression tests on
cylindrical samples cut at varying inclinations to
the vertical. A comprehensive set of such tests
was dome by Lo (1965) and the results were very
similar to those presented in Fips.& and 6. #s
Bishop (1966) has pointed out there is considerable
ambiguity associated with this type of test when
attempts are made to relate particular values of
undrained strength to particular planes.

Test
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Figure 9 Evidence of Semi~Confined Tests

To overcome this ambiguity, De Lory and Lai (1971}
carried out tests on block specimens which they
calied semi-confined as they used an arrangement
(see Fig.9) which restricted failure to cne
particular plane. Samples were tested at values
of i varying from O to 1807, and the results are
shown in Fig.%.When plotted as strength versus

the angle i the results show an identical trend to
Lo's tests and the tests presented in this paper,
i.e. maximum strength when the axis is vertical
and minimum strength when the axis is horizontal,
However the results can also be plotted against B,
the angle of the fallure plane to the vertical,
znd with this plot two curves are obtained as seen
in Fig.9. The upper curve (case a) applies when
shear is cccurring in the same direction as the
existing shear stress in the ground, and the other
{case b) when the direction of shear is reversed.
Dr.Lory and Lai believe their results support a
hypothesis tut forward by Bjerrum (1972,1973)
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tico zne 303l strecture has a greater resistance
to shrar in one direction than the other. However
it is not at all established that unique values
of undrained strength {dependent only on the
direction of shear) can be asscciated with
particular planes. A simpler explanation of De
Lory and Lai's results is that sugpested in this
paper, namely that the values of ¢' and @'

not influenced by orientaticn, but that the pore
pressure is, the response increasing as i in-
creases from 0" to 90°

A further methed which has been used to measure
undrained strength anisotropy is by carrying.out
field vane tests using vanes of varying height to
diameter ratios. Tests by Aas (1965 and 1967)
showed the strength on the horizontal plane to be
generally greater than the vertical plane and Aas
supgests. that. this- results from the differing in
situ effective stresses acting on the planes. The
results of these vane tests do not appear com-
patible with the results of compression tests at
varying inclinatioms. If in a normally con-
solidated clay the minimum strength is found on
vertical planes, thenm it follows that in tests om
cylindrical specimens, the specimen cut with the
axis inclined at 30°% to the vertical should have
the lowest strength as failure would occur on a
plane originally vertical in the ground.

Finally, mention should be made of work done by
Bjerrum and co-workers at the N.G.I., who have
propesed undrained triaxial compression and ex-
tension tests as a method of measuring undrained
strength anisotropy. Bjerrum and Kenney (1967)
present results of compression and extension
rests which show a large difference in strength,
and put forward their hypothesis to explain ‘this
difference. Thelr hypothesis is that the soil
skeletcn has developed a greater resistance te
shear when the shear stress acts in the same
direction as it does in situ than when it acts in
the reverse direction {which is the case In an
extenslon test). DBlerrum (1973) and Berre and
Bjerrum (1973) further develop this hypothesis
and use the ratio of extension to compression
strength as a measure of the anisotropy.

Both the hypothesis and the use of extension and
compression tests as a messure of anisotropy are
open to serlous criticism. There 18 no clear ex—
planation of what is meant by the hypothesis; in
particular whether the 'greater resistance to
shear" in one direction than the other Is because
of higher c¢' and $ ' values, or because of lower
pore pressures due to some sort of increased re-
sistance to the development of pore pressures in
one direction.

¥
The use of undrained trlaxial extension and com—
pression tests as a means of measuring anisotropy
does not appear valid, as theory predicts and
experiment shows that undrained extenslon tests
will give lower strengths than undrained com-
pression tests even with an isotrople seil. Fig.
10 shows the results of undrained extension and
compresslon tests on isotropic sand and clay
samples. It 1s seen that the extension tests
give a substantially lower strength than com-—
pression tests, the difference being greater with
sands than with clays.

This review of other measurements of undrained
strength anisotropy has been very brief but
sufficient to indicate that such measurements are
compatible with the explanation for anisotropy
put forward in this paper. The explanation

of fered in this paper appears to provide a better



basis of understanding undrained strength behaviour
than do the various hypothesies put forward by the
authors.
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7 CONCLUSION

An explanatlon has been put forward to account for
the undrained strength amisotropy of soft clays.
The key to this explanation is the difference in
the stiffness of the soll skélton in the vertical
and horizontal directions. That such a difference
should exist is not surprising since the effective
stress to which the skeleton is subjected in situ
is about half in the horizontal direction what it
is in the vertical direction.

It follows from the above explanation that it is
not posgible to assoclate unigue values of un-
dralined strength with planes at particular
orlentations. In taking account of undrained
strength anisotropy in stability estimates it is
the directions of the principal stresses which
should be investigated rather than the angle of
the failure plane. Lo {1965) in taking account of
anisotropy starts from the position of the slip
surface and assumes that the principal stresses
are ineclined to ft at a2 fixed angle, A more
logical procedure would be to determine the
principal stress directions (by such a2 method as
finite element analysis) and then to assign
strength values to each point throughout the soil
mass making use of the laboratory test data. This
procedure would lead to some differences with Lo's
aggumptions.,
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The purpose of this paper has been to make a
contribution to the understanding of undrained
strength anisotropy rather than to analyse its
effect in practice. It should be mentioned how-
ever that the effect in practical situations is
not great. For slip circle stability analysis,
a very close approximation to the true effect of
anisctropy will be obtained simply by using the
average of vertical and horizontal strengths in
a conventlonal analynia.
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An Impact Soll Test as Alternative to California Bearing Ratie
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SUTMARY

of the two methods in both

A case is presented for the use of an Impact Soil Test as an alternative to CBR.

A comparison

terms of concept and procedure is made and a correlation based both on gener-

&l observations and on a series of laboratory tests is indicated.

1 INTRODUCTICN

In the field of pavement technology, particularly
fiexible pavements, California Bearing Ratio or CBR
has become one of the most widely used and recognis-
ed soil strength parameters. Its use extends from
a general classification "index property" to the
basis of sophisticated design procedures. Although
it has little basis as a2 theoretical or rational
test its world wide acceptance speaks for itself.
At the time of its introduction in the 1820's there
was clearly the need for a practical test to meet
the rapidiy growing demand for pavement design.
From time to time numerous alternatives, such as
penetrometers, have been introduced but these have
net had the same facility for application in both
laboratory and field. Recently the author intro-
duced the concept of an Impact Test based on the
standard or "Proctor" compaction test., This device
is being considered as an appropriate alternative
to CBR. It appears to be comparable with the CBR
concept in that it is also a simple meaningful test
applicable to both laboratory and field situations
over a wide range of soils and conditions.

It is the intention of this paper to examine the
concept of CBR and to make a comparison between the
CBR and Tmpact Test and to illustrate how by making
the UBR value so much simpler to obtain, the CBR
concept can be extended and given even wider appli-
cation.

2 THE CBR CONCEPT

To uanderstand the CBR nhilosophy one needs to consi-
der the "statc of the art'" at its time of inception.
This may be judged to some extent from the papers
presented to the symposium on "Development of CBR
flexible pavement design method of Airfields'". In
his paper at this symposium Porter {194%a) describes
the background te the original elementary pavement
design curves. The use of a model scale bearing
test appears leogical. So zlso does the original use
of static compaction since laboratories at the time
would have been oriented towards concrete testing,
and compression testing machines would have been
available., TFrom its inception the CBR seems to have
crept into most road and airfield pavement studies,
For cxamplc hoth the Stockton, Porter (19490) and
Barhsdole (Uamsen $949) test tracks nsed CBR as the
basic soil strength parameter, and it was also
inciuded in the well known WASHO {1954) and AASHO
(1962) pavement performance studies. With the entry
of USA into World War II and the need for rapid
expansion of airfields throughout the world the CBR
became the basis of design of emergency air-
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fields.{ War Department 1942). With the kind of
expediency that probably only wars can bring,design
curves were extrapolated from truck loads to bombers
by the application of simple elastic theory.
(Middlebrooks and Bertram 1940).

As stated by Porter (1949} “Te predict the probabic
behaviour of materials underlying the pavement, it
was desired to have a simple quick test that would
evaluate the quality of subgrade, sub-base, and
base course material". With CBR appearing to meet
these basic requirements it is net surprising that
it found its way into general application as, for
example, in classification charts such as Casa-
grande's along with the mow well known and recognis-
ed Group Symbois. {See Table I}

TABLE T
EXTRACT FROM UNIFIED SOIL CLASSIFICATION SYSTEM

Group Symbol CBR (field)

oW 60-80
Gp 25-60
Gt 40-80
GG 20-40
SN 240
up 16-25
5M 20-40
SC 10-20
ML 5-15
CL 5-15
oL 4-8
Ml 4-8
Clt 3-5
ol 3-5

The obvious correlation between CBR and general

soil index properties led in due course to proced-
ures for estimating CBR's based on multiple regress-
ion equations. These have proven popular in Aus-
tralia and may be similar to the equations given in
Table II.

The advantage of inferring CBR from index properties
appears to be the avoidance of problems associated
with performing the CBR test as will be discussed
in a kater section of this peper. 1t should be
noted that density and moisture content arc not
inciuded and the need for good compaction and
appropriate meisture content is therefore assumed.
In many respects the CBR is to the pavement cngineer
what the Standard Penetration Test or SPT test is
to the foundation engineer. Whatever alternative
one might suggest it must of nccessity show at



TABLE

II

EMPIRICAL EXPRESSIONS USED TO RELATE THE SOAKED/STANDARD

C. B. R. VALUE WITH THE SOIL CLASSIFICATION PARAMETERS:
10g10Cs = 1,667 - 0.005056 P0‘425 + 0.,001855 PO.O?S - L{0.01676 + 0.0003848 P0_075)
- P P .3
log;oCq = 1.886 - 0.003717 P, oo - 0.004495 Py 4oy §9¢935(s.153 - 0.4562 594935)10 - 0,01429 1
0.425 0.425
where C5 is the C.B.R. value at the Soaked condition of moisture content and density.
P2 2% is the percentage by weight of particle passing the 2.36 mm sieve

Po 425 is the pezrcentage by weight of particles passing the 0.425 mm sieve

PO 075 is the percentage by weight of particles passing the 0,075 mm sieve.
L ig the percentage Linear Shrinkage
1 is the Plasticity Index

The two values of Cs are combined in the following mammer:

min " max

r=
c ss (3 Cs Cs } 0.25

vwhere c.ss is the calculated estimate of the subgrade C.B.R. at the Soaked/Standard conditiom.

le

nax

C5 is the greater of the two values calculated by Equations 2.03 and 2.04.

s "is the less of the two values calculated by Equations 2.03 and 2,04

(N.ALA.S.R.A. 1977)

least some relationship to the "basic yard stick'.
By this means access is made to the great wealth
of empirical data relating to design, construction
and performance. Thus, for example, although the
California Department of Public Works, Division of
Highways changed to Hveem's stabilometer-cohesio-
meter method (Hveem and Carmany 1948) cne suspects
that this "new rational method" had as its basis,
at least initially, earlier performance data based
on CBR. As another example, Scala (1960) in prepos-
ing the use of a penetrometer for strength evaluat-
ion reported correlations with CBR for the lower
end of the strength scale,

Although the CBR concept was based on comparing the
material under consideration with a standard crush-
ed rock giving 100% its use has not been confined
to materials under 100%. In the case of stabilised
materials values of several hundred percent are
obtained. (Ingles and Metcalf, 1972 ) and it has

been uscd to cvaluate such materials., It has also
been used to estimate a Young's Modulus for theorct-
ical analysis and the modulus of subgrade reaction
for application to rigid pavement design.

Thus the CBR has become the common basis for
"talking" and evaluating pavement material strengths
and may be considered as having fully justified

the aspirations of those who introduced the concept.

3 IMPACT TEST CONCEPT

The concept of a simple impact test based on the
common dynamic laboratory compaction tests was
presented by the author at the 8th ARRB Lonference
(Clegg 1976)}. An cobservant operator performing
drop hammer type of compaction test knows that as
compaction proceeds the nature of the impact
changes, varying from a dull thud with some mater-
ials at certain conditions to a solid bounce ac
others. The Impact Soil Test system erables the
strength changes indicated by these differing
responses to be quantified.

1-226

The basic principle of this particulap impact test
is that the peal deceleration of the compaction
hemmer when it is brought to rest is directly
related to the resistance offered at contact result-
ing from the stiffness and shearing resistance of
the material. This resistance may be seen as deriv-
ing largely from particle interraction leading
either towards densification or resulting in shear
deformation. Using appropriate assumptions as to
the shape of the time vs acceleration curve,
Millar (1977) carried out the appropriate integrat-
ions to obtain depth of penetration, Since from the
deceleration and mass the peak force can also be
obtained the peak deceleration is a very convenient
parameter to use. The main difficulty from the
electronics point of view relates to the "hash" that
is produced at impact requiring carefully designed
filtering.

The concept of dynamic testing of pavement materials
using a falling weight has of coursc beon developed
in numerous other contoxts such as, for example, the
experiments of Asai {(1960), Forssblad (1965}, Orrje and
Broms (1970) and others. All of these support the
soundness of the concept of using in some way the
deceleration to indicate the soil properties. By
introducing this to the comnon laboratory compaction
procedure and in such a way as to make it possible
to use the CBR test mould (as will be discussed
later) a system that meets all the basic require-
ments of a simple quick test to cover the full range
of materials as set down by Porter (194%) and prev-
iously quoted, is evolved,

4 THE CBR TEST PROCEDURE

The CBR laboratory test has changed little since its
inception in 1929. The mould size 150 mm (6"
diameter, 125 mm high specimen, 1935 mn? (3 sq.ins)
plunger, 1 mm (.05 ins)/min. rate of penetration
have become standard. However, there have been some
variations in sample preparation such as:



- the original static compaction has been
generally repliaced by dynamic compaction e.g.
"modified AASHO" or similar

- The soaking procedure is not always carried
out .

- the surcharge weights are not always used

- top and or bottom of the specimen may be
tested.

- a corrextion is commenly made to allow for
initially excessive penetration.

With regard to the first variation listed above this
was zpparently introduced because of the need for
"fieid compaction'” which really meant that acompress-
ion test machine of adequate capacity was not avail-
able to produce the required 14 MN/m? . Although
impact compaction is now commonly employed it should
be noted that the British Standard Test procedures
permit static compaction, and in view of the poss-
ible difference in CBR due to the method of compac-
tion it would seem desirable to keep this in mind
when quoting a CBR value.

In the case of soaking, this was introduced to
produce "realistic" ficld conditions. This in
effect means worst conditions, namely the wettest.
In the case of drier climates it is now common tc
test at expected field conditions.

The surcharge weights were added to provide confine-
ment around the piston area. The amount of sur-
charge is related to the expected pavement thick-
ness. It appareatly makes a significant difference
in the case of cohesionless soils, particularly
clean rounded sands,

The difference between top and hottom CBR's can be
quite considerable.  Both the Anstralian Standard
(AS |280.F1.1-1977) and the British Standurd

(BS 1377: 1975) permit testing at both cnds if
desired and the result for cach case should be
noted.

With respect to the corrections to the force pene-
tration turves and the derivation of the CBR value
From the data it appears that differences in inter-
pretation cun be important. While the value at

2.5 mm (0.1 ins) penetration appears to be the
commen choice when 5 mm penetration gives a
higher CBR the British Standard requires this to be
reported while the Australian Standard requires the
test to be repeated.

From the foregoing it may be seen that when a {BR
value is quoted it needs to be recognised that
there are variations in test conditions that may
need to be considered. In the application of the
CBR value to design these test variations may be
insignificant and are commonly ignored. However,
they de not appear to have lessened the CBR's wide
general acceptance, either as a "precise" design
parameter or as a general notional parameter.

5  THE IMPACT TEST PROCEDURE

The Impact Test being considered in this paper con-
sists essentially of a laborateory compaction hammer,
a guide tube and a meter. It is operationd as
follows :- Loose material is removed from the sur-
face to be tested, the instrument is placed in posi-
tion and held down by the operator's foot, the
hammer is raised in one hand with the meter in the
other, the meter is cleared, hammer dropped and
impact reading obtained, the meter is cleared again
and the blow repeated the desired number of times.
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The test may be performed in a CBR mould or in the
field. Variations that have been used in addition
to those that might be considered with respect to
sample preparation as previously discussed in rela-
tion to the CBR test are :-

- changing the mass of the hammer

- changing the height of drop

- the number of blows

- use of surcharge

- direct measurement of residual penetration
- shape of the hammer end :

- method of field calibration

The first variation of changing the mass has been
found to be a convenient way of changing scale. The
use of a lighter, say 0.5 kg hammer increases:the
deceleration and may thereforc be used with softer
materials. Similarly the light compaction hammer

2.5 kg may be used, Dowever, it is considercd doubt-
ful whether this is really wwrranted or provides any
sipnificant advantage since the instrument nppcnrs
to be still capable of valid readings at  very low
strengths such as CBR's less than § even with the
4.5 kg hammer. The heavy hammer has the advantage
that it may he used for materials up to soveral
hundred percent CBR.  lpcreasing the mass to say 0
kg requires a diameter of about 154 mm to produce
the same order of decelerations but has been tried
as a means of testing to a greater depth and for
possible correlation with Benkelman Beam deflections.

With regard to the second point the impact value
tends to increase with height of drop. Quite early
in the development of the device the height of drop
was lept to that used for the compaction test,450 mm
for the 4.5 kg hammer. Experience suggests that
this height of drop is preferabie since it leads to
a more rapid flattening of the surface with success-
ive blows. :

The Faet that the Impack Value increases with
suceessive hlows appeiars to be inconvenient hut in
some respects it is egsential to the technique,
Should the surface be so strong that there is virtu-
ally clastic rcbound from the first blow it is more
difficult to observe stiffness differences. The
desirable mechanism appears to be that a wad of com-
pacted materinl is projected into the body of the
material.  The recommended practice is to wse the
4th blow reading. The first onc or two blows flatt-
en and compact. Too many blows pulverise and loosen
the immediate surface or may continue to densify the
material. Barly in the use of the device rubber
pads were used on the ground surface but iater aban-
doned as an unnecessary encumberance and a modest
number of successive blows are used instead,

The direct measurement of the residual pengtration
was at one stage considered as possibly providing
useful information. While there does seem to be
some correlation between Impact Value and the depth
of the indentation it is awkward to measure,and also
it may be influenced by heaving around the perimeter.

Experiments with a hemispherical end were an early
innovation, Rounding in this way may reduce
unwanted frequencies and perhaps more desirable
characteristics from the measurement point of view.
However its use was not pursued in favour of
developing the cone or dome within the material
itself. Simplicity of constructien also favoured
the sgquare end.

Surcharge weights have been uscd around the test
arca similar to those used with the CBR test and for

gssentially the same reason. The guide tube is in
fact recessed so that there is no Surcharge immedin-

tely around the hammer. It is made of piastin



weighing only 1.02 kg and the operator's foot holds
it in place rather than applying any great amount'of
pressure that might be considered surcharge. For the
sake of simplicity, surcharge weights have not been
uscd for general application.

The need for field calibration of the instrument as
distinct from its laboratory electronic calibration
led to the design of a plastic calibrating ring.
This ring is placed on a solid surface such as a
concrete floor and the hammer dropped as in a normal
test. The impact Value sc obtained is recorded and
may then ke checked from time to time.

From the foregeing it can be scen that when the
Impact Value is quoted it would be well to qualify
this by commenting on the mass, height of drop, blow
number, surcharge, hammer shape when these are diff-
erent from the standard 4.5 kg, 450 mm drop, 4th
blow, square ended hammer.

6 CORRELATION : CBR vs IMPACT VALUE

The initial research on the Impact Test concentrated
on observations in relation to different materials
at varying densities and moisture contents (Clegg
1976}, pavement performance observations and for
compaction control (Clegpg 1977). However, evidence
began to accumulate that a correlation with CBR
would be obtained. For instance the performance
studies showed that an Impact value of 50 correspon-
ded to "satisfactory" while 30 represented “doubt-
ful”. These values could be seen in relation to a
minimum CBR of 80 for light traffic and general con-
sensus that 50 CBR was the lowest acceptable, The
laboratory studies suggested that for a well graded
crushed rock at optimum moisture which could be seen
as having a CBR of around 100 the Impact Value would
be about 40.

To obtain a direct comparison, Millar (1978) perfor-
med a series of Impact Tests on samples that had
been previocusly tested for CBR and Texas Class num-
bers. The results were sufficiently encouraging to
warrant the author carrying out a series of labora-
tory tests covering a2 range of material and test
conditions to give CBR's from 2 to 200. No socaking,
no surcharge conditions were adopted. The data from
these tests are plotted on Figure 1.
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Fig.2. Total thickness of base and surfacing in

relation to C.B.R. and Impact Values
[ Based on Porter, (1949)]
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Subsequently Hill (1878) also carried out such tests
quite independent of the author and obtained what
might be seen as identical results. Millar(i978) also
carricd out a theoretical analysis producing the
relationship indicated on this figure. [t should be
noted that this relationship is for unseuked, no
surcharge and laboratory tests. At the time of
writing only limited studies had been made to see
whether this relationship also holds for these vari-
ations in test conditions but it looks possible.

Thus it appears from these observations that the

original impression of a correlation is certainly
substantiated and that the relatienship is of the
form CBR = .07 (IV)2.

7  COMPARISON

The correlation presented in the previous section
needs to be seen in relation to the overall compari-
son between the two methods with respect te concept
and test convenience. The following sunmarises their
similarities :

~ approximately the same area and volume of soil
tested,

- applicable to both laboratory and field.

- cover the full range of materials encountered.

- produce "force-penetration' parameters.

- respond to the same variations in sample
preparation and test conditions.

Their major differcnces may be seen as follows

- static vs dynamic loading

- single load application vs
application.

-~ method of correction for surface irregularities.

- portability of the apparatus.

- degree of skill required to perform the test.

~ time and cost of performing the test.

repeated load
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Millar ®

100p

i
(=)
]

J scale,
N
an

CBR.,
- R D

C.B.R, = O7(LV.J?
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1020 30 40 50
IMPACT VALUE,

Fig.l, Laboratory correlation between C.B.R. and
Impact Value, (No surcharge, no soaking).



Thus the Impact Soil Test as developed is similar specific strength condition is to be obtained. It

in many important respects to the CBR and it may be seems logical therefore to monitor the strength
seen as a reasonable alternative compatible with during a specified compaction process requiring a
the overall concept. However its unigue aspect of certain strength at optimum moisture content and a
dynamic action and direct read out of the test final acceptance strength after "drying back" with
result in a2 fundamental unit {gravities x 10} or without more compaction.

suggest that Impact value may be more appropriate
than CBR. It has been suggested that a scale of
CBR should be added to the Impact Meter and while
this may have some logic it implies that an accept-
able correlation has been established but this may
in fact need to be modified from time to time.

The Impact value may also be considered in relation
to the two main areas of application of CBR viz
pavement thickness and base course strength. There
are many variations of the pavement thickness charts
based on CBR. It is of interest tc take the origi-
nal curves of California Highways presented by
Porter (1949) and by converting on the basis of the
previously presented correlation, an approximately
linear relationship is obtained. (See Fig.2) If
extrapolation is permitted an Impact Value of around
40 seems appropriate for zero thickness of asphalt
concrete and this is in accord with the values
obtained from field observations of performance.
(Clegg 1976). It should be noted however, that this
correlation is for unsoaked and no surcharge condi-
tions and its acceptance for other conditions of
test has still to be confirmed.

With respect to base course strength, as mentioned
previously, CBR is frequently specified to define
strength and stability of these materials. A value
of 80 is often set with a minimm of 50 being con-
sidered the lower limit. With stabilised materials
values of several hundred may be required. The . L L

corresponding Impact Values would be in the order Fig.3. (a) Field C.B.R. being carried out, 1954.
of 34 and 27 respectively with 200 CBR correspond- ' '
ing to an Impact Value of around 50. It has been
found that Impact Values of 70 or more are common
on traffic compacted materials that have some dry
cohesion or are stabilised.

One of the desirable features of the CBR concept is
with respect to its application to field in-situ
testing., The Impact Test makes this more feasible
in that it is portable and takes less than a minute
to perform. {See Figures3{a} and 3(b). Many more
tests can thus be carried out and more adequate data
can be obtained readily for future comparison with
performance and strength re-evaluation may be per-
formed from time to time at minimum cost.

Both the CBR and the Impact Test have been consider-
ed as possible compaction control devices. Truesdale
and Sellig(1967) ,report a field test to evaluate
various procedures for rapid compaction control pur-
poses. The CBR was included for comparative purpos-
es only, presumably due to the degree of difficulty
involved in carrying out the test. It was also
noted that the use of any in-situ strength was com-
plicated by the influence of moisture content when
density in some form is the desired contrel param-
eter. This question of using strength measurement
for compaction control needs further consideration.
If minimur in-situ strength, say in terms of CBR,

is specified and is the prime objective it seems
logical to monitor this parameter during and subse-
gquent te construction. Shackel (1976) further
developed this concept of "strength objective"
rather than "density objective” and concluded that
control based merely on the latter does not repres-
ent good practice. While the required moisture
content for compaction in relation to the approp-
riate optimum moisture content is generally speci-
fied the final moisture requirement is not usually
specified but in fact needs to be considered if a Fig. 3{b)Impact Test, 1979
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8  CONCLUSIONS

From the foregoing it may be seen that the Impact
So0il Test as described herein is similar to the CBR
both conceptually and in terms of general test pro-
cedure.

While the CBR has gained wide acceptance as labora-
tory test its application as in in-situ strength
test has been limited. The portability and simpli-
city of operation of the Impact Test gives the
possibility of extending the concept in a meaningful
way, particularly to the area of compaction centrol.

The sensitivity of the CBR test to higher strengths
is overcome by the Impact Test without any apparent
detrimental loss in sensitivity at the lower end of
the scale. One of the consequences of this is to
linearise the strength pavement thickness relation-
shop. Another is to make it possible to observe
the effect of such factors as traffic compaction
and stubilisation,

As a simple low cost test procedure the Impact test
as described herein has considerable advantages

and, while different to CBR in certain important
aspects,such as that it is ‘'dynamic" rather than
“statie", an excellent correlation has been obtain-
ed and it should therefore provide a viable alterna-
tive. . '
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Alternative Compaction Specifications for Hon-uniform

il
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G. A. PICKENS
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SUMMARY
materials are not wwiform, arve described.

Mhe diffieulties Lhal arise in enforeing standard eompaction speciffcations wheve the fill
4 case is made for alternative specifications that permit
ruuch more straightforward and reliable control testing in non-uniform soils.

The aléernative air

voids - strengths approach is deseribed for soils ranging in type from elays to sands.

1 INTRODUCTION

We excavate, prepare and compact 2 wide range of
natural materials to alter the landscape in civil
engineering works. In most cases we handle fine
grained soils, natural gravels or processed
aggregates. The compaction specifications for
these materials are extensively expressed in
standard terms related to one laboratory compaction
test method, despite the wide variety of materials
handied and the varving service conditions of the
compatcted TLTL A teadition of standarvd spoe(§-
featien use has been built up that discourages
many of us Trom seeking alternative compaction
specifications that may be more apprepriate in
certain circumstances.

Situations are often encountered where the material
covered by the compaction specification does net
have uniform compaction characteristics, or in
effect comprises a range of different materials.
Large difficulties can arise in interpretation of
contreol test results and in these circumstances

the standard specification approach is inadequate.
Effort has been put into developing field testing
techniques that attempt to ease the problem of in-
terpretation but surprisingly lictie effort has
been put into developing alternative specifications
that allow accurate or more practical interpretat-
ion of field control tests.

The desire to set rational and readily enfoerceabie
vompact fon specifications has led te experience in
New Zealand in the use of alternative compaction
specifications, principally covering clays, silts
and sands. This experience is genervally known but
many engineers still persist with standard type
specifications in circumstances where they are
better avoided. It seems appropriate to describe
some of the alternative specification methods that
can be used successfully and remaind all eagineers
that we do mot fulfill our preoper technical tole
if we become hidebound to outdated traditions.

2 STANDARD SPECIFICATIONS AND REFERENCE TESTS

Most compaction specifications follow much the same
pattern and relate teo a standard laboratory com-
paction test method which is usually the Proctor
test oy a modified versien of it. The criteria
Laid down may vary {rom case te case but the terms
used are usunally consistent and specifications of
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this form may be termed standard specifications.
They require the fill material ‘o be compacted so
that its dry density exceeds a certain percentape
of the maximum dry density obtained in the standard
test, and the Fill water content teo be confined
within limits referenced to the standard test
optimum water coentent.

What Is the justification fer these particalar
standards?  We nearly always seek high strength and
Tow campressibl iy, und to alm for a dense state
of packing of the scil particles referenced to the
maximum dry density, will helip achieve these
objectives. We know Erom experience that if the
fill is tooc dry it will be difficult to compact to
the specified dry density, and if it is too wet,
the desived strength may be too low even if the
specified dry density is achieved; hence we also
impose compaction water content limits.

Ve know that the standard laboratory test, invelv-
ing a particular compactive effort and procedure,
does not uniquely describe the compaction perfor-
mance of a soil: a particular piece of field equip-
ment operated in a certain way will have its own
water content/dry density relatiomship, possibly
significantly different from the standard test re-
sults. Although there are logical reasons for sett-
ing specification eriteria in the terms that are
used, it is basically empirical evidence that
supparts expression of compaction standards In
terms ol the standard test lor a wide rangoe of
materials. 1f standard specifications have been
developed in this way, the door must be wide open
for alternative and improved approaches,

3 ENFORCEMENT OF STANDARD SPECTFTCATIONS
IN PRACTICE

To establish whether fill cowmplies with a standard
type specification, it is necessary to establish
the as—compacted dry density and water content and
be able to compare these vesults with the maximum
dry density and optimum water content for the
particular soil being tested. Testing for field
density and water content is a relatively straight-
forward matter for a wide range of material types,
using several techniques: compacted aggregates are
not physically easy to test other than by nucicar
rest methods. However, the field measurcments nre
of little practical use unless they can be riendily



related to a previously determined dry demsity/
water content relationship.

Some sites or portioms of sites do have essentially
uniform f£fill material with consistent maximum dry
dengity and optimum water content as measured in
the standard test, and use of standard specificat-
ions is acceptable. However, at least in New-
Zealand, these circumstances are the exception
rather than the rule and even very small sites can
contain highly varied soils, such that a scraper
may uplift and deposit in one pass a mixture of
materials with no characterising standard compact-
ion properties. TFig 1 illustrates the order of
variation that can be met,

A further complication arising with some soils
(especially those of voleanle origin containing
allophane), is that their compaction properties
vary depending on the history of wetting and dry-
ing and any manipulation prior to final compaction.
For these soils there is less relevance between the
field results and the laboratory results unless the
laboratory test models thd field sequence of water
content adjustment and soll manipulation. This
difficulty does not preclude the use of, or pre-
judice the contractural valldity of standard
specifications based on a standard test, but adds
further to the complications of assessing variable
fill specified this way.

Under the conditions cutlined, the controlling

engineer has either to abandon the strict terms of
the specifications and employ subjective judgement
of fill standards, or to prove the case, must per-
form a standard compaction test on the particular

material tested in the field to obtain reliable
reference properties. Use of subjective judgement
is contracturally unacceptable and to undertake a
iarge number of standard compaction tests is too
costly and time consuming to be regarded as a
practical sclution.

4 BASIC SPECIFICATION REQUIREMENTS

A satisfactory specification is one that adequately
describes the designer's requirements, is under-
stood by the parties to the centract, is practic-
ally capable of being enforced, and is not un-
necessarily costly or time consuming in enforcement.

The key properties we wish to achieve for compacted
fill are low compressibility, high strength and
long term stability. Thaese properties and how they
may vary depending on the initial state of com-
paction may be described, perhaps in an over
simplified manner, by reference to the saturation
or zero alr voids line that exists for a soil of
constant solid density.

Compressibility, stability and strength are all
principally governed by the density of packing of
the soill particles. Compare points A & B on figure
2 which represent two Initial states of compacted
£111. The more densely compacted material re-
presented by point A would achieve a state re-
presented by A, 1f saturation can occur by com-
pression at constant water content, and would reach
A2 if saturation were to occur without changing the
soll density, say as a result of seepage forces:

B representing a less dense initial state of com-

paction could similarly move to B1 or BZ‘

120
I I T T T T T T
1 8o _
100 | i Zero Alr Voilds Line
Zero Alr Voids Line
80 L - 70 .
~ ]
(%)
&
E N ~ _E 5¢ = 2.75
=2 =
60 L B =
z TN z
& 60 5
40 WATER CONTENT (%) o ,,»””’—_Q‘H\\““=
L. | _ WATER CONTENT (%)
| | | 1 |
20 40 60 &0 : 46 : I l

INDUSTRIAL SITE - PLEISTOCENE DEPOSITS

Figure 1

1 I i
50 60 70
STEELMILL SITE - WEATHERED BASALT AND ASHES

Illustration of Variable Fill Materials
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Figure 2 States of Compaction

If the intervals AA, and BBl are regarded as a
measure of potentiai compressibility (setting aside
questions of elasticity and consolidation
properties), £ill represented by condition A would
be expected to be less compressible than B type
fill. The stability of the A type £ill, expressed
in terms of the reduced potential for water con-
tent increase and consequent softening (Al Az), is
better than that of the B type £ill (AAI <Bni)'

Based on experience, we know that the soil strength
at peoint A, will be higher than at point A,, and at
Az will be higher than at B, and 82; similarly, the
initial strenpgth at A will exceed that at B unless

the A material is dried to a water content that is

wnacceptably low.

Developing & feel for the properties of compacted
£ill in relation to the zero air voids line is
believed to be more useful than understanding com-
paction curves, and assists in understanding the
workings of the alternative specifications de-
scribed below.

The compaction standards specified and the related
control testing should eliminate reliance on
personal judgement in measuring the adequacy of
constructfon. 'The control tests should be kept
simpie and I[nexpensive I possible, and permit
quick response on site to avold difficulties such
as having to reject fill placed three days pre-
wipugly and now buried below another two metres of
fili.

Compaction Zone by
strength - air voids
(assume OMCHLE gives
adequate initial styength

Compaction Zone by
standard methods

Zuero Alr
Voids

DRY DENSITY ()

ééj Max Air Voids

‘\\l/(e.g. 10%)

OMC-2%
e, OMCHLZ
/

e.g.

WATER CONTENT (W)

Figure 3 Comparison Alternative Specifications

5 AN ALTERNATIVE APPROACH FOR COHESIVE FILL
MATERIAL

5.1 Description

A specification and control test approach based on
air volds and soll strength has been proved suit-
able for variable cohesive solls. A maximum toler-
ated air voids is specified together with a minimum [
undrained shear strength after compaction. Strength
is usually defined and measured by unconfined com-
paction, C.B.R., or in-situ vane with the latter
preferred where the £ill behaves as a2 c¢lay. The
pre-gpecification soil testing necessary before the
particular limits are set depends on the nature of
the project.

The differences in state of compaction resulting
from use of strength-~air voids and standard
specifications are illustrated in Figure 3.

Specifications in terms of strength and air voids
permit the reliable measurement of fill standards
and removal of the use of personal judgement comm-—
only employed where the soils are variable, »
Generally when earthmoving jobs are tunning in an
orderly mannmer, low air volds are easily met and
the Jargest problem cencounteved Is avoldance of ox-
cesaively wet TETE that Toeads to Tow denaslty and
low strength. The strength-air volds approach Is
particularly useful here in that the low strength
can be demonstrated in a matter of moments using
field vane apparatus and the contractor can be
notified immediately that the fill does not meet the
spegified requirements.
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5.2 Field Control

In order to measure eir voids, it is necessary to
know the fleld density, the field water content and
the specific gravity or solid density of the soil
particles., Density and water content are measured
by usual methods. The specific gravity is a factor
that does not require frequent measurement. It
varies by only a small amount within a locality
where the so0ll is of wniform geological origin,
even though the compzetion properties of the local
sells may vary considerably, and the effect of
small variations of specific gravity on the posit-
ion of the zero air voids line is not significant.
Usual practice ls to do several specific gravity
tests at the design stage, select an average value
and write into the specification that this value
shall be adopted until such time as specific
gravity tests done during cconstruction, show that

a change in average value is warranted. Check
specifle gravity tests are done on an infrequent
basis as a part of control testing.

This specification method does not reduce the
problems of rapid evaluation of water content and
dry density which form part of the measurements.
Interim results obtained via rapid water content
test methods and involving possible inmaccuracies
have to be used as necessary. However, with the
specific gravity pre-established and described in
the specifiecation, no further tests are required
to ldentlfy fundamental soill characterilstics and
the air woids contrel test result can be confirmed
with confidence and related to the specification
requirements regardless of the standard compaction
characteristics of the soil.

Strength, the other parameter, is measured directly
and quickly. Where the in-situ vane method is
used, small hand operated vane apparatus with about
12 x 29 mm blade dimensions has been found suitable
on fills of lesser importance, whereas a landrover
wmounted vane with 47 x 94 mm blade and torsion
spring measuring device has been used on a major
earthfill dam.

In practice, the field supervisor begins with a
large scale graph sheet on which the zero air voids
line and relevant per cent air voids lines are
drawn. Each measured dry density/water content
point is then plotted to see whether it falls with-
in the specified air voilds zone. The corresponding
strength result is generally unimportant providing
it exceeds the minimum value specified: more often
than not where the fill standard 1s-‘high and vane
strength is being used the supervisor will just re-
cord, "too hard to penetrate".

5.3 Standards and Examples

Experience in Hew Zealand with a wide range of
cohesive soils has ghown that sufficiently low
compressibility is obtained if the air voids of
the £4111 are less than 10%Z and the fill has a re-
asonable initial undrained shear stremngth (zay not
less than 100 kPa). .The minimum strength should
be sufficient to ensure safety of typical fill
slopes and also support the earthmoving equipment
without excessive deformation cccurring. Special
studies are required to determine appropriate
values for critical fills such as in earth dams.

The strength below which the excessive deformation
or overcompaction phenonemon occurs, varies with
soil type and construction machinery, but has been
observed to be about 70 kPa for light equipment on
plastic clays and about 100 kPa for heavy equipment
on very silty, low plasticity clays.

Therefore a typlcal specification for cohesive type
general fi1l11, based on experience rather than a
comprehensive testing programme, would read;

average alr velds < 10% (10 consecutive tests)

maximum air voids 12% (any one test)
averaee undrained > 150kPa(10 comsecutive tests)
shear strength

The streagth air voids approach is being used in-
creasingly in the north of New Zealand where soils
are particularly variable. It has been used pre-
dominantly for general purpose earthworks but has
been used successfully on larger projects where high
compaction standards are important. Three cases
involving important fills located in the Auckland
region are described in summary form by way of
illustration,

A Earth Dam

Bighty metre bhigh earthfill dam of 3,000,000 cubic
metre £ill volume, built from residual greywacke
and argillite origin materials varying in type from
plastic clay to moderately weathered rock.
Construction period 1973 - 1977.

Central £11l zomes comprising cohesive type
materials specified and controlled in accordance
with the following:

maximum alr voids single

test result 10%
average air volds for 10 jb 87
consecutive tests *
minimum vine shear strength,

single test result 69 kPa
average vane shear strength fo 103 kPa

10 consecutive tests " -

Supplementary test requirement, used where judged
necessary, was maxlmum compactlon water content,
optimum plus 3%

B Steelworks Site Development
Basic site levelling for steelworks expansion,l977-

1978, involving 500,000 cubic metyes of £1i11 com-
prising weathered basalt and ashes.

General filling carried out in accordance with the
following:

maximum air veids,single test 10%
average alr voids + 8%
minimum vane strength,single 110 kPa
test

average vane strength < 150 kPa

¢ Urban Motorway Extension

3.5 kilometres motorway extension involving
800,000 cubic metres of €111, mainly consisting of
weathered volcanic ash, built 1973 ~ 1974.
Specification as follows:

embankment £ills:

maximum air voids 127
minimum C.B.R. 10
subgrade:

maximum air voids 10%
minimum C.B.R. 15
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Specific gravity for interprotation taken at 2.3.
Proctor needle permitted for contyol in place of
C.B.R.

{(Construction tests showed that most £ill was com-
pacted to about 5% air voids: specific gravity
varied between 2.7 and 2.8 and was re-adjusted to
2.75 for test interpretation).

6 AN ALTERNATTIVE APPRCACH FOR SANDY SOTLS

Yariable soils of a sandy and silty nature can be
encountered that also present considerable
difficulties in enforcement of standard specific~
ations, Extensive wvariations in materials of this
type within a site may be more common in New
Zealand than Australia. For example, the centre
of the North Island contains volcanic ashes and
lapilll that are often closely banded and variable
in grain size. In some districts weathered sand-
stone with variable silt content occurs below a
shallow zone of weathered clays and silts and
earthmoving work can involve the sandstone or
sandstone mixed with overburden.

The strength~air wvoids specification approach can
be used for these sandy materials in a similar
manner to that described for cohesive clays and
silts. However, the simple in-situ shear vane
cannot be used with reliability and it may not
always be feasible to prepare unconfined compress-
ion samples. In these clrcumstances it is
necessary to measure strength by means of methods
such as C.B.R. or Scala dynamic penetrometer. The
Scala penetrometer (Scala, 1936} appears to be a
satisfactory control test tool and has advantages
over the C.B.R. in the scale of equipment required
and ease and cost of test. The following two
recent examples of specifications based on use of
the Scalas penetrometer for sandy fills illustrate
the approach.

In the first project, some 150,000 cubic metres of
volcanic ashes were required in twe small dams

and a large canal. During investigations Scala
penstrometer tests were conducted in the laborat-
ory on material compacted at different water con-
tents within the proposed air veids limits. From
these tests a minimum penetration value was de-
termined corresponding with the lowest acceptable
£i1l strength and stiffress. The blows required
to penetrate the top 50 mm were discounted to allow
for likely disturbance at the top of each layer
after compaction. The final specification was
exnressed in the following terms:

maximum air voids sinple test 10%

average air voids j’ 8%

7 blows
(50 - 200mm penetration)

average Scala value

Jowest single Scala value < 5 hlows
{30 - 200mm penetratlon)

It should be noted that the material on the project
generally had the consistency of a silty sand

after handling: for clean sands a higher air voids
value may have to be adopted.

In the second project, weathered silty sandstone
was uzed in a fereshore reclamaticn, In this case,
provision was made in the contract to calibrate
Scala blows against undrained shear strength during
the early stages of earthmovinp. Subsequent control
testing for streagth relied on the Scala penstro-
meter alene. The specification and results of the
calibration testing were as follows:

maximum air voids single test 12%

P+ 10z
average undrained compressive
strength <t 300 kFa by
triaxial test at
15 k¥Pa confining
pressure

average air voids

estabiished minimum

corresponding Scale value 9 blows
(iG0mm — 250mm
penetration )

7 CONCLUSIONS

Non~uniform fill materials are found in practice,
that present large difficulties in the evaluation
and enforcement of compaction specifications ex-
pressed in terms of standard lzheratory compaction
test results. Such specifications do not have a
rigorous scientific base and are in part empirically
based. There is justification for adepting alter-
vative specifications if they are equally well
based, and those that reduce the problems of con-
trolling variable fills are particularly valuable.

Spe-~ifications that relate to the density of packing
of the soll particles and the actual compacted
strength of the soil are felt to describe desired
fill properties better than current standard
specifications. Specifications in terms of air
voids and strength are of this type and cope sat-
isfactorily with variable scils ranging from clays
to sands without involving extensive reference test-
ing. Shear vane testing 1s convenient for materials
that behave as clays after compaction and the Secala
penctrometer is suitable for sandy fills.
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Geotechnical Testing for Lelgh Creek Goalfisid

A. L. CAVAGNARO
Senlor Geotechnical Enginear, Coffey & Partners Ply Ltd, Adeialde

SUMMARY This paper presents the results of some of the field and laboratory testing undertaken in
providing geotechnical mine planning constraints at the Leigh Greek Coalfield, Scuth Australia. The

approach adopted to systematically test large amounts of drill core is described.

Correlations developed

between the basic classification test, the Point Load Strength Index, and other more scphisticated tests

used in geotechnical analysis are presented.

In particular the difficulties of testing material trans-
itional between strong "“soils" and weak "hard rocks",

the characteristics of rock defects with very low

residual strengths; and the siwmplification of a test used in assessing diggability of bucketwheel

excavators are described.
1 INTRODUCTION

The Leigh Creek Coalfield is situvated in the
northern Flinders Ranges of South Australiaz some
600 km north of the capital Adelaide. The mine
provides sub bituminous coal for use in generating
the State's electricity supply in power stations
located at Port Augusta about midway between teigh
Creek and Adelaide, Coal was first mined under-
ground at Leigh Creek in the 1890's, Since 1943
coal has been mined by open cut methods to depths
of about 30 m. Planning studies are now under
way to extend the life of the mine into the
twenty-first century with maximum depths increas-
ing to 150 m. Mining is relatively difficult due
to both the geometry of the deposit and low rock
substance and defect strenpths.

Between 1975 and 1978 three major pectechnical
drilling programmes have been carried out as an
adjunct to mine exploration drilling with some
9700 m of HQ size core being recovered for
geotechnical purposes. The programme was
instigated in order to:

I Further define the geology and stratigraphy
of the basin

2 Define regimes with similar geotechnical
characteristics

3 Quantify through laboratery testing both
substance and defect properties

4 Carry out analysis and make recommend-
ations for mine planning

5 Monitor trial sections of the mine to
confirm and upgrade predictions based
on drilling and testing of laboratory
gamples

Ttems 1 to & have largely been completed whilst
item % 8 just commencing.  This paper describes
the approach used and results of some of the

laboratory testing undertaken and illustrates how

they were incorporated into the analyses,
2 COALFIELD GECLOGY
2.1 Stratigraphy
The Leigh Creek Coalfield consists of four

separate deposits as shown on Fig, 1. The
largest of thegse Lobe B has been the subject of
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the geotechnical studies undertaken to date. Lobe
B is a remnant, asymmetric saucer-shaped basin of
Triagsic and Jurassic coal measures unconformably
overlying Precambrian basement rocks of siltstone
and limestone, Three separate sequences of coal
have been identified {Coffey & Partners Pty, Ltd.
1975, 1979) and named the Lower Series, Main
Series, and Upper Series, as showm on Fig. 1.

The intervening overburden strata have been named
after the coal seams which they cover, The unjts,
thelr composition and typical “strength range are
'‘given in Table i, Strength ranges have been
defined usine the Point Load Strength Index

(Broch & Franklin 1972),

Thin bands of rock of high to extremely hiph
strength vcalled "hardbars”, are also encountered
in some unitls. llardhar thicknesses ave olten
less than 100 ww although a significant numhoer
with thicknesses up to 500 mm have been encount-
ered. They appear Lo be continuous over
distances of one to several kilometres,

2.2 Defects

Defects in the rock mass include joints, sheared
and crushed zones clay seams., and faults. Their
distribution is however quite variable. in the
Upper Series and to a lesser extent in the Main
Series Overburden there are large volumes of rock
where joints are often spaced greater than 10 m,
In contrast the Lower Series Overburden and Main
Series Coal have substantial zones where spacings
are under 1 m and the remainder in the 3 to 10 m
range. There is a concentration of defects sub-
parallel to the bedding plus two other. steeply
dipping concentrations which strike parallel and
perpendicular teo the bedding dip. Many of the
joints in all units are polished and slickensided.
showing evidence of past movements along them.

In addition to joints a number of clay seams
exist. The seams are of medium to high plastic-
ity (@L =40 to 60%) and vary from about 5 to in
excess of 00 mm thick. Samples from clay seams
had residual angles of friction down to 8Y. The
clay seams are believed to be the product of
extensive shearing of the rocks along planes of
extreme movement and thus low residual shear
strengths were anticipated,
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Figure 1 Plan and Section of Leigh Creek Coalfield

TABLE 1

Lobe 8 - Stratigraphic Sequence

Unit Principal Composition

Strength Range

Upper Series Overburden
Upper Mudstone and Siltstone

Lower Weakly cemented sand and Sandstone
Upper Series Coal Coal with siltstone partings
Main Series Overburden Mudstone

Main Series Coal Two thick coal seams minor partings

Lower Series Overburden Mudstone. some siltstone

Lower Sevries Coal

Thin coal seams and siltstone partings

EL-L
EL & VL-L

LM

LM

L

L-M

L-M

EL = Extremely Low VL = Very Low L = Low M = Medium Strength
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They have also been cobserved to ke continuous over
very large arcas beneath and parallel to the mine
low wall, A number of low wall failures have been
attributed to sliding along clay seams, particular-
1y when associated with groundwater seepage.

3 APPROACH TO TESTING

The extended nature of the project and the large
amount of core which had te be assessed for
geotechnical properties required that a systemmatic
approach to testing be developed. Further
difficulties were evident due to the remoteness of
the site limited transportation facilities to an
established geotechnical laboratory and the harsh
seni-arid climate. The approach adopted was:

1. Establishment in Teigh Creek of a [ully
equipped geotechnical testing laboratory
capable of conducting both classificat-
ion and some strength tests

2. Logging and classification testing all
core on site within 24 to 4B hours of
drilling

3. Carry out both on site.and, for more
sophisticated tests. on samples returned
to Adelaide a more limited testing
programme to determine strength and
other required properties

4, Correlate the classification and other
tests so that the latter could be
applied to the entire deposit.

4 CTASKTFICATION TESTS
4.1 The Point Load Strength Index - Ig(50)

The Poirt Load Strength test shown on Fig. 2 was
selected as the basic classification test and all
drill core was tested progressively as it was
recovered during the drilling. The Point Load
Strength which is a measure of tensile strength
and was developed at the Imperial College, London
Traniklin 1972 and subseguently adepted

Lol oo Tans

b Interrationzl Society fer Rock Mechanies
(TISR¥ 1972) was selected as the standard test
because it is a simple and rapid one which is
readily carried out using povtable testing equip-
ment thus making it suitable for field use. '
Further since a large number of tests can be
carried out a much more statistically significant
interpretation of rock strengths may be obtained.
Tests were carried out on a systemmatic basis
every 5 to 10 m along all core plus on the remains
of other test samples e.g, unconfined compression
tests. Fig., 3 presents the correlation obtained
between Point Load Strength Index ané Unconfined
Compressive Strength.

v oihe

5 SHEAR STRENGTH OF DEFECTS
5.1 Testing Equipment

The Leigh Creek rocks. whilst not unique. are
difficult to test in that their strengths are
ofter in the transition range between strong
"soils" and weak "hard rocks". Thus tests
conducted with equipment designed along classical
"so0il mechanics™ or "rock mechanics"” lines may be
either inappropriate or susceptible to inaccurac-
ies. Shear strength tests were carried out using
two types of equipment:

a) A Hoek shear box designed for testing
defects in hard rock and
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Figure 2 Description of Rock Strength tests

b) A conventional soil shear box

The two machines differ greatly in characteristics.
The Hoek Shear Box (Hoek & Bray 1974) is designed
to test defects in very strong rock and is very
rigid and stiff in operation. Leading is by hand
pumped hydraulic jacks which are difficult to
operate accurately at very low strain rates:
Accurate measurement of low shearing forces,



STRENGTS — LRANGLS

g | £ Vwve 1 2 U pr Ve Ty

N R E= FXTREMELY

) Ve VERY

’S\ LwLon

& M= MEDUN
H = MIGH

g )

. .

§ )

K :

S X

0

N

% .

/

3

3

G

2

Q 2 ] ] 1 ]

O 03 s 3 / 3 /0

ANT LOAD STREMSTH INOEX [15(5Q)]-M /2

Figure 3 Unconfined Compressive Strength vs Pount Load
Strength Index

particularly when coupled with low normal loads is
difficult and requires careful and detailed calib-
ration of individual jacks, The sample (a length
of core containing the defect) is first cast in a
diamond shape mould and then sheared acroas the
diagonal as shown on Fig. 2.

The soil shear box was a conventional Farnell
constant strain type box with automatic mechanical
feed . By use of a2 lever system normal pressures
up to the equivalent of 30 m overburden could be
applied. Preparation was by trimming into the
box in the usual manner.

The strain rate used in the soil shear box was

10 mm/h. The Hoek shear box strain rate was
between about 100 to 150 mm/h it being extremely
diffiecult to hold steady normal and shearing loads
at lower loading rates, Both boxes were capable
of having the shearing force direction reversed so
that repeated shearing cycles could be carried out
in order to obtain residual strength parameters,
Between 4 and 6 shearing operations were required
at each normal pressure to cbtain a repeatable
minimem value.

5.2 Clay Seam Strengths

Typical shearing force-displacement curves for
successive shearing cycles at the same normal
pressure are presented in Fig, 4. The peak

shear strength obtained in the first cycle is oaly
slightly higher than the residual velue after six
cycles, This characteristic of peak strengths
being little higher than residual values was
common for mest of the Leigh Creek defects and
suggests that sufficient displacement- and shearing
has already occurred along the defects for their
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strengths to have approached residual values,
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Figure 4 Typical load displacement curves
on clay seam

The clay seams represent the weakeat defects
tested with residual friction angles down to

8 degrees and most values under 15 degrees.
Regidual angles of friction and apparent cohesion
are summarised in the upper portion of Fig. 5,

It is clear that the Heoek shear box gives signif-
icantly higher apparent residual cohesion values
than the scil shear box for similar friction
angles, It is considered that the apparent high
cohesions are due to an excessive rate of shearing
which does not allow sufficient time for pore
pressure dissipation in the high plasticity, low
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5.3 Other defects

Other defects which were strength tested included
mainly slickensided and polished jointa and sheared
zones Ln mudastone and siltslone with some cementod
sandfasandstone, and intact shale and coal also
being tested. As shoun on the lower portion of
Fig. 5 the residual angles are higher than for the
¢lay seams but still relatively low with most
being under 20C. Apparent residual cohesion
values are similar to the Hoek shear box results
for clay seams. They should however be viewed
with caution since most of the defects tested were
in fine grained rocks where it is still possible
for pore pressures to develop on the failure
surface during shearing. Examination of the
samples after completion of the tests often
revealed the development of a layer of silt or clay
material on the failure surface.

5.4 Application of Results

Low wall dips typically vary between about 10 and
30° which is considerably greater than the
residual angle of friction of the clay seam. The
effect of cohesion is relatively minor both
because of the low values and the size of the
failure mass. Clsy seams have been found to be
generally parallel to the bedding and to extend
over considerable areas, - thus as shown on Fig. 6
the bottom of the low wall contains a "plug" of
rock which is placed in compression, A liwiting
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depth is reached when failure occurs by crushing
or buckling of the plug. The major constraints
to mine planning identified to date have thus been:

a} that the dumping of overburden spoil
on the low wall, thereby placing
additional load oa the plug, is not
feasible except in limited cases
without seriously reducing the
allowable depth of mining, and

b) that there is a limiting depth to
which mining may proceed before
further flattening of the low wall
is required.

HIGH WALL

i L DF ROCK
LONIPRESSION

N

Figure 6 Low wall failure mechanism
6 DIGCABITTTY

Pari of the planning at Leigh Creek included a
review of the most suitable type of excavation
equipment for future use as the economic limit of
mining with existing draglines was being
approached. Cne alternative is the use of large
bucketwheel excavators for overburden and coal
removal, One of many tests developed by bucket-
wheel manufacturers is the chisel cutting resist.
ance (Rasper 1975) which consists of loading a
150 mm cube to failure with a chisel as shown on
Fig. 2. Obtaining such large size samples at
depth is both difficult and expensive, Samples
were obtained at shallow depths by diamond coring
In exiating mine plts with rlght circular
cylinders being judged sufficiently similar to
cubes to not adversely affect results, Consider~
able care must be exercised in trimming the ends
of the cylinders to be smooth and parallel.

It has been recognised (Coleman & Fitzhardinge
1979) that from the geotechnical viewpoint there
is considerable similarity between the chisel
cutting test and the top half of the point load
test as may be seen from Figure 2.

Figure 7 presents a comparison of chisel cutting
resistance and Point Lead Strength Index, Alszo
shown in the figure are the theoretical correlat-
ion obtained between the chisel and point load
tests assuming different Load conditions applied
by the bottom platen in the chisel test. .It may
be seen that assuming the platen in the chibel
test acts as the point of symmetry (applies UDL)
of a point load test given a reasonable upper
bound for cutting resistance by use of the much
simpler and more economical point load strength
index which may be carried out on core recovered
at any depth.
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7 CONCLUSIONS

1. For a large and extended programme such as
was carried out at TLeipgh Creek it Is essentlial Lo
systemallcally and progressively tesl all corc
with & simple and economical classiflcation test
which is capable of being correlated with more
sophisticated, and usually expensive, tests for
uge in geotechnical analysis. The Point Lead
Strength Index hes been found to be suitable as
such a classification test. It may be readily
carried out with portable equipment.

2. Many of the rocks at Leigh Creek are
transitional in strength between strong clays and
weak rocks and conventional shear boxes designed
for soft soils or hard rocks are not ideally
suited for determination of residual shear
strength parzmeters, In particular the effect
of strain rates needs to be carefully considered.

3. Sufficient movement has occurred along most
defects at Leigh Creek to reduce their shear
strength value to very close to residual strength
and the latter are considered appropriate for use
in stability analyses.

4, Correlations between Point Load Strength
Index versus Unconfined Compressive Strength and
chisel cutting resistance are presented,
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SYNOPSI1S

This paper gives some of the details of a pressuremeter developed to work at high pressures in soft to

medium strength rocks.

It has been used in a wide variety of materials.

As the displacements and

pressures are measured very accurately using electrical transducers, the modulus and strength characteristics

of the rock can easily be measured.

Further because the displacements are separately recorded at four

positions the anistropic stiffness behaviour can be assessed.

L INTRODUCTLON

This paper outlines the details of an instrument
developed for testing soft to medium strength rocks
in situ. This finstrument is particularly-useful
in determining the properties of weathered or

' jointed rock where core recovery is particularly
difficult. It is often rocks of this nature
which are of prime concern to the gectechnical
engineer. '

The instrument is placed down a predrilled borehole
which in rock does not result in as much adverse
disturbance from stress relief as in the case for
bore holes in soil. Once in place a flexible
membrane clamped to the instrument 1s expanded
radially against the sides of the bore hole,
shearing the surrounding xock. Accurate measure-—
ments of the displacement allow the rock

modulus and the shear strength to be determined.
2 DETAILS OF THE INSTRUMENT

The instrument is very similar in principle to the
selfboring pressuremeter developed at Cambridge
in the early 1970's (Bughes 1973). It consists
of a heavy steel ¢ylinder on which is clamped a
flexible membrane, as shown in Figure {1) and
Photograph (1}. The instrument is placed down
a NMLC size hole (76 mm in diameter). When
lowered to the appropriate depth the flexible
membrane is expanded against the sides of the
bore hole by oil. The oil is pumped from the
surface by a hand pump. Using this technique
pressures as high as 20 mPa {3000 psi) can be
reached. This pressure is sufficient to allow
rock strengths of up to about 7 mPa to be
measured.

The pressure of the instrument is recorded electri-
cally at the instrument and again via a mechanical
pressure gauge at the surface. The pressure
gauge is at the end of a2 hydrostatic oil line,
hence the pressure recorded is unaffected by the
head losses in this line.

With the use of two lines running from the
instrument the membrane can be maintained in a
collapsed state, even in a dry hole where the
balancing hydrostatic forces of the drilling
filuid are not present.

The displacements are again recorded electrically by
sensors located around the centre of the instrument.
Each sensor is recorded separately and can record
radial displacement corresponding to an expansion of
the bore hole to B5 mm diameter.

1f the displacement sensors just record and displace-
ment at points on the membrane the results could be
misleading as the sensors could be opposite an
anomalous hard or soft spot or even & hole or

defect on the borehole wall. The displacement

sensors are designed to measure the average dis—
placement over a section 110 mm long and 1C¢ mm wide
at four positions 90° apart on the centre line.

As each gauge is recorded separately the anisotropic
stiffness characteristic of the rock can be assessed.

.~ DRILL ROD

~° — PRESSURE HOSE

N

NMLL HOLE 76 -d

’mnnanvavﬂbgaigglaaﬁﬂﬂnﬁ9uvzllf{é““n“

oy

FLEX!BLE MEMBRANE

oiL

ELECTRICAL DISPLACEMENT
TRANSDUCERS

R i AT
et NN, - 7 s L LLL.

ELECTRICAL PRESSURE
TRANSDUCERS

FIGURE (1) -~ Schematic Details of High Pressure

Pressuremeter
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PHOTOGRAPH (1) - General View of Instrument

3.1 TYPICAL RESULTS 16

If the rock is perfectly homogeneous then the dis-—
placement pressure curve for the average of the
"north-south” and the "east-west" displacement
sensors will be similar and follow the typical form
shown in Figure (2),

The curve is divided into three sections as is
typical with most pressuremeter results. The
membrane expands quickly until it comes in contact
with the sides of the bore hole, somewhwere near
point B. After this is reached the bore hole
tends to¢ expand linearly as the pressures are
increased, i.e. B-C.

{ MPa)

Beyond this region the strains increase more quickly.
At this stage a clese watch is kept on the volume

of the fluid which is pumped into the dinstrument.

For instance if the membrane is expanded into a
cavity in the bore hole wall, remote from the sensors,
the membrane could rupture. However, by following
both the volume expansion and the displacement

sensors a close check can be kept on the behaviour

of the membrane expansion.

PRESSURE

The result of the pressuremeter test are ideally
suited to analysis, probably much more than any

other in situ device for the reason that the boundary
conditions are very simple. The boundary stresses
are uniform and radial as shown in Figure (3a).

This is not the case with instruments in which

rigid plates are jacked against the sides of a bore

hole, such as a Goodman Jack (Goodwman et al. 1948), FIGURE (2)

although the force and displacements of the plates
in the jack can be accurately measured this does
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not necessarily give a measure of the stresses
and displacements in the soil on the boundary of
the hole because the geometry of the plates dces
not match with the geometry of the borehole
(Figure (3(b)).

A further consideration is that the pressuremeter
tends to shear the soil while the hole expands.

In contrast the rigid plate test tends to compress
the soil. The typical stress paths for rock
elements such as A and B on the borehole wall
indicated in Figure (3(a) and (b)) are shoun in
Figure {4{a) and (b}).

The pressure required to initiate failure for the
Jack test in the rock under the plates is very
high, i.e. where the stress path CE intersects the
failure surface, However, before this pressure

is reached fallure probably initiates as splitting in

the region C, midway between the plates.

In contrast in the pressuremeter test all elements
of the rock follow along stress paths such as

CF and the pressure required to initiate failure is

in the wvicinity of point F.

FIGURE {3} ~ Boundary Conditions on the Wall of
the Borehole from (a) Pressuremeter

Test (b) Expanding Plate Test

{A)

Shear ¢ | 2
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5 10
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(B)
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FIGURE (4) - Typleal Stress Paths followed for

Elements A and B on the Boundary
of the Borehole shown in Figure
{3(a) and (b))

3.2 MODULUS DETERMINATION

If the rock is considered to be an elastic material
then the Young's wodulus can be determined by
evaluating the slope of the straight sections of
the pressure expansion curve.

The Young's modulus is given by:
E=(L+p) —2B— (Gibson Anderson 1961)
d Ar/rD

It must be appreciated however that the slope of
the curve BC shown in Figure (2) on first loading
may well be softer than subsequent unloading. The
Initial  ionding represents the "mass" modulus in
witlelk Jolnis are ciosing where as subsequent un—
leading and reloading curves indicate a substan-
tially higher modulus, e.g. Figure (5). This
higher medulus is probably much more representative
of the intact material. The difference between
the two moduli give a qualitative indication of the
extent of the jeointing. The intaect modulus can

be obtained from laboratory tests on good core
samples however it is exceedingly difficult to
obtain a "mass" modulus from samples alone.
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3.3 SHEAR STRENGTH

The pressurc—displacement response of the rock ncar
fallure Is poverned by three effects:

(a) the shear strength of the intact rock or
the shear roughness of the joints;

(b) the dilation or expansion of the rock or
joints on shearing;

(c) the meodulus.

If a rock shears at constant volume then the
pressure required to expand the cavity to a given
radius will be considerably different from that
required to expand rock of the same shear strength
but which dilates on shearing.

Unless there 1s a unique relationship between the
shear strength characteristics and the dilation
characteristics {t Is dLificult to separate the
two components (Hughes, 1977).

I1f the pressure expansion curves are analysed on
the assumption that the rock fails at a constant
shear stress and at constant volume then the shear
strength can be determined by the technique devel-
oped by Gibson and Anderson 1961. In this methed
the pressure is plotted against the log of the
strain using the In situ stress as the strain
origin. For the purposes of this analysis this
strain origin 1s considered to be the peoint inter-
action of lines CB and AE, i.e. by the point 7

in Flgure (2}.

The slope of this curve is a measure of the

16 } J
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= 10 - // strengfh
%g /1 27
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L ‘
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o, .

6 o/

/
/
o F .
/
01 05 1 5
% RADiAL DISPLACEMENT
FIGURE (6) - Pressure against Log Expansion for

the Test Shown in Figure (2)

The results of many tests In Silurlan Age mudstone
and sandstone at a site in Melbourne have been
compared with confined compression tests carried out
in a Hoek Triaxial cell on corresponding core
samples (Figure (7)). The samples are all taken
from between 20 and 30 m 1ln depth and during the
triaxial.tests a constant confining pressure of

(690 kPa} has been used in all cases.

It was eobserved that the measured In situ shear
strength was always In excess of the laboratory
results. This probably indicates that the rock

1s expanding while it 1s shearing or perhaps a very
high in situ stress is present in this rock than
assumed for the determination ol the conlliulag
pressure lor the laboratory tests.
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3.4 ANLSOTROPIC BEHAVIOUGR OF THE ROCK

As discussed in Section 2 the displacement can be
measured separately at four locations 90° apart on
the centre line of the instrument. Witk this
capacity it is possible to observe the anisotropic
behaviour of the rock by compariag the average dis-
placement in the "north-south” and the "east-west"
directions. The result of a typical test in shale
is shown in Figure (8). Clearly there is a distinet
difference in the bzhaviour of the rock in the two
directions.

12 ? ?
//iil"’/””ll
3 '
!t Test at 8.5m o % ?
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s 8 | I! ;
w i : §
55 o/ -f ! '
a2 = = ] t
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L !
o o B d 4
M oOF / f
oy i h
= 5 /
’ ,/0/ y °’°’ uf°
n Lo of.n/r
s 2 4 6 8 10
% RADIAL DISPLACEMENT
FIGURE {8) - Pressure Expansion Curves showing

the Effect of Anisocropy

It 15 interesting to note that in almost all the
tests conducted to date there has been distinct
difference between the displacements rvecorded in the
two sensor directions. To determine the true
magn®tude and orientation of the anistrepic
behaviour would require a displacement ce be
ohserved in at least three directions.

4 CONCLUSION

This paper gives some details of an Instrument which
was developed 4o work at high pressures in soft

to medium streagth rock. In the first year of
operation, since the instrument went inte commercial
use in October 1978 some 800 Lests have been
performed to depths of up to 60 metres in different
parts of Australia and Canada. The instrument has
been used in a range of sedimentary rocks, coal,
very stiff clays, and very dense sands.

The results have proved particularly successful

in determining the modulus and strength characterig-
tics of these materials which, in general may have
been difficult to obtain by other im situ methods.
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1 INTRODUCTION

The eastern approaches of Melbourne's West Gate
Bridge are being constructed as an elevated freeway
some 2 km long. For the most part this freeway is
being supported on large diameter cast in sity
reinforced concrete piles. These piles range in
diameter from 1.1 to 1.5 m . and are
socket ed into Silurian mudstone and sandstone.
These piles are generally in excess of 40 m in
length, The upper 30 m to 35 m is in alluvial
deposits ranging from dense gravels to soft
silty clays. The uvpper 10 m to 22 m of these
deposits are in the so~called Coode Island Silts,
which are in fact predominantly soft to firm silty
clays.

These plles must resist the heavy vercical loads
from the dead and live loads of the freeway
structures as well as lateral loads imposed by
thermal stresses in the bridge deck and substantial
construction loads resulting from the prestressing
of the deck.

The vertical loads are all assumed to be carried
in the mudstone. The method of analysis of these
pile sockets is described by Williams (1980Y. The
in situ strength and moduli, required for this
analysis, have been determined by pressuremeter
testing. A significant portion of this testing
has been carried out using a high pressure
pressuremeter described by Hughes and Ervin (1980)

The lateral resilstance of the piles must be provided
by the strength of the Coode Esland Silts,
particularly the material near the surface. Hence
the assessment of the stiffness properties as they
relate to the lateral behaviour of the piles is of
critical impertance to the action of the piles.

In view of the importance of understanding the
action of these piles, full-scale lateral lead

pile tests were conducted by the Country Roads

Board of Victoria, under the direction of

Mr. P. McDhonald. As part of this pile load testing
programme, an extensive series of in situ tests

was undertaken. These tests were conducted in

two parts:

Part (A) The determination of the in situ, undis-
turbed, preperties of the Coode Island Silts.

Part (B) The determination of the in situ proper-
ties of the Coode Island Silts as they relate to
the particular pile installation process.

The lateral load plle tests were conducted on four
proLotype plles, 1.5 m in diameter, which were
loaded by pulling them together and jacking them.
apart. The results of these full.scale tests

and the comparisons with the predictions based on

the in situ tests are described by MeDonald and
Scott (1980) The results réported in this paper
“¥elite to the determination of the modulus and the
undrained strength of the Coode  Island silty clays
and their stiffress in relation to the behaviour of
the lateral loading of the pile.

2 GENERAL STTE CONDTTTONS i

The general area of the West Cate lrldge site and
the location of the West Gate Freeway in South .
Melbourne are shown in Figure 1. A simplified
geological profile along the line of the freeway is
shown in Figure 2. Essentially the Silurian age
bedrock is overlain by Tertiary and Quaternary age
alluvial deposits, of which the near surface
deposits are known as the Coode Island Silts.

=z

MELBOURNE
cgo

WESTGATE DRIDG

PORT MELDOUKKRE
S0UTH HELDOURNE:

HODSONS BAY

Figure 1 -

Location of the West GateFreeway Project

PEPTH {m}

L SILURIAN MUDSTONE AND SANDSTONE

Figure 2 Simplified Geological Section along part of the

Freeway
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In some areas, generally in the middle of the elevated For a normally consolidated cla

freeway, some Tertiary age Basalt flows are present accepted correlation is: Y7 che generally

within the alluvial deposits. ' For most of the

length of the freeway the lateral resistance to the e =q /10 to g /15

piles is provided by the soft silty clays in the u ¢ u

top 10 metres of the soil. These soils are and

recent deposiks and from Geological evidence they E = 3150 to 400 ¢

would appear to be normally consolidated. However, v

the results of both laboratory and field tests

indicate they are slightly overconsolidated, Usingthe above correlations with the cone resistances

probably as a result of dessication, fluctuation in shown in Figure 3 gives the shear strength dnd

groundwater level and/or aging. wmodulus graphs in Figure 9a and b. It is
interesting to note that the average increase in

The average moisture content for the sllty clays of ¢one resistance with depth in the upper 12 m for all

the Coode Poland S1lts range from 49-827 and the the Lests, which were about 50 m apart, in very

Liquld limiy and Plastle index range From 58-107% aimd Lar.

and 35-80 respectively,
In contrast with the pemetrometer, the Ménard.pressure

Further, although the material in the top 20 m is meter is designed to give a direct measure of the
described as Coode Island Silts it also confains modulus and shear stremgth.  The Ménard pressure-
shell beds and lenses of silt end sand. meter {Ménard 1957),which is placed down a pre-

drilled hole,is expanded radially against the sides
of the borehole during the test, A typical result
is illustrated in Figure 4.

3 SITE INVESTIGATION AT TEST PILE SIYE

Part (A) The determination of the in situ,
undisturbed properties of the Coode Island
Silts

This investigation was done using the electrical
friction cone penetrometer developed at the Countxy
Roads Board by Holden (1974}, a Ménard pressuremeter

and a self boring pressuremeter. w
. =
The penetrometer does not give a direct measureof either g
the shear streneth or the modulus, however, it does -
give 2 nmeasure of the consistency of the material,
The results of a typical penetration test are
shown in Figure 3. The average cone resistance P
increases almost linearly until a depth of 14 to -] PRES SURE L
about 20 m is reached. The interfingering of
numerous sand or shell lenses shows up clearly as
spikes om the pepgtratfon records. Even though
the penttrometer does not give a direct measire of the '
modulus or the shear strength, numerous authors Figure 4 - ‘Typical M8nard Pressuremeter Curve
have made correlations with the penetration resistance .
Most of these have been summarised by Sangleret ] The modulus is obtained
(lQ?é) from the flat section of the curve and the shear
! strength is conventionally evaluated {rom the
y CONE RESISTANCE g, (MPa} difference in pressure between the limiting
0 0 \ ! z 2 b pressure PL and the in situ pressure Po
e, = (PL - PD)/S.S
The results of the Youngs modulus and undrained
5 3 shear strength obtained from the Ménard test are
shown in Figures 5a and b.
The third instrument which was used extensively at
this site was a self boring pressuremeter.
1o The instrument used here is a modified version of
the self-borlug pressuremeter (Camkometer) which
I was developed at Cambridge in the early 70's,
L . (Hughes 1973). This instrument esseatially con—
I st slsts of a thick walled tube which is §lowly jacked
by iato the ground,({Figure 6) The material displaced
& by the instrument is removed by the action of a -
central rotating cutter; water or drilling mud is
pumped down the central rotating cutter rod and
20} the mud and cuttings return to the surface in the
anpular space between the cutter rod and the body
of the instrument.
Using this technique the instrument can be_placed
Figure 3 - Cone Resistance against Depth for Piles in the ground with the soil surrounding the instru ent

A and B at Pier 302 suffering very little disturbance.
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Once the instrument is in place the membrane on
the outside of the thick-walled tube can be

expanded against the undisturbed soil (Figure 6).

The pressure recuired to expand the membrane and
the radfal displacement, of the membranc are
recorded electrically with transducers inside
the instrument.

The instrument used at the West Gate test site was
developed by the first author in cenjunction with
Coffey and Partmers for commercial use,where ease
of operation is essential. The instrument can
be placed in the ground uwsing virtually any
rotary drilling rig.

Clamp

Rubber membrene

Foeter—.___ /7 Pore pressute ool

Figure 6 - Seif-Boring Pressurementer (Camkcmeter)

A typical result of a self-boring pressuremeter
test is shown in Figure 7. Sceveral features of
the behaviour of the soil can be determined from
this test. In particular, the in situ lateral
stress, the Young's modulus and the undrained
streSS/%train curve. The in situ lateral stress
is considered to be the pressure at which the
membrane expands from the body of the instrument.
In the test shown on Figure 7 this would corres-
pond to 130 kPa. The in situ Young's modulus

is more difficult to determine because the soil
in almost all c¢ases is non linear heance the
modulus shown is the secant modulus at 1% radial
displacement. Clearly 1f a larger displacement
was considered a reduced modulus would be obtained.

200
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o L)
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% RATIAL DISPLACEMENT Arfs  (aus
figure 7 - Typlcal Pressure Expansion Curve from

a Self Boring Pressuremeter

The undrained stress/%train curve is calculated by
the method of Palmer{ 19720  This simple method
only reguires that the soil deforms radially,at
constant volume.  The stress/strain curve and
hence the undrained shear strength is shown on
* the bottom of Figure 7. The results of the in
situ lateral stress, l% secant modulus and
undrained shear strength are.shown in Figures
Ba, b and c.
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0 o L X0 three methods of in situ test are combined in
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Part (B) The determimation of the in situ properties
of the Coode Island silty clays as they
relate to the particular pile installatilon
pProcess

The piies at this site were constructed by driving
casing through the upper lavers of soft materials
then into the top of the mudstone.,  The steel
casing had a reinforcing sheoe which was

25 mm proud of the casing. This construction
enabled the inside diameter of the casing to
remain constant for ease of construction of the
pile sockets, however, it did mean that, in theory
at least, a void could be left around the outside
of the casing into which the soft soils would

flow as shown in Figure 10. In view of the faect
that the 25 mm radial gap was large in terms

of the shear stresses which would be imposed on
the soil as it moved back, it was considered

that this effect should be examined in more detail,

!

{The 25 mm gap is equivalent to a radial displace-
ment of about 3%. If the soil closes back in an

undrained stafe it would experience a 6% shear straim.)

te—t5m

25mm l
I Cutting shoe
]
U {not to {sume]
Figure 10 =~ Details of the Cutting Shoe on the

Bottom of the Casing

The self-boring pressuremeter used in the previous
study was modified by constructing an instrument
with an enlarged cutting shoe which would directly
model the peometry of the casing. Two model
studies were undertaken. In the firse study a 3%
enlarged shoe was used and in the second a 6% shoe.

in the first study the instrument was drilled into
the ground then either within a few minutes or
within 16 hours of insertion the membrane was
expanded. This study was to examine the behaviour
of the soil on the "front" face of the pile (i.e.
the side which is pushed towards the soil). In
the second series of tests the instrument was
drilled in with the 6% shoe and with the membrane
expanded to 3%. After insertion the membrane was
allowed to collapse under controlled conditions,
thus modelling the behaviour of the "back' face of
the pile.

The results of three tests done at about the same
depth (around 3.5 - 4 m), but in different holes,are
shown in Figure 1la, b and c. The first figure
represents the initial in situ undisturbed
properties as discussed in Part (A), the second
figure represents the pressure expansion curve
obtained using the 3% shoe and expanding the
instrument within am hour of insertion. The

soil has moved back on to the instrument;however,
it is much softer. The third figure is the
‘Pressure expansion curve obtained about l6hs after
insertion. Clearly the sdil has moved back on
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Figure 11 - (b) and (c) Pressure Expanslon Curves

obtained from a Modified SBP (3%
Shoe) Compared with the Unmodified
Instrument, (a) for tests at 3.5 -
4 m depth

the instrument and become much stiffer, almosc
back to the undisturbed level. However, it is
interesting to note that the in situ lateral
stress has not been restored in that time. The
same patterr of behaviour has also occurred in the
results from other depths. Unfortunately only a
limited series of testing was done,and further 1t
was not possible to run the tests over a lomger
period; nevertheless, the trends would appear to
show that

(a)
-(b)

the soil quickly moves back against the
pile;

rhe stiffness of the soil is restored
within a reasonably limited peried of
time, although the time taken for the soil
to "flow" back about the 1.5 m caisson
could well be different from that taken
with the 75 mm diameter self-boring
pressuremeter;

the in situ lateral stress does not seem
te be restored, at least over the above
time period.

(c)

In the second series of tests in which a 6% over-
size shoe was used, the membrane was generally
collapsed under controlled conditions within a
short time after insertion. These results
indicate that the soil had moved back against the
membrane but was now considerably softer and of
low modulus. Figure 12 shows the results
obtained at 5.7 m.



In two tests the membrane
was left inflated to 3% overnight amd then
allowed to cecllapse. From these tests a con-
siderably higher modulus was observed than for
the “"immediate" tests.
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Figure 12 - Pressure Collapge Curves for a 6%

to Model the Soil Behaviour on the
"Back" Face of the Pile

In conjuncrion with the above tests, creep or
censelidation tests were run in which the pressure
in the membrane was kept conmstant and the strain
recorded with time. Two distinct types of results
oceurred as shown im Figure 13. If the pressure
applied was greater than the in situ pressure then
the pressure expansion curve followed curve A
whereas if the pressure applied was less:the in -
situ pressure expansion curve followed curve B

[
\A\
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: e
w BN
i \‘\\
-
n
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M
k=1
5 B
x5 0O O
[~}
s
[+
H
] L] 10 51 100
TEME (min)
Figure 13 ~ Comsolidatilon Curves
] CONCLUSEON

The results reported in this paper are all from
commercial testing and therefore are perhaps not as
precise as those which could be obtalned under
careful research procedures. Nevertheless the
results show that the determination of the modulus
of the soil obtained from self-boring pressuremeter
tests Is promising. Further more for the
detailed examination of the behaviour of the actual
caisson geometry, a self-boring pressuremeter can be
a particularly powerful tool since the boundary
conditions are more clearly understood.
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SUMMARY

The screw plate load test is proposed as a method for field testing of stiff clays,
is advanced beyond the bottom of the borehole in a manner that minimizes soil disturbance.

The plate
Values of un-

drained modulus, drained modulus, undrained shear strength and coefficient of consolidation are determined

in a straightforward test procedure.

The fundamental nature of the test as well as preliminary results

suggest that extremely valuable data may be obtained at relatively low cost.

i INTRODUCTION

Because of the difficulties associated with soil
sampling and laboratory testimg for efficient
evaluation of soil properties, investigators have
frequently sought suitable field testing procedures.
Indeed, under ordinary circumstances, for determi-
nation of engineering properties of coarse-grained
soils, field testing is the only viable procedure.
The disturbance associated with a proper sampling
process for soft insensitive clays is not par-
ticularly severe but frequent use of field testing
procedures such as vane shear tests and Dutch cone
penetrometer tests has been wmade. The methods

have tended to beceme more popular in commercial
testing of the latter soil types particularly be-
cause of economic advantages tc be gained. On the
other hand, in the case of stiff clays, there
appears to have been a preference for laboratery
testing and relatively little effort has been ex-
pended on the development of field testing pro-
cedures. This situation has prevailed in spite of
the fact that it is well established (Hooper and
Butler, 1966) that as far as borehole sampling is
concerned even the most careful techniques cause
considerable disturbance in these soils. Apart
from pussible direct physical disturbance of the
s0il structure the relief of high levels of insitu
stresses may lead to development of fissures not
present in the natural state. Although the origi-
nal insitu stress conditions may be Te-established
in the laboratory in conjurction with proper stress
path testing techniques the planes cf weakness will
remain. The test values obtained for strength and
deformaticn parameters may be sericusly affected.
This has been demonstrated for Adelaide clays by
Woodburn (1972). Furthermore, determination of the
magnitude of horizontal stress may invelive consider-
able uncertainty, and even when a reascnable pre-
diction of horizontal stress can be made, few
laboratories are eguipped for testing in accordance
with stress path procedures where the coefficient
of earth pressure at rest, K , is greater than
unity. In areas where high levels of solute suc-
tion prevail the influence of diffusion of incom-
patible test fluid may be significant. These argu-
ments appear to indicate a need for a procedure
that can economically measure the properties under
field conditions before any significant ciiange in
the insitu stress condition has cccurred. One
recent development in this direction has been the
self-boring pressuremeter but with this tool there
is a question of ecorcmic viability for many pro-
jeets. In this paper an adaption of the screw

1-255

plate load test is proposed as an alternative.
2 PREVIOUS SIMILAR WORK

The screw plate load test has been used in sands
and sandy soils by Janbu and Senneset (1973),
Schmertmamn (1970} and Dahlberg {1974) and in soft
clay soils by Schwab and Broms (1977). In these
tests a single pitch helical plate of diameter gen-
eraily in the range 150 to 25C mm is screwed from
the ground surface to the test depth. The load is
applied through a hydraulic system to a piston near
the plate. At regular Intervals of load applica-
tion the resulting deflection is measured and
either or both of compressibility and strength
parameters are obtained.

Ia the United Kingdom load tests using larpe dia-
meter flat plates have recently been conducted on
carefully prepared surfaces in shafts and large
diameter boreholes in stiff clay. The Building
Research Station (Marsland 1971, 1974) has used
865-mm dismeter plates mainly as a control test for
evaluation of other methods such as triaxial and
cone penetration tests. A smaller version has been
used as a commercial test procedure to some extent.
Deflection control rather than load control has
been the basis of the British tests and considere
able attentlon has been given to test rate. TFor
the 865-mm plate a penetration rate of 2.5 mm/min
has generally been used. Tests conducted at rates
several times higher and several times lower have
shown little change ir undrained property values.

3 TEST DESCRIPTION

The test developed at the University of Adelaide
incorporates some aspects from both of these test
types as well as some additional features. The
plate, 88 mm in diameter, is of a low pitch helical
form and, for tests in stiff clays, is advanced
approximately 100 mm beyond the bottom of a 90-mm
diameter pre~-drilled hole. The rate of advance per
revolution of the plate is controlled by a screw
at the surface whose pitch is precisely the same as
the underside of the test plate. In this way the
axial distortion of the undisturbed soil is mini-
mized during advancement of the plate. The leading
edge of the helical test plate is chisel shaped so
that the soil is cut and forced upwards into the
open hole. Experience has shown that a selid plug
of soil forms above the plate. This is signifi-
cant in that it forms a seal above the plate and
minimizes changes in water content or soil suction



during .the test period.

The test is in a form that essentially permits the
concurrent measurement of undrained wodulus, drain-
ed modulus, coefficient of consolidation and un-
drained shear strength. Both a lever arm system
and a geared drive are incorporated to enable eith-
er leoad or settlement control as desired. The fest
unit is shown in Figure 1. The procedure used in
the test method is as follows:~-

(a) The plate at test depth, 100 mm below
the bottom of the drillhole, is loaded to
the estimated value of the overburden stress.
If mevement occurs no further leoading is
applied until movement is iess than 0.0005
mm/min.

(b} An estimate is made of the ultimate
capacity of the plate based on the torque
reguired to advance the plate to the test
position. A correlaticen obtained from pre-
vious experience is used for this estimate.

St

Figure 1 Test Apparatus at Constant
Rate of Settlement Stage

(c} A load equal to one third of the es-
timated net ultimate capacity is applied to
the plate through the lever arm system. De-
flection readings are taken with time until
the deflection is less than 0.06005 mm/min.

(d) The system is then operated in a settle=
ment—-controlled mode and the plate is advanced
at a rate of 0.25 mm/min until a peak stress
level or, altermatively, 2 percent of the
plate diameter is reached. Records are taken
of both load and settlement.
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4 INTERPRETATION OF TEST DATA
4.1 General Load ~ Settlement Behaviour

The theory used for determination of an equivalent
elastic modulus has been reviewed by Selvadurai and
Hicholas (1979). They give the relationship for the
settlement, Ap, of & loaded horizontal disc in an
elastic medium as

Ap {140y ¥ 3edu )
60D/ E {1+ In(3-4u) }2/77]

where Ao is the plate stress iIncrement, D is the
plate diameter, and E and v are the elastic para-
meters of the medium. The disc is assumed to be
rigid, to be bonded to the medium on jits underside
but to be unbonded on its upper surface.

Finite element studies made by the authors have
shown that the effects of an unlined vertical shaft
no nearer than one diameter above the disc are
negligible. A possible additional source of error
in applying the model to soil is the onset of local
yield. D'Appolonia et al (1971) have investigated
this matter and have shown that, whereas local
yield may occur at lower stress levels in nermally
consolidated clays, such a condition is unlikely at
less than 50 percent of the ultimate bearing stress
in overconsclidated soils. In the proposed test
modulus measurements are restricted to approximately
the lower third of the stress range.

4,2 Undrained Modulus - Eg'
The substitution, v = 0.5, in Equation 1 for the un-

drained case ylelds the equation for undrained elas-
tic modulus, E

e
AaD
Eu 0.38 o (2}
[ Draiﬁed Modulus. - Es

Little dnformation is available for v for the stiff
Adelaide clays but the general similarity with
London clay in many respects suggests that similar
v values would be reasonable. Wroth (1971} has in-
dicated a value of 0.16 and on this basis the
rounded value of 0.2 is chosen. Substitution in
Equation 3 leads to:

y AoD
Es 0.42 Yy F3)

* 4.4 Coefficient of Consolidation -~ .

Janbu and Senneset (1973) have proposed a version of
the square root of time approach for determination
of a radial component of the coefficient of comsoli-

dation, c_. According to these authors the time
factor, Tgo,-is 0.335 so0 that
Ton RE 2
o, = — = 035 B )
90 : 90

where R is the plate yadius and tgg the time to 90
percent conscolidation. - :

4.5 TUndrained Shear Strength -~ e,

For conversion of the yltimate capacity of the plate
to an undrained shear strength value Marsland {(1974)
has used a bearing capacity factor, N_, of 9.6 for

stiff London clays. He cites theoretical values of



abour 5 for E /c. ratios near 20 and between 9 and
10 for E /c gregter than 500 cbtained from the
expansion of a spherical cavity and approximate
solutions by Meyerhof (1951, 1961). For Adelaide
clays as for London c¢lays the higher figure appears
to be more appropriate (Cox, 1970) and the equation
used by Marsland is proposed. That is:

c, = qu/9.6 (5%

where 4, is the net ultimate capacity of the plate.
5 RESULTS OF PRELIMINARY FIELD TESTS
5.1 Tea Tree Plaza Test Site

The first series of tests were conducted in the un-
drained mode only. (See Figure 2}. Both field
tests and consolidated (isotropic) undrained tri-
axial tests on 35 mm diameter samples were con-
ducted on soils from Tea Tree Plaza, an Adelaide
shopping centre site. These s0ils consist of a
stiff, highly plastic, pleistocence clay. The de-
flection rates used were relatively high and 20
percent of the plate diameter was used as the fail-
ure criterion. 1In these tests the bearing stress
continued to vise at a relatively rapid rate afrer
the initial vield periocd and it was only in later
tests that the slower penetration rate compatible
with that of Marsland (1974) was adopted. The un-
drained shear strength values obtained are likely
to be high because of the high settlement rate and
the 20 percent failure criterion. However, the
relative results are of comsiderable interest. A
rapid consistent linear increase in strength with
depth is observed. There is a similar trend in
the results of the triaxial tests but meore scatter
is apparent. The results for undrained modulus
are less decisive but a constant ratic appears
likely between modulus and strength. A factor of
4 to 5 appears to exist between laboratory and
field results for undrained modulus.

3.2 Victoria Square Test Site

At this site the combined drained -~ undrained load-
ing procedure was adopted. The soil is a typical
Adelaide city soil profile -~ a stiff, highly plas-
tic, grey-green Hindmarsh clay. The undrained
shear strength based on the stress at a deflection
of 2 percent of the diameter and a bearing capa-
city coefficient of 9.6 is indicated in ¥Figure 3.
Two of the ten tests, those at 7.5 and 9 metres
depth were entirely deflection controlled. The
values obtained for undrained shear strength for
these cases appear to indicate that an intervening
consolidation phase has little influence on the
measured undrained shear strength value.

3.3 University of Adelaide Campus Site

For the tests in a brown silty clay at the Uni-
versity of Adelaide campus site, improvement in
the apparatus enabled measurement of the addition-
al drained soil parameters in what appears to be a
reliable manner.

Figure 4 represents the settlement-time and stress-
settiement graphs, respectively, for a typical test
at 4.5 metres. The total time for the test includ-
ing extension of the borehole was about 2 hours.

In Figure 4(a) settlement was plotted in terms of
square root of time with detailed construction as
proposed by Janbu and Semnesett (1973). This en-
abled determination of undrained modulus, drained
modulus and coefficient of consolidation. Drained
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and undrained moduli were found teo be 28.3 and

105.7 MPa, respectively. The stress—-settlement

plot in Figure 4(b) produced the values

E = 48.9 MPa and C = 35.9 kPa. The discrepancy
u

hetween the two o values highlights the arbitrary

nature of the usual delinttion of £ . 1t is Lo be

expected that the value for E inte%preted in an

instantaneous sense from the vt plot will be

higher than that from a& strain controlled test.

6 ADVANTAGES OF THE PROPOSED TEST
6.1 Ko Conditions

Simons and Som (1973} have discussed the influence
of lateral stresses on deformation characteristics
of london Clay. In particular they Indleate thal
Lhe axinl compressilbility Ie a Lrlaxlal test [s
greatly Influenced by the ratio of lateral tro
vertical effective stress. The difficulties
associated, firstly, with determining the insitu
K_ conditions and, secondly, with reproducing
these conditions in the laboratory for stiff clays
would tend to indicate that this is likely to be a
large source of error o compressihil ity esti-
mation,  The wature of this field test censures
that the true KO conditiens exist at the test
start.

6.2 Approximation of True Stress History

The usual aim of the first part of reproduction

of the insitu stress history in a laboratory pro-
gramme 1s automatically achieved as discussed
above. The next step in the laboratory test is to
repreduce the stress conditions at representative
point at working load (Davis and Poulos, 1968).

To apply stresses that correspond to about one
third of those associated with the failure stress
level is frequently considered appropriate. This
is the procedure used in this test. However,
there is ne control over the horizontal stress in-
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crease as in the triaxial test and in this regard
the stress path is not entirely reproduced as de-
sired. Nevertheless, the approximation to the re-
quired stress path is far superior to that in many
test types and certainly to all currently used
field tests.

6.3 Test Oricentation

Phe proposed Lest essent folly models a large seale
structure and Ln doing so automatlcally aceounts
for some of the complexities. Many other tests
fail to do this, and, in these cases, possible
effects of anisotropy of soil properties need care-
ful consideration. Tor most structures a vertical
orientution of applied load is appropriate and this
(5 the normat situation for thls test. By applying
Lheory appropriate to isotropic conditlens, as is
usual, it is likely that an equivalent rather than
a true property value is obtained. Because of
the appropriate orientation of the down hole plate
ioad test it is likely that the eguivalent value

as obtained in this test is quite appropriate for
design.

6.4 Physical Disturbance

The nature of the penetration of the plate ensures
little disturbance of the insitu soil.

6.5 Natural Porewater and Temperature Environment

Particularly in the Adelaidearea where soils of
high expension potential are associated with high



solute suctions there is considerable doubt associ-
ated with the validity of conventional cedometer
and triaxizl test procedures. The use of back-
pressure testing in conjunction with tap water or
distilled water is not possible under these con-
ditions. A field test preocedure is a loglcal al-
ternative where matural porewater conditions appear
to be necessary. Proper temperature conditions
are sometimes of considerable importance and these
teo are automatically provided by the insitu test.

6.6 Range of Soil Properties

The single test arrangement can be used to provide
a valuable set of engineering properties all of
which are potentially more realistic than values
obtained by present methods. These irclude the un-
drained shear strength, the undrained elastic
modulus, the drained elastic modulus and the co=-
efficient of consolidation.

6.7 Eccneomics

Experience to date indicates that a two man crew
supported by equipment at a capital cost of about
$4000 could complete 3 tests per day including the
measurement of drained properties. This would
seem to be a viable commercial operation when it
is considered that the associated laboratory time
would be almost eliminated.

The plate size in use at present is smaller than
that used in European practice and much smaller
than the British plates. This aspect must be
further studied in relation to Adeladde clays as
it is likely that lower .strengths wiil be obtained
for larger plates as has been the case in Britaim
due to natural fissures. However, in terms of
volume of soil tested, the present size of plate
is superior tc most laboratory tests and many field
tests. Equipment for drilling 90-mm diameter holes
exhibits much greater convenience and lower cost.
In addition, the reaction requirements are very
reasonable even for very stiff soils. This con-
venient size means that a larger number of tests
may be run and better representation of the over-
all cenditions may be obtained. The limitations
on test depth are essentially the same as those
associated with conventional drilling equipment.

7 SUMMARY AND CONCLUSIONS

Prellminary results obtalned [rom the dovm hole
plate load test apparatus speclally developed at
the University of Adelalde for testing of stiff
clays appear to indicate that it has some potential
as both a research and.commercial testing tool in
these types of solls. In particular, the capa-
bility for measurement of drained mcdulus aund co-
efficient of consclidation in a reascnable test
time period is a valuable one. Much work remains
to be done to further improve interpretation pro-
cedures and to consider the influence of variables
such as the test plate diameter. However, there is
good reason to believe that the parameters as pre-
sently obtained exhibit a higher level of relia-
bility than those associated with many currvently
used test methods.
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