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(d} The value of c' is not necessarily zero even for
relatively low stréss ranges.

(e) The results for the Kaolin indicate that the
method of conducting residual shear tests does affect
the laboratory estimate of E;.

(f) Some Australian soils show very high brittleness
indices (up to 0,75 at 30 lbs/sq.in) and it is worth
noting that it is for soils such as these that

residual strengths are most likely to be of relevance.
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reach the ultimate critical state, have
identical p values according tc the hypo-
thesis made earlier in this paper. Undrain-
ed strength ratios from equations 4a and 4b
at critical state will be given by:

w 3 — 8in ¢!
T3 + sin ¢ (5a)

- 3 ~ sin ¢’

ARETY, {5b)

dﬂkﬁ Jﬂdﬂ

Values of m for clays have been found to
be about m = 0.4 for remoulded clays

(Ref. 4, Ref. 5 ). Taking a value of
0.4 gives the values of 9p shown in Table 1
qc
for different values of ¢! values of Eg
are also given in Table 1. e
TABLE I
PREDICTED RATIOS OF UNDRAINED SHEAR
STRENGTHS
y Ze %
e 9
20° 0.80 0.95
250 0.75 0.92
30° 0.71 0.89
35° 0.68 0.87

Thus, predicted undrained shear strengths
in triaxial extension are less than in un-—
drained triaxial compression, the difference
increasing from 20% at ¢' = 20° to 32% at
¢' = 35°. Most clays lie within this range.

Predicted undrained shear strengths in
pPlane strain are also less than in triaxial
extension, the difference ranging from %% at
' = 20° to 13% at ¢' = 35°. For values of
¢' between 20° and 25°, which range includes
a large number of clays, the difference is
8% or less, which is only just distinguish-
able in normal routine laboratory testing.
ITI. - COMPARISON OF PREDICTIONS WITH

OBSERVED RESULTS

Strict comparison of observed dor 9 and
4. values can be made in the light of the

above theory only at the critical state con-
dition. Most published test results are for
failure (i.e. peak deviator stress) in re-~
moulded clays, but the stress strain curves
for remoulded clays, both normally consolid-
ated and overconsolidated, are usually of
the type shown in Fig.lb. Thus the critical
state and failure conditions are coincident
and these results can be compared with the
Predictions.

All published information for undrained
triaxial tests on saturated clays show shear
5trengths in extension to be less than shear

strengths in compression by 14% to 30%,
averaging 20%, and so in general there is
good agreement between predicted and ex-
perimental results. Actual published results
are given in Table II.

TABLE II
OBSERVED RATIOS OF qe/qc
Worker Soil '
qE/qC
Parry (Ref.3) Rem.NC & OC clay! 22°|0.85
Hirshfield(Ref.€)Und.NC clays -~ 10.75 to
0.80
Wu et al (Ref.7) |Rem.NC clay 32% o.70
Broms et al rem,NC clay 299 0.70 to
(Ref.8) 0.80
Ladd et al(Ref,9}Rem.NC clay 33% |o.86

It is more difficult to make a compari-
son of qp and q, because for most published

results the initial consolidaticn for triax-
ial tests has been different to those for
plane strain tests, which are usually pre-
pared under K, conditions.

An interesting case has been published by
Henkel & Wade (Ref.4)for Weald clav {¢'=247).
Both triaxial specimens and plane strain
specimens were prepared under KO conditions

with the clay normally consolidated. The
triaxial test shows a flat top curve as in
Fig.lph while the plane strain curve shows a
small peak as in Fig.la. Thus the maximum
qp value exceeds the maximum q. value by 4%.

However at high shear strain the qp value

falls below q. and at the end of the test qp
is 4% less than Qg which corresponds reason-

ably well with the predicted behaviour.

Shibata and Karube(Ref.l0)using equipment
applying all three principal stresses in-
dependently show, for normally consclidated
clay, similar behaviour to that shown by
Henkel and Wade. Assuming their tests where
m = C.4 to correspond closely to plane strain
conditions they show ultimate shear strengths
for these tests about 4% less than compression
values.

The qp values of 4% less than = observed

by Henkel and Wade (Ref,4) and Shibata and
Karube (Ref.1l0)compare with predicted differ-
ence of 7%. However these predicted and ob-
served differences vary only by 3% which is
less than the experimental accuracy for this
type of testing.

Where initial consolidation conditions for
two samples of a clay are not identical, com-
parisons of the dimensionless terms

(g) and (g)c can be made against predictions

P



given by Eg.d4a and 4b. The predicted ratios

will be the same as given for qp/q in
Table I. ©n this basis of comparigon plane

strain values obtained by Thurairajah (1961)
were 8% less than triaxial compression values
for Spestone Kaolin (¢' = 24°). This agrees
very well with the predicted relationships.
IV. - DISCUSSION

Conditions in practice rarely correspond
closely to triaxial extension conditions but
frequently correspond to plane strain con-
ditions. Thus, according to the above theory,
differences in ultimate strength for differ-
ent stress paths in the field are not likely
to be greater than about 13% for clays and
should be more commonly in the range from 5%
to 10%.

However, where interchange in the direc-
tions of the major and minor principal
stresses occurs, stress-strain curves (i.e.

g vs axial strain) can show guite different
shapes to those where no interchange occurs.
In these cases the theory above will not
apply in making a comparison of maximum
deviator stresses. In some soft clays in

the field, however, this condition of prin-
cipal stress interchange during shear may not
be important. Most scft clay deposits are
lightly overconsolidated, often through move-
ments of ground water level (Ref. 12) , and
the KO value which is typically 0.6 for a

clay normally consolidated in the laboratory
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rises to unity for overconsclidation ratios
between 2 and 3. Thus, when the soil in the
field has been lightly overconsolidated to
this extent, the initial stress conditiocns
will be almost isctropic and so principal
stress interchange would not occur in the
field.

V. = CONCLUSIONS

Using a simple critical state concept and
the Mohr-Coulomb failure criterion,it has
been predicted that undrained shear strengths
for clays will be less in triaxial extension
than in triaxial compressicn by amounts
ranging typically from 20% to 32% and lab-
oratory observations confirm this. It has
also been predicted that undrained shear
strengths in plane strain will be less than
in triaxial compression by values ranging
typically from 5% to 1C%, and laboratory
observations again confirm these lower values.

The large predicted and cbserved differ-
ences between extension and compression is
of a limited interest practically because
extensicon conditions are rarely encountered
in the field. Plane strain conditions are
common in the field and the results given in
this paper will have some relevance in pre-
dicting relative undrained shear strengths,
except where an interchange in the direction
of maximum and minimum principal stresses
occurs during shearing.
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cause insignificant changes in the dry unit weight at
moisture contents above the optimum.

At low moisture contents, soil structure before com-
paction tends to change from edge-to-face type of
flocculation to face~to-face flocculation (or sSo call-
ed "salt flocculation™) as the salt concentration in-
creases (Ref. 10 and 11). Consequently, under the
influence of dynamic compaction, the clay particles
become more oriented and the compacted dry unit
weight increases with increase in the salt content.
However, when the salt concentration is high, there
is a large increase in the net attractive forces
(i.e. the long range interparticle forces) which,
combined with the amount of ions present in the soil-
water system, offer strong resistance for particles
to move closer even under the influence of compaction
forces. As a result, the changes in the compaction
characteristics are insignificantly small. For the
Bangkok Clay, this phenomenon occurred when the salt
content was higher than 2 per cent (Fig, 1lb).

The decrease in the optimum moisture content of the
Bangkok Clay as the salt content increased may be
explained by the fact that the higher the degree of
face-to-face flocculation, the lower the amount of
water required for lubrication. On the wet side of
the compaction curve, the effect of shear strains,
which are imposed by the compaction process, on par-
ticle orientation (Ref. 12) becomes dominant. The
clay particles tend to form an oriented structure
irrespective of the difference in salt content and
this diminishes the effect of salt on the dry unit
weight.

IV. COMPRESSIVE STRENGTR

(a) Effects of Salt Content on Stresses at Low
Strains

Figure 2 presents the results of the effect of salt
content on the stresses at 2 per cent strain by con-
sidering the salt as a part of the solid. An increa-
se in the salt content to 2.3 per cent increases the
stresses at this low strain for specimens compacted
on the dry side of the optimum moisture content.
However, the stresses decrease as the salt content is
further increased. On the other hand, for specimens
compacted on the wet side of the optimum, the stress-
es at this strain continuously decrease as the salt
content is increased. Figure 2 further indicates
that an increase in the molding moisture content
decreases the strength of the soils at all salt con-
tents. TFor the explanation of these resulrs, it is
necessary to refer to the compaction characteristics
of the soil.

The decrease in strength at low strains with increase
in the molding moisture content can be explained on
the basis of the concepts proposed by Lambe (Ref. 1)
and Mitchell et al (Ref. 13). At low moisture con-
tents, the compacted soil has a random particle
orientaticn but as the moisture content increases,
the soil particles become more oriented. Since the
number of interparticle contacts in a randomly orient-
ed structure is more than in a seoil with oriented
structure (Ref. 7), the effective stresses and hence
the strength in soils compacted at low moisture con-
tents should be higher than those compacted at high-
er moisture contents {Ref. 13). The reduction in
strength might be expected to be even more pronounced
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Fig. 2 - Relationship between Stress at 2 Per Cent
Strain and Molding Moisture Content.

when the meisture content is above the optimum, since
the degree of particle orientation will continue to
improve due to the combined,effects of high moisture
content (Ref. 1) and shear strains caused by the com-
paction process (Ref. 12).

For consideration of the effect of salt content, it
is necessary to consider in detail effects of salt
content on the interparticle forces, in both short
range and long range, as well as on the particle
orientation in a Soil-water mixture. An increase in
the sodium chleoride concentration in the pore fluid
of a clay-water system has three effects. Firstly,
it increases the net attractive forces between the
soil particles (Ref. 1); secondly, it increases the
short range adsorptive forces which are due te in-
creases in the local ionic interactions and the hy-
dration capacity from the sedium ions (Ref. 1l4); and
thirdly, it increases the potential energy of the
clay particles (Ref. 12)., The second and third
effects may be regarded as the short range forces,
whilst the first effect is of a long range nature,
Available data seems to indicate that the first and
second effects control the soil behavior at low salt
contents and the third effect controls the soil beha-
vior at high salt contents.
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2 per cent, the rate of thixotropic strength increase
decreased as the salt concentration increased during

the early stage (l-day) and, then, the soil with the

highest excess internal energy (at a salt concentra-

tion of 40 gm per liter) gained strength more rapidly
than the other samples as shown in Fig. 8.
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Fig. 8 - Thixotropic Strength Increase versus Curing
Time for Soil Compacted at Optimum Moisture
Content Plus 2 Per Cent.

For soils compacted at the same moisture content on
the wet side, i.e. 27 per cent, the rate of thixotro-
Pic strength increase appeared to be directly depen-
dent upon the amount of excess internal energy (Fig,
9). Tor this group of Specimens, the excess internal
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Fig. 9 - Thixotropic Strength Increase versus Curing
Time for Soil Compacted at 27 Per Cent
Moisture Content,

energy was higher than for the first group. It is
likely that even during the early stage of curing,
the effect of excess internal energy overshadowed the
effect of ion concentrations on the ion mobility.

On the basis of the above data, it might be postulat-
ed that the main factors which control the rate of

thixotropic strength increase are the excess internal
energy, the mobility of the ions in the double layer
and the rigidity of the soil structure. The effect
of excess internal energy would then dppear to be the
most dominant and the rigidity of the soil structure
the least dominant. The latter probably controls the
soil behavior after a very long curing time. At that
stage, the movement of soil particles will be rela-
tively more proncunced, and the resistance to the
movement will be due to the rigidity of the soil
structure itself, which, in this investigation,
appeared to decrease as the salt concentration in-
creased. Thus, a soil with a higher salt concentra-
tion will offer less resistance to particle movement
in the long term than one with a lower salt concen~
tration. The results shown in Fig. 9 indicate that,
for specimens compacted at the same moisture content,
the rate of thixotropic strength increase after a
long curing time (more than 28 days) increases with
the salt concentration.

VI. CONCLUSIONS

The need for considering the effects of externally
applied stress and the short range interparticle
forces on the structure of compacted clay has been
illustrated by experimental evidence.

The mechanism of the thixctropic characteristics of
the clay studied in general follows the hypothesis
proposed by Mitchell {Ref. 17). This hypothesis has
been extended to postulate that the maximum thixotro-
pic strength increase occurs at the maximum excess
internal energy and that the rate of thixotropic
strength increase is dependent upon the magnitude of
the excess internal energy as well as the mebility of
the soil particles. As far as the mobility of parti-
cles -is concerned, the role of the short range inter-
particle forces seems to be of minor significance,

On the other hand, the magnitude of the excess inter-
nal energy is primarily dependent upon the applied
external stresses and upon the particle contacts, for
which the short range interparticle forces are of
great importance. However, the effects of the long
and short range interparticle forces on the magnitude
of the excess internal energy cannot be separated
from each other at this time. This research should
stimulate further studies on the importance of the
effects of short range forces.
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(b} Volurnetric Strains

The majority of S, S. A, tests performed by the
author were drained tests, and therefore some
consideration should be given to the general pattern
of volumetric strains predicted by the Cam-Clay
model. Irrecoverable {plastic) volumetric strains
occur ounly when the sample state moves across the
volumetric yield surface due to a change in the
applied stresses, The magnitude of such strains is
related directly to the magnitude and direction in
stress space of the applied stress increment.

If an applied stress increment is such that the
sample state lies always beneath the state boundary
surface, then only recoverable {elastic) volumetric
strains occur, In such a case, the strains are
confined to a vertical elastic wall whose projection
on the e - log p plane is parallel to an elastic swell-
ing line. A typical elastic wall has been represent-
ed in Figure l. Xach of the many possible elastic
walls is defined by the combination of Tyy and Ty
at which yielding last occurred. During elastic
deformation, the void ratio is thus solely a function
of the mean effective pressure, and is independent
of possible variations in the applied shear stress.

Specific illustrations of the above are provided
by twe types of test used in the experimental
programme. The first is a "constant 03.'3 " test,
i,e. a drained shear test during which the vertical
applied load is held constant. Such tests can be
performed with various initial over-consolidation
ratios as represented on Figure 2 by idealised paths
such as MN and M'N'. The second test, a "constant
Tey Y test involves three stages., Counsolidation to a
value of 0'3’3 is carried out, followed by an increase
of Txy from zero up to the selected value, Failure
is then induced by a successive step-wise reduction
in dy, , with drained conditions at all stages. An
idealised stress path for this type of test is given
by AST in Figure 2,

A va.ris:ty of tests can be selected using either
constant Jyy or constant T.y stress paths and these
provide evideuce against which the basic assump-
tions of the Cam-~Clay model can be assessed.

(¢) Shear Strains

The theoretical Cam-Clay model presented thus
far associates shear strains only with irrecoverable
volumetric strains; this is a logical extension of
the application of Drucker’s stability criterion. All
shear strains (angular strains in the S. 5. A. test)
therefore occur as a result of movement of the
sample state across the volumetric yield surface,
Thus a stress increment which involves sample
states lying wholly beneath the state houndary
surface should cause no shear strains.

This idealised specification of shear strains in
the Cam-Clay model is incomplete as (for example)
it has been established that significant shear strains
occur during triaxial tests on overconsclidated
samples (Bishop and Heunkel 1962). Attempts have
been made recently (Wroth and Loudon 1967, Roscoe
and Burland 1968) to include into the framework of
the Cam-Clay theory additional shear strains which
overcome the obvious objections to the simplified
model. This has been done essentially by consider-
ing shear strains as being of two types - the first
being a function of plastic volumetric strains as
discussed ahove and a second involving shear strains
which are independent of yielding on the state
boundary surface.

The second category of shear strain is the
subject of current interpretation. On a two-dimen-
sional representation of the state - boundary surface,
Wroth and Loudon (1967) presented contours of equal
shear strain for standard undrained triaxial
compression tests on overconsolidated clay
speciments, including one normally consolidated
sample. They showed that the use of these contours
enable an accurate prediction to be made of the
total shear strains occurring in a drained over-
consolidated test.

The author has used this strain contour concept
to present results from a number of tests involving
different stress paths, While this approach is
empirical in its nature, some more fundamental
basis for its use is contained in the work by Roscoe
and Burland (1968). For the present, the empirical
approach does enable a significant assessment to he
made of one area in which the overall theory is
deficient,

(d) Time Effects

Time-dependent deformations of the idealised
clay model have thus far not been considered. It
has been assumed in the past {Roscoe, Schofield and
Thurairajah 1963} that such deformations are the
result of a diffusion process, and that the eifective
soil structure is non-viscous. This assumption has
been studied in some detail (Walker 1969), as the
viscous properties of real clays prove to be of
significance under some conditions. In essence it
has been shown that the mean stress-strain curve
obtained from an incremental stress-controlled
shear test is independent of the increment duration
time, provided that pore pressure equalization
throughout the sample is achieved in each increment.

The stress increments in the author's drained
5.8. A, tests were permitted to act for the 100%
consolidation time defined during preliminary
consolidation of the sample. This time varied
between 20 and 90 minutes for different samples,
For the few undrained tests reported herein, an
increment time of 10 minutes was generally used,
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This latter conclusion is in marked contrast to
the deformation characteristics of the same clay in
the triaxial compression test. Published data show
conclusively that shear strains in drained triaxial
shear tests on normally consolidated clays are
largely associated with volumetric yielding of the
clay. Asa consequence, shear strain prediction
using the Cam-Clay theory is quite accurate {Burland
1965). Roscoe and Burland {1968) have discussed
the stress probes possible in plane strain shear tests,
and the 5.5. A, test in particular, and have justified
the small shear strains observed in such tests,

It is apparent from the test results presented
above that the mathematical Cam-Clay theory as
presently constituted is deficient to the extent that
shear strains which are not associated with volumetric
yielding can dominate under certain stress conditions.
Such strains cannot as yet be quantitatively assessed
within the framework of the theory.

VI. -~ CONCLUSIONS

Experimental data from simple shear tests with
a variety of stress paths have been analysed in terms
of current concepts associated with Cam-Clay model.
The stress paths involved both an increase and de-
crease in vertical stress, although at no stage was
a reduction in horizontal shear stress applied, hence
conclusions must be restricted only to those paths
which have been investigated,

’
The data confirm the existence in Ty ny‘y
e space of a unique state boundary surface which,
together with the co-ordinate axes, enclose all
possible states of the clay studied. The surface is
composed of two parts - the volumetric yield surface
and the Hvorslev surface - which are joined by a line
which contains all possible failure states of normally
consolidated samples. The yield surface defines
the surface on which irrecoverable volumetric strains
may occur, while the Hvorslev surface contains all
possible failure states of the clay. Within the
limitations of the experimental programme, the state
boundary surface as a whole was found to he indep-~
endent of the stress path chosen.

3

Void ratio changes beneath the surface are
essentially recoverable and are confined to a series
of vertical elastic walls, whose projections on the
€ v Iog G'Jy plane are parallel to the swelling curve
obtained from one dimensional consoclidation tests.
Angular strains associated with stress paths beneath
the state boundary surface define a family of strain
contours which appear to be independent of the chosen
stress path. The test data indicate that angular
strains associated with volumetric yielding are
relatively small, and consequently the determination
of a strain contour pattern is of considerable import-
ance in the interpretation of plane strain test results.

VII. - ACKNOCWLEDGEMENTS

The experimental work reported above was
performed in the Engineering Laboratories at
Cambridge University under the direction of the
late Prof. K. H. Roscoe.

REFERENCES

BISHOP,A.W. and HENKEL, D. J. (1962) "The
Measurement of Soil Properties in the Triaxial
Test'. Znd. ed. Edward Arnold,

BURLAND, J.B. (1965} Correspondence. Geotech-
nigue Vol. 15 pp 211-214.

BURLAND, J.B, (19¢7) "Deformation of Soft Clay™
Ph.D. Thesis, Cambridge University.

DRUCKER, D.C, {1959) "A Definition of a Stable
Inelastic Material" J, App. Meck, Trans, Amer.
Soc. Mech. Eng.Vol. 26 pp 101-106,

HENKEL, D.J. and WADE, N,H. (1966) "Plane Strain
Tests on a Saturated Remoulded Clay" Proc. Am. Soc.
Civ. Eng., Vol. 92 SM6 pp 6780

HVORSLEV, M.I. (1960) "Physical Components of
the Shear Strength of Saturated Clays' Proc. Am. Soc.
Civ. Eng., Res. Conf. at Boulder, Colorado ppl69-
273

ROSCQE, K.H. {1953) "An Apparatus for the Applic-
ation of Simple Shear to Soil Samples' Proc, 3rd Int.
Conf. S.M. and F.E. Vol.l pp 186-191

ROSCOE, K.H. and BURLAND, T, B, (1968)"'"The
Generalized Stress-Strain Behaviour of Wet Clay"
Symp, on Eng., Plasticity, Cambridge University.
ROSCQCE, K.H. and SCHOFIELD, A.N. (1963)
"Mechanical Behaviour of an Idealized Wet Clay"
Proc. Europ.Conf.50il Mech. Wiesbaden Vol, lpp47-
54.

ROSCOE, K.H.SCHOFIELD, A, N, and THURAIRA -
JAH, A(1963) "Yielding of Clays in States Wetter than
Critical" Geotechnique Vol.13 pp 211-240.

ROSCOE, K ,H,, SCHOFIELD, A.N. and WROTH,
C.P. (1958)}-"On the Yielding of Soils'.Geotechnique
Vol.9 pp 72-83.

ROSCOE, K.H. and THURAIRAJTAH, A, (1966})"'On

the Uniqueness of Yield Surfaces for Wet Clays"
IUTAM Symp.on Rheology and Seil Mech, Grenoble

Springer-Verlag, Berlin pp 364-384

SCHOFIELD, A,N, and WROTH, -C. P. (1968) "Critic-
al State Soil Mechanics' McGraw-Hiil

WALKER, L.K. (1967} "The Deformation of Clay-as
a Time-Dependent Process, ""Ph,D. Thesis, Cam-
bridge University.

WALKER L.K. (1969) "Secondary Compression in
the Shear of Clays' Proc. Am.Soc.Civ.Eng. Vol. 95
SM! pp 167-188

WROTH, C.P. and LOUDON, P.A. (1967)"The
Correlation of Strains within a Family of Triaxial
Tests on Over~consolidated Samples of Kaolin™.
Proc. of Conf. on Shear Strength Properties of
Natural Scils and Rocks, Oslo Vol.l pp 159-163.













34

Shape of compressive

Method required to

cl D iptid
ass escription Known examples stress—-strain curve, control fracture
Ia Soft, highly porous, granu— Indiana limestone (Refs. Conventional machine in
lar sedimentary or weathered 7-9,12), some sandstones some cases, stiffened
rocks. (Refs.12,16), weathered o machine in others.
granédiorite (author's v
unpublished data). & di:i:::::i:::T
Strain
Ib Crystalline igneous and Pink Tennessee marble Thermal stiff machine
metamorphic rocks of low (Refs,7-%9,11) South or servo-control, Very
porosity with average grain African norite (Ref.16), stiff conventional
size generally not less than South African quartzite ] machine in some cases.
0.75 mm. Sedimentary rocks (Refs.16,21), Charcoal 2
of medium low porosity. Gray CGranite (Ref.8,9). b
Strain
IIa TFine grained ignecus and White Tennessee marble Thermal stiff machine
metameorphie rocks of low (Ref.13), Westerley possible but servo-
porosity. granite (Ref.l10), A control more convenient.
Frederick diabase (Ref. o
10), basalt (Refs.8,9). a
Strain
IIb Densé, ultra-fine grained Solenhofen limestone Failure generally
homogeneous rocks. (Refs,8,9). uncontrollable.
@
a
v
4o
w

Strain

TABLE I

‘now emerged. Short inter- and intra-granular sub-
axial cracks of cone or two grain diameters in length
appear well before peak strength is reached and in-
crease in numbers as deformation continues. There is
no evidence of shear movement along these cracks and
this, together with their orientation, would indicate
that they are tensile fractures. The fact that this
tensile cracking is a local phenomenon in most rocks
tested in uniaxial compression is explained by the
heterogeniety and anisotropy of the rocks resulting
in a non-uniform distribution of stresses within the
specimens.

The only currently available failure theory pre-
dicting this tensile mode of fracture is the effect—
ive tensile stress theory (Refs.24,25) in which it is
postulated that when a specimen is loaded axially in
compression, inter-particle bonds will be extended
laterally and will eventually fail in tension. De-
velopment of the theory to date has been in terms of
a particulate model of a linear, homogeneous material,
In its present form the theory would appear Lo be
ideally suited to Class IIb materials in which the
stress-strain curve is closely linear up Lo its peak.
The situation is not so straightforward with Class Ib
and Ila materials in which the point of fracture in-
itiation and the peak of the stress-strain curve do
not so nearly coincide,

V.- PRACTICAL IMPLICATIONS

Following the development of techniques for the
determination of complete stress-strain curves for
rock, it was soon recognized that use of such data is
an invaluable aid to the study of the stability of
underground openings. Consider the simple example of
a room and pillar mining system in which a given pil-
lar has the load~deformation characteristic OAB in
Fig.5, and the surrounding mine system has a lecal
stiffness of ~K, If the pillar is replaced with a
jack, and the jack is slowly retracted, the rocf will
sag and some floor uplift will occcur as the load de-
creases. FProvided the roof remains intact, the curve
relating the force on the jack to the convergence be-
tween the roof and floor will be an approximate
straight line with a slope of -K. If this mine-sti-
ffness characteristic is similar to that represented
by AHE (Fig.5a), failure of the pillar will be catas-
trophic, This is because at any post-peak deformat-
ion, §, an excess of energy egual to the.area AHJ is .
available for accelerating the pillar into rapid col=-
lapse. If, on the other hand, the mine-stiffness
characteristic takes the form of ALG in Fig.3b, the
roof is unable to supply the force necessary to de-
form the pillar beyond the peak load so that the
situation is stable, and controlled failure cccurs,
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It seems certain that microfracturing in brittle
rock ig associated with a form of creep instabillty,
It is observed that the appearance of the fracture
surfaces formed in short~term compression tests,
where the failure mechanism is thought to be micro-
fracturing, is very similar to those formed after
long-term loading tests, in which significant amounts
of ereep were observed prior to failurs. This can be
taken as evidence that microfracturing is important
in the mechanism of creep, as well as that of rapid
elagtic deformation leading to brittle fracture.

Dilatency has alsc been observed just before
fracture in short-term compressive strength tests
(Refs. 8, 9, 10). Bieniawski (Ref, 11) has made
detailed investigations on this subject and postulat-
ed a theory of brittle fracture of rocks on the basis
of microfractures developing during compression of
rocks,

Fig. 1 is & schematic diagram of Bieniawski's
postulated mechanism of brittle fracture of rocks
under compression, with induced pore pressure effects
(Refs 12)s The microcracks initlally present in the
intaet rock first close, then olastic deformation of
the specimen takes place for a limited stress range.
At higher stresgses the process becomes nenelastic,
the strain is nonrecoverable and fracture propagation
starts,

Bieniawski distinguished two phases of fracturs
propagation: stable and unsteble. In steble fracture
propagation, the failure process is a function of the
loading and can be controlled accordingly but in
unsitable fracture propagation extensive micro-
fraeturing starts, the specimen dilates, and fractures
propagate uncontrollably, It is in fact the stress
at the onset of unstable fracture propagetion which
indicates the long~term strength of the rock, The
gtress at which unstable fracture starts is given by
the point on the atress versus volumetric curve,
above which the volumetric strain starts increasing
rather than decreasing according to elastic behaviour,
or where the siress versus axial strain curve departs
from linearity.

The pore pressure curve shows initial curvature
due to closure of inherent cracks and voids and then

becomes linear as the rock acts elastically. Later
the rate of increase of pore pressure starts decreas—
ing, illustrating the phenomenon of fracture
initiation. The pore presaure attains peek value when
the volumetric strain becomes minimum., Beyond this
point the pore pressure decreases and indicates the
onget of unstable fracture propagation. The pore
pressure goes below its initial value when the
speclmen starts dilating beyond the initial volume.

It is implied from the work of the above invest-
lgators that a rock specimen will not be able to
Bustain, for an indefinite length of time, a load
higher than that required for unstable fracture
propagation, The structural break-down of the spec~
imen has already been initiated at this stage and the
final rupture is just & matter of time.

IV,~ THE VOLUMETRIC STRAIN METHOD

The success of the volumetric strain methed for
long-term strength determination depends on how
accurately the point at which reversal of volumetric
strain tekes place can be esteblished. The reversal
of the volumetric strain curve usuelly takes place
shortly before the fracture of a specimen and it is
hard to accurately locate it unless a continuous
recording system is used. The estimation of volu-
metric strain includes transverse strain of the
gpecimen, which is difficult to record accurately.
The volumetric strain is caleulated from the equation

E, = EA+2€-1-
vhere €y = volumetric strain,
€, = exial strain, and
£+ = transverse strain,

Wiid (Ref. 13) has used the volumetric technique
for determining the long-term strength of dolerite
and found it quite elose to the value that he obitain-
ed from direct tests. This technique has been alsc
successfully used in concrete (Refs. 14 and 15).

Ve~ OBJECT OF EXPERIMENTAL INVESTIGATION
The object was to investigate short-term methods

of finding the long-term strengths of rocks and to
establish the validity of these methods by determining
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Fig.5. Log stress-log strain plots of
Sicilian marble specimen (C-2),
Wombeyan marble specimen (W-7) &
North Broken Hill ore {NBH-3).

specirens teated in this programme were also plotted
on log-log graphs, Two clear kinks were observed in
the grephs for Sicilian marbtle, Yombeyan marble and
North Broken Hill ore (Fig. 5}, The second kink on
log stress~log strain plots represents the point from
which stress-axial strain curve deformation rate
staris decreasing. Therefore, the stresa correspond-
ing to the zecond kink gives the long-term strength
of the specimen., The long~term strength predicted by
thie method is the lowest of all the methods invegt-
igated in the present study,

The loading rate methed was the quickest as the
long-term load and hence the long-—term strength could
be predicted from the recorder chart as soon as the
tests were over. The point at which the rate of
loading starts decreasing could be easily found due
to the sharp change in the gradient (Fig. 4)}. Since
the processing and plotting of the date are not
involved, the predicted long-term strengths by this
method were considered to be more accurete than by
other methods.

Where it is not possible to adopt the loading rate
method due to lack of suitesble equipment, log stress-
log strein or simply stress-strein methods mey be
preferred due to their simplicity as compared to the
volumetric strzin metkod, The determination of
lateral strein involved in velumetric strain is a
tedious process and a completely correct representat-
ion of lateral deformstion is possibile only when it
is measured at a number of places along the circum-
ference and et a number of sections covering the
entire height of the speciren. In fret the value of
laterel strein measured perpendicilar to the frecture

surface is the most welid strain bul it is diffieult
to know the plane of fracture before the test so as
to locete the deformation measuring instrumenta
accordéingly,

Sometimes it is difficult to precisely locate
the point from which the stress-asxizl gtrain curve
starts deviating frow linearity but the second kink
in the log stress-log strein plot is obtained guite
easily. The log stress - log strein method estimates
e slightly lower value of long-term strength which is
safer to adopt for designing underground structures.

Other rocks which exhibited time-dependent
strengths are Bondi sandstone, Coomalie dolomite and
Mary Kathleen garnet-diopside~scapolite. Their time-
dependent strengths predicted by the loading rate
method end expressed as percentages of mexdinum
strengths are given in Table 1, A few specimens of
Broken Hill South quartzite (3 out of 15 specimens
tested) and Cobar ore {4 out of 33 specirens tested)
also exhibited time-dependent strengths but no
definile trend was found,

Kembalda basalt, Lilydale limestone {except 2
specimens), Broken Hill South gneiss, Mt, Isa green-
stone, Cobar mudstone and Appin colliery shale did
not exhibit any time-dependent strengths by the
ghori~term methods used for predicting long-term
strengths in this project. These rocks did not show
any plastic deformation before fracture, which indi-
cated that the strengths of these rocks are independ-
ent of time, at least to the limit of sensitivity of
the messurements in the present investigation,

Keambalda basalt and Lilydale limestone mostly
behaved in an elastic mamner to the point of rupture,
where the specimens failed suddenly in an explosive
marner. A few specimens of Broken Hill South gneiss
did show plastic behaviour tut only after the
stress reached its maximum value and there remained
constant up to rupture while deformation continued
at the same rats (Fig, 6).

Mt. Isa greenstone, Cobar mudstone and Appin
colliery shale mostly failed slong their pre-existing
weakness planes and their stress-exisl strain curves
were linear up to rupture. In such rocks the weakness
pleanes and their orientation to direction of loading
play more important roles than the rock material
itself,
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Fig. 6 Stress-strain curves for Broken Hill
South Guneiss tested in uniaxial
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TABLE I
RECENT EXAMPLES OF LIQUEFACTION

: . Japan
Location Chile Alaska (Niigata)
Date 1960 1564 1964
Earthquake
. .3 7.3
Magnitude 8.4 8
Maximum Modified _
Mercalli Intensities X1 VITI
Epicentra] 160 - 400 km 60 - 150 kn 60 kn
Distances
Fluvial and glacial gravels, Sand layers and lenses Alluvial sands, filled
Soil sands, silts, unconsolidated in clay deposits; silts, land.
Conditions soil placed by dumping or sands and gravels.
hydraulically.
Settlements and tilting of Coastal slope failures, Settlement and tilting
Phenomena buildings and foundations, slumping and cracking of buildings, slumping
Observed slumping of highway and rail- of beach and deltaic and cracking of ground
way embankments, overturning deposits, surface, slumping of
of bridge abutments and old embankments and sliding
walls, Mud pumping. of slopes, surface in-
undation and sand boils.
References Ref. 5, 3 Ref, 3 Ref. 6, 2

Alaska 1964, and Japan (Niigata) 1964 (Ref. 5, 3, 2,
6). A summary of data is given in Table I. In these
cases severe damage to structures was caused by ground
failure due to liquefaction rather than the direct
effect of vibrations.

Examples of observed liquefaction response have
defined areas susceptible to this type of failure.
These areas include thick deposits of loose alluvial
soils, saturated sand layers and lenses within other-
wise stable soil masses, reclaimed land Formed by hy-
draulic filling or dumping without compaction, and
slopes and embankments of loose granular material.
The problem is to predict the behaviour of any parti-
cular mass of granular soil when subjected to a dyna-
mic disturbance. The duration of the disturbance can
be short as from blasting, intermediate as from earth-
quakes, or continuous as caused by traffic or machine
foundations. The volume of the soil mass involved is
also dependent on the nature of the dynamic disturb-
ance.

III.- REVIEW OF LIQUEFACTION RESEARCH

Liquefaction research has only developed during
the last decade and has been directed primarily toward
defining the soil properties and ambient conditions
that control liquefaction response, and toward quanti-
fying these parameters. Laboratory work has been re-
stricted to the cyclic load testing of small, remoul-
ded samples of soil in specially adapted triaxial load-
ing apparatus or simple shear apparatus, and to the
testing of bulk samples of Temoulded so0il subjected to
cyclic or transient accelerations on a shaking table,
The laboratery tests of liquefaction response are sum-
marized in Table TI.

The use of blasting methods in the field testing
of granular soils to determine liquefaction response
in gitu has been pursued to a limited extent for eval-
uvating limiting values of particle velocity to cause
liquefaction (Ref. 7} and extending the range of

laboratory results (Ref. 8.

Early research into liquefaction response pursued
the concept of a critical acceleration. MOGAMI et al,
(Ref. 9} applied the term liquefaction to the loss of
strength in dry sand subjected to vertical accelerat-
lon. The shear strength was found to decrease with
increasing vertical acceleration, reaching a value of
approximately 20 per cent of the static shear strength
at a vertical acceleration of 1g, thereafter decreas-
ing slowly with further increase in vertical acceler-
ation. The phenomenon was explajined by KOLBUSZEWSKI
et al. (Ref. 10} in terms of a decrease in effective
stress on the potential horizontal failure plane with
increasing vertical acceleration. Theoretically, the
vertical effective stress would be zero at a vertical
acceleration of 1g (the critical acceleration), with
the strength dropping to zero. This condition occurs
only over a small part of each cycle of acceleration
which, together with the interlocking of the grains,
provides some residual strength at accelerations great-
er than 1lg. The mechanism of reducing the effective
stress in this case is not dependent on the develop-
ment of excess pore fluid pressure, so that neither
the number of cycles of loading nor the frequency were
controlling factors.

MASLOV (Ref. 11) considered the stability of sub-
merged sandy foundations and structures under the
effect of dynamic loading and developed a theory des-
cribing the total or partial loss of strength of the
sand in such conditions. 1In the critical acceleration
concept proposed, any phenomenon of a dynamic charact-
er was completely ruled out at accelerations below the
critical value. The critical acceleration for any
sand was determined experimentally and was found to
depend on the properties of the sand (unspecified),
its density (initial relative), the amplitude and
frequency of acceleration, and the notmal pressure
imposed by the overburden and superimposed loads. The
critical acceleration was therefore not uniform for
the whole sand mass, but varied with depth. The
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procedure for comparing the results of simple shear
and triaxial tests to show that they are equivalent
and consistent with each other. The liquefaction re-
sistance (number of cycles of loading to cause lique-
faction) of a particular sand is uniquely defined by
the initial effective confining pressure, the peak
cyclic shear stress and the initial void ratio if the
remoulded sand sample has not undergone any previous
shear strain. For all other sand samples the lique-
faction resistance appears to be predominantly con-
trolled by the strain history of the sand.

FINN has indicated that a threshold value of the
previous shear strain exists for a particular sand be-
low which liquefaction resistance is increased, but
above which liquefaction resistance is drastically
decreased. All other controllable conditions are sub-
stantially identical. This change in liquefaction
resistance has been attributed to the formation of a
new soil structure which is particularly weak in resis-
ting cyclic shear loads. The threshold value also de-
pends on the number of times the particular shear
strain has been cycled.

This work throws doubt on the validity of predict-
ive techniques utilizing liquefaction response relat-
ionships observed on remoulded soil samples, and indi-
cates the need to develop methods of in situ testing
where the effects of the previous strain history of a
s0il mass are preserved. In any field situation, how-
ever, great difficulties are encountered in determin-
ing the material properties.

IV.-PREDICTION OF LIQUEFACTION RESPONSE

Research into liquefaction response has establish-
ed that the resistance to liquefaction, expressed in
the number of cycles of loading is defined by the con-
fining pressure, the relative density, the magnitude
of the cyclic stress and the strain history. No func-
tional relationships linking the parameters involved,
have been developed, and therefore no analytical solu-
tions are available to predict the performance of a
soil mass prone to liquefaction. However, various
methods of conceptual, mathematical and physical mod-
elling are available which can give an indication of
the response under assumed loading conditions. In
many cases the prediction may be restricted to defin-
ing whether liquefaction will or will not occur with-
out indicating the extent or the duration.

For example the response of a soil mass with a
horizontal surface may be investigated, and the depth
at which initial liquefaction will occur predicted,
using the results of laboratoery investigations (Ref.
16). The confining stress in such a case increases
linearly with depth of overburden. Laboratory tests
indicate that the cyclic stress required to cause
liquefaction in a specified number of cycles increases
approximately linearly with confining pressure. The
depth to initial liquefaction may then be defined for
any variation of cyclic stress amplitude with depth.
Liquefaction would first occur at the¢ depth where the
assumed cyclic stress variation corresponds with the
least number of cycles required to cause liquefaction
at a particular cyclic stress amplitude. Thus, if
the assumed cyclic stress amplitude distribution is
uniform with depth, liquefaction will be initiated at
the surface and progress downwards with increasing
number of cycles, assisted by the progressively reduc-
ing overburden pressure on the underlying soil as the
surface layers liquefy. Alternatively, if the assumed

cyclic stress amplitude increases uniformly with de
the whole layer may be expected to liquefy simultan
eously after the requisite number of cycles.

To predict response to impact loading, AMBRASEY
et al. (Ref. 24) have proposed an alternative relatit
ship by defining a critical particle velocity, rela
to the cyclic shear stress above which shear failur
occurs. Liquefaction under cyclic loading conditio
is initiated by progressive shear failure, but this
will not take place until the critical particle vel
ocity is exceeded. The relationship includes a por
pressure parameter which depends on the time histor;
of the loading, but the form of this dependence has
not been defined.

From the above considerations it follows that, :
initial liquefaction occurs within a soil mass at s
point below the surface, the surface layers will be
protected from further loading because the liquefie
stratum cannot transmit shear stresses.

With structures of complex geometry, such as bu:
ing foundations, slopes, embankments and retaining
walls, it is necessary to modify the previously des-
cribed method because of the unknown distribution of
confining stresses. One method, used in analysing
the response of a dam founded on liquefaction-prone
s0il, has been described by SEED et af. (Ref. 25),
The technique uses the finite element method of dets
mining the initial static stress distribution withi:
the soil mass. The base boundary is then subjected
to an assumed seismic loading and the time history ¢
dynamic stressing of each soil element is inspected
after an appropriate number of loading cycles. Lab-
oratory cyclic loading tests, conducted under simple
shear conditions, are made to determine the equival-
ent uniform cyclic stress required to cause lique-
faction in a given number of cycles of loading for :
range of initial confining pressures.

After each period of loading, the time histories
of the complex dynamic shear stresses are equated tc
an equivalent number of cycles of uniform stresses.
These values are compared to the stresses required t
cause liquefaction under the appropriate confining
stress conditions, the liquefied zone defined, and
the stability of the structure investigated. Since
the liquefied zome cannot sustain shear stresses, a
new 'initial' stress distribution is defined for the
next period of leading. The process is repeated un-
til the end of the period of seismicity, and the in-
crease in the extent of the liquefied zone can be
followed progressively and the stability of the
structure investigated at the end of each arbitraril
chosen period of loading.

Another method of predicting the response of a
complex structure is to use physical models. XRISHN
et al. (Ref. 26, 27) used this means to investigate
the possible liquefaction of Ffoundation material
under a dam. A scale model (1:200)} of the dam and
foundations was constructed and subjected to an ap-
proximately scaled periodic acceleration. The sand
tested was found not to be prone to liquefaction und
the anticipated ground motions at a relative density
of 20 per cent. However, settlement due to compacti
under the assumed ground motion would be of apprecia
ble magnitude.

Field testing of liquefaction-prone material iz
situ is alsc a means of predicting whether liquefact












54

The Collapse of Sands Upen Saturation
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SUMMARY. - The following possible mechanisms of collapse of sandy soils following saturation have been

examined experimentally and theoretically:
(a) dissipation of initial capillary stresses,

{b) reduction in normal force at particle cantact by increase in pore pressure,

(e) contact instability due to decrease in shearing resistance on saturation.
The magnitudes of the initial capillary stresses were estimated to be quite low and the influence of their
dissipation upon collapse behaviour did not appear to be as marked as the decreage in shearing resistance
following saturation. This decrease in resistance was guite significant particularly at void ratios which

were large in comparison with the critical void ratio.

It was at these high void ratios that the largest

collapses were observed. The increase in pore air pressure during saturation was found to be negligihle.

I.- INTRODUCTION

The principle of effective stress which states
that:

(a) changes in volume and shearing resistance
are due exclusively to changes in effective
stress,

(b) effective stress 1s the difference between
the total stress and pore water pressure

"= g - u, (@8]

ag

has been of fundamental importance in explaining the
behaviour of saturated soils. For partially saturat-
ed goils Bishop (Ref. 1) proposed a modified form

for the effective stress equation

o.|'

= - + -

o - +x (ua uw) (2)
where the parameter x varies between 0 and 1, and
it was assumed that statement (a) remained valid.

In studies on the phenomena of volume decrease
or collapse of partially saturated soils upon
saturation some doubts have been ralsed about the
validity of applying the principle of effective
stress, Workers at M.I,T., {(Ref. 2) showed that the
collapse behaviour of partially saturated soils
implied negative values of the y parameter and they
concluded that Bishops form of the effective stress
equation was inadequate in explaining collapse.
Jennings and Burland (Ref. 3) concluded from their
studies on collapsing solls that statement (a) could
not be validly applied to partially saturated soils
because of the essential difference between the
Iinternal and external stresses involved. Both of
these conclusions, however, are based upon the
assumption that collapse is a result of the
dissipation of initial capillary stresses. In this
paper some other possible collapse mechanisms are

considered through an examination of the causes
of instability at particle comtacts.

II.- NOTATION

[+] total stress

' effective stress

U, pore water pressure

Uy pore alr pressure

X parameter in effective stress equation
N  normal force at particle contact

T shear force at particle contact

¢y angle of frictien at particle contact
¢y mobilized angle of friction

B inclination of particle contact to vertical
H  horizontal force at particle contact

V  vertical force at particle contact

T3 surface tension for water

w water content

III.~ CAUSES OF CONTACT INSTABILITY

From considerations of contact equilibrium
(Fig. 1) three possible causes of instability could
be congidered:

(a) An increase in the shear force T without a
corresponding increase in the normal forece
N. As it is difficult to visualise the
process of saturation leading to an increase
in T this possibility was noet considered
furcther.

(b} A decrease in N without a corresponding
decrease in T. The force N could be decreas-
ed either by the dissipation of any initial
capillary stress or by an increase in the
pore pressure.

{c) A decrease in the angle of friction by
following soaking,












58

PORE AIR D
PRESSURE
u

PORE WATER
PRESSURE E
u

w 1

Fig. 6 Water between Two Spheres

vhere T, = 0.005 1b,/ft. at 679F is the
surface tension of water
The radii b and ¢ may be related to the sphere
radius r and subtended angle § to yield

-y = Tcos® {sin B + 2 com 8 - 2) (5
Y™ r(l - cos 8) (sin 6 + cos 68-1)

By the use of equation (5) the equivalent
effective vertical stress o' produced by these
capillary effects in various packings of uniform
spheres may be calculated. For the simple cubic
packing the effective stress assuming that the u_1is
identical with the ambient air pressure may be shown
to be

g' = 7. T tan 8 (sin 8 + cos 8 ~ 1) (6)
4y (1 - cos 8)

The water content (w#%)} may also be determined as
a function of 0 for simple cubie packing assuming
the specific gravity of solids as 2,65,

w(Z)=ll3.2[&tan29~1+cosﬂua(l—cose)2ﬂ{?tanﬁ—(l~cosﬂi}]
2 o
cos @

N

The relationship between the effective stress
and water content may be expressed as in Fig. 7.
This relationship may be expected to change as the
water content exceeds 6,25% (8=459) since the water
films begin to merge at this point. At a water
content of 19.55% air will be present only in the
form of separated bubbles, If it is assumed that
the pore air pressure is still equal to the
atmospheric pressure the effective stress is as

indicated in Fig. 7. For the water content to
increase further to the saturation value of 34.3%
the pore air pressure must be increased to permit
the solution or escape of the bubbles.

Similarly the relationships between effective
stress and water content may be determined for other
regular packings of uniform spheres and these are
also shown in Fig., 7. For these packings which
cover a range of void ratios from 0.91 to 0,35 the
effective stress 1s seen to decrease as the void
ratio increases. This conclusion should also be
applicable to irregular packings. For the Earlston
and white sands that were used in the tests
previously described the equivalent effective stress
for the moist samples (1% water content) would be of
the order of 0.2 to 0.3 I1b/in?. It appears that
capillary effects are of importance only at
relatively shallow depths in the field. For the
oedometer tests previously described the
dissipation of the capillary stress following
soaking would reduce the effective stress and hence
the normal force at particle contacts by roughly 3%
or less. With this relatively small effect only
thoge contacts near the point of sliding would be
rendered unstable by soaking.

VII.- MEASUREMENT OF PORE AIR PRESSURE DURING
COLLAPSE

As previously discussed contact instability
upon soaking could be induced by an increase in pore
alr pressure which would reduce the normal force
between contacts. In order to check upon the
Iikelihood of this possibility measurements of pore
air pressure during the soaking of samples were
carried out. The measurements were made by means of
a miniature pressure transducer which was placed
within the sand sample inside the oedometer (Fig. 3).
The transducer was a Micro-Systems model 1017
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STOPE B2

PILLAR B2
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o

T STOPE Bt

———

Borcholes act as crack iniHators

Tension Crack

A looking East

—_—

C
looking

Lot Bwrote  Fast

B looking North

FIG.1. SKETCHES OF TYPICAL FAILURE PHENOMENA IN RIB PILIAR B.2

of the movements.

December 1969  9274.20N R.JL~,06.05
24th April 1970 9274.68N R,L:408,07
Movement = 0.,12foct Korth 0.C2 foot up

This movement is more consistent with a horizont—
2l East-Vest compression, eausing slight lateral
(Northwards and upwerds) buckling than with a vertical
compression.

III.~ ESTIMATION OF VIRGIN FIELD STRESSES

The wvirgin rock stresses measured by the SMA
{Ref.1) on the 300 and 500 levels Were of the order of
2500 1/in,?(p.s.i.) along the long exis of the ore-
body (henceforth referred to as North), 1500 p.s.i.
acrogs the orebody (henceforth referred to as East),
and 1500 pe2,i. verticel. The sum of the horizontal
stresses is consistent with the relationship postulat-
ed by Hast {Ref,7)

G1 +62 = 191+0,99 H kgf/en? (with H in meters) or
G1 +C2 = 2716+ 4,36 H pes.i. {with H in feet).

At a dopth of 400 feet Hest's equation indicates
that the sum of principel stresses is approx.s,400
p.S.i., compared with the measured 4,000 p.s.i. (if
the 300 and 500 level results, which show no inereas-
ing or decreasing trend with depth, are averaged and
assurmed to be valid for a depth of 400 feet). Stresses
at any other depth were inferred as shewn in Fig.2,
with the ratio of O N to CE assumed constant at 5:3,

and GV increesing as) H.,

The deduction of stresses concentrated by the
large excavations presented a formidable problem.
Ho three-dimensional method was feasible within the
limitations of cost and the short time within which
results vere required. The sarlier photoelastic
studies by the SHA (Ref.2) had been limited to
boundary stresses of the A Block stope, with no
redults that could be confidently extrapolated to B
Block, The finite element method of computer analysis
showed promise, but, paradexically, was thought would

probably take longer to obtazin an answer (albeit
possibly more correct) from, because of "debugging®
and time use limitations, than a deductive or analyt
icel method. Also, the date available on material
properties and excavation shapes were not very
voluminous or reliable, rendering exact methods of
solution less appropriate. 5o, it was deeided to
study the two-dimensionel stress concentrations
around each stage of exeavation, superimposing and
sythesising, to arrive at the overall picture.

IV.- ESTIMATION OF STRESS CONGENTRATIONS

Following the comments of personnel whe had
tested rock specimens from Mt.Charlotte at the S.M.4
Cooma, and the Australian National University,
Canberra, and personal cbservations on the rock mass
the assumption of perfectly elastic behaviour of the
rock can be mede with only slight error. Simplified
versions of the shapes of the excavations were

Sum of the principel horizontal stresses
100 S5p0. eqgo 790 800 §g0  opo mMpo ¢y
G+ Ty kg fom
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Fig.2. Principal Stress sums, after Hast and others
Inferred principal stresses at Mt.Charlotie.












66

earried out unconfined compressive and tensile strength
tests on BX rock core samples supplied by G.M.X. from
Mt.Charlotte. The mean compressive strength was found
to be 26,800 1bs/sq.in., with a standard deviation of
6,200 pessi,. The mean tensile strength was 2,130,
with a standard deviation of 800 p.s.i.

Before the resulta of tests on cylindrical pleces
of rock 1 5/8 inch diameter by 1.9 to 3.8 inches long
can be applied to the strength of a rectangular prism
of rock 400 feet by 150 feet by 90 feet some allowance
for scale factors must be made. Several euthors in
the past have suggested scaling-down factors as high
as 100 i.e, rock mass strength = 0.01 sanple strength.
More recently it has been suggested that such scals
factors may be valid for soft, yielding, or intemsely
jointed rocks, but for hard brittle rocks, such as
quartzite or norite mch lower scale factors apply.
Bieniawski (Ref.10)} shows that hard rock samples
decreage in strength with increasing size until they
reach the size of a 5 inch cube, whereupon they suffer
no reduction in strength with inereasing =ize, Apply-
ing his results for norite to the case of the Mount
Charlotte dolerite preenstone ( a somewhat similar
rock) it ean be shown that the strength of a 5 inch
cube ~ and by implicetion, a 100 foot cube -~ should
be 0,77 times the strength of a BX core sampla.,

This implies that the rock mass atrength para-
meters are: Unconfined compressive strength =20,800,
Standard Deviation = 4,800 pes.l.; Tensile strength =
1640, Standard Deviation = 620 p.S.i.
shown on Fig.6, are of an unconfined compressive
atrength of about 18,000 p.s.l. If this is regarded
as the result of a precise computation of stresses, it
implies that failure took place at a stress 0,58
standerd deviations below the mean strength, which in
its turn implies = 28% chance of failure, and renders
the sventual failure quite logical. On the other hand,
the computations were in fact not precise, and for the
actual stresses to be within 10 to 20% of the computed
gtresses 1s all that could reasonably be expected of
them.

The predicted tensile strength is -1640 p.sS.i.,
while the maximum tensile stress predicted, in
Crovn Pillar B2, was of the order of ~600 p.g.i.. It
appears logical then that the pillar should have
guffered compressive failure in Stage B rather than
tensile failure in Stage C.

VII.~ CONCLUSIONS

The rock meqhanics approach to determining the
stability of mine structures is :(a) deduce virgin
streas field, (b) determine stress conmcentration
factors around excavation shepes, {e¢) predict
concontrated stress magnitudes, {d) compare these
with rock mass strength to determine factors of
safety. The validity of this approach was demonstrated
satisfactorily at Mt,Cherlotte, by being able, by
back analysis, to explain a pillar fallure, and by
forward prediction, to prediect that another pillar
would not fail.

It is now boeing used to study and modify the
mining method planned for extracting the deeper C
Block .(from 900 to 1150 feet below the surface). A
preliminary suggestion is that it may be almost
impessible to avoid overstressing pillars of economic
size in the higher stress field conditions prevailing
at the greater depths, and that the orebody may be
more easily mined as one large open stope, with

The observations,

de-stressing of ¢ritical parts of the barren wall rock
to reduce risk of catastrophic failures. This approact
has to be modified because of the vagaries of ore

grade distribution, resulting in the desirability of
leaving one piller of very low grade ore unmined,

4 wore detailed {and hopefully, more precise)
investigation, with the 2id of finite element programs
developed by Mr.A.G.Bennet, a Ph.D. candidate in the
Melbourne University Mining Department, is underway
at the time of writing. Comparisons of the results
of this investigation and the more elementary study
forming the bulk of this paper will be presented when
appropriate.
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technigue this method was employed at
Kambalda.

The rock structural discontinuity statis-
tics were combined with the laboratory test
results in eguation (1) to predict the rock
mass properties.

P (material} _ 14+ b (m-1) (1)
- b+ L

P {mass)

where : m is a constant known as mass
fracture coefficient and is
related to the uniaxial
compressive strength of the
sample

L is dimension of the test sample

b is spacing between rock mass
discontinuities

P (material) is the material
property

P (mass) is the rock mass
property

VI.-FINITE ELEMENT MODEL OF THE DURKIN SHAFRT
AREA

A two dimensional computer analysis was
made on a vertical east-west section passing
through the Durkin shafts. The mining
methods and seguences considered were :

DEPTH

HEST
o E:

{a) Open slot stoping to two different
shaft pillar sizes (ore pillar
width = % stope width).

(b} Uncemented or cemented hydraulic
sand fill placed in the stopes and
then the ore pillars removed.

{c) Longwall open stoping, retreating
towards the shafts.

Stope and pillar layouts on the analysis
section are presented in Fig. 4.

The finite element grid is shown in
Fig. 5 and extends approximately 400 feet
either east or west ¢f the shaft. The model
consisted of 399 three or four sided elements
connected by 351 nodal points. The element
density is greatest around the orebody and
shafts as most structural changes occurred
in these areas. Also computational procedure
becomes more accurate with increasing element
density.

The model loading system consisted of a
vertical and horizontal tectonic stress field
superimposed on a gravity loaded stress field,
Model boundary pressures were adjusted until
the stresses at the simulated stress measu-
ring site were the same as the predicted
insitu field stresses.

Bast
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Stope & Pillar Mining Layouts (E-W Section)
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E-W Section Through Durkin Shafts -

Finite Element Grid

VII.-RESULTS OF MINING SIMULATIONS

Results of each analysis of the various
mining alternatives were contour plotted by
computer. The plots obtained for each test
were 3

{a) Major principal stress {psi)

(b} Minor principal stress (psi)

(c) Vertical displacement {subsidence)
{d) Horizontal displacement

A typical vertical subsidence plot is
given in Fig. 6.

From an assessment of all simulations it
was obvious that hydraulic fill played very
little part in ground contrel. In reality,
it is known that once the rock has failed
the fill does control ground movement. The
finite element procedure however did not
consider inelastic failure and thus caving
of rock. This is a limitation in studies of
total ground movement, However, prior to
failure the £ill appeared to provide
negligible support.

Wide openings appeared to remain stable
probably due to the 'prestressing' horizontal
compression of the stope 'backs’.

Stresses within the shaft pillars changed
very little in all the simulations thus
concrete shaft linings would probably remain
relatively low stressed.

Decreasing the shaft pillar radius by
mining closer to the shaft brought the
subsidence trough (high subsidence gradient)
closer towards the shafts. In this case the
location of fault or weakness zones would
be expected to control any shaft movements.

i A

Fig. o Vertical Subsidence Plot









74

The pillar to be extracted was approximately
200 ft in strike length and between two vertical
pillars. Stope No. 1 {Figs. 1 and 2} had its south-
ern wall at the northern limit of the T2508 vertical
rillar and stope No. 8 had its northern wall at the
southern limit of the 7550F vertical pillar. The
eight transverse stopes were 12 £t wide with a
pillar of approximately 15 £t hetween each stope in
the initial design but this was subsequently
modified (see later).

g 10009
w Z 108 SUB|
wAn 0l
10L—9900"
1 3 5 7
— w 11E SUB
g 800"
LONG SECTION
E LOOKING WEST g

Fig. 2 Long section, locking west, of pillar
extraction area.

A 10 £t thick (minimum) crown pillar was left

below 10B sublevel as a support to prevent dilution
to £il1l from the grizzlies of the stopes above. It
was realised that at some stage of the extraction
this crown pillar would be stressed well above the
rock strength in an Fast—West direction. The lab-
oratory uniaxial compressive strength of silica
dolomite averaged about 21,000 psi and it was through
that due to the massive nature of this rock compri g—
ing the floor pillar, this order of strength would be
applicable in the field. It was hoped that cracking
due to stressing in the Fast-West direction would not
reduce the effectiveness of the crown pillar in
holding £ill vertically above it, and the crown
would span effectively between stopes.

Cemented fill requirements included the potent—
ial of carrying the weight of the crown pillar and
an arch of loose fill at least equal to the span
between initial stopes. Stope heights (and thus
cemented fill unsupported heights) were approximately
80 ft to in excess of 100 ft, depending on cut off
grade (Fig. 3).

The stopes were designed to be fired Progresg—
ively frem the hanging wall to the footwall. Rings

o & g
10000 —— & 2 £
&
"Wyy 3
7] 108.5U8 A
=
QAT &/

/

]
]

9,800

CROSS SECTION

Fige 3 Cross section on stope 1, 650 orebody.

drilled in north~south vertical planes were fired
back until slashing rings drilled in eagt—West vert-—
ical planes could be fired. Slushers and LHD units
were ised to extract the fired ore on 11E sub.

(b) Model Work

A photoelastic examination was made of the area
in an attempt to arrive at an optimum stoping
sequence from the viewpoint of ground stresses. Two
photoelastic models of various stope extraction
sequences in plan were tested. The average cast-west
stress on the pillar was estimated to be 6500 psi,
and the 'in situ'uniaxial compressive strength was
taken to be 15000 psi with the tensile stremgth at
2500 psi. The models were cut from 5 in. thick
sheets of Columbia Resin No. 39, being 11% in.
square and loaded uniaxially in a direction at about
20° to the long axis c¢f the stopes.

Analysis of the first model was carried out in
two stages.

First stage — stopes 1, 3, 5 and 7 out (Fig. 4)
Second stage— all stopes out.

In the second model, analysis was carried out in four
stages.

Firgt stage - stopes 4 and 5 out.

Second stage — stopes 3, 4, 5 and 6 out.
Third stage - stopes 2, 3, 4, 5, 6 and T out.
Fourth stage - all stopes out.

The models were each loaded to two 'fringes!
and stress concentration factors calculated at the
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(b) Model Tests

Three models of the area were made of the
extraction to investigate stability. Firstly, a two
dimensional finite element model was constructed
with loading perpendicular to the bedding about
1.4 times that down the bedding. The effect of ex—
tracting the pillar upon stresses and displacements
in an_isotroric elastic medium defined by a2 modulus
of 10! psi and Poissons ratio 0.25 was defermined.
Compressive stresses of over 40,000 psi for an
applied stress perpendicular to the bedding of 2500
psi were found on the immediate underside of the
wedge so that plastic flow or failure was expected
here. It was realised however that this two dimen-—
sional model did not take into account the finite
strike length of the orebodies or the effects of
vertical pillars in & and § orebody stopes above 9
level (see algo comparison between actual and calcul—
ated displacements on 9 level in section on monitor—
ing)s A& photoelastic model, also in two dimensions,
was made to investigate stresses due to pillar
extraction with comparable results but even higher
stress concentrations on the wedge.

4 physical model was also constructed by the
Australian Coal Industry Research Laboratories
{ACIRL) to determine the feasibility of design and
the stress distributions as the respective orebodies
were mined. The model scale was 1 in 148 with
stresses applied being 2500 psi normal to bedding,
1400 psi down bedding and 1900 psi horizontally along
bedding. A full report of the model test is given
in Ref. 2. The main conclusions dravwn were:—

(i) The formation of expansion slots for the mass
firing was a feasible procedure. The stability
of the openings and the pillars surrounding
them was excellent and no troubles were likely
to accur at this stage. This was borne out in
practice.

{ii) Longitudinal separation parallel to the bedding
coupled with a transverse break on the 8 ore-
body side occurred in the footwall of 9 orebody
at 7200N in the model. Some fracturing of the
diaphragm between 8 and 9 was noted in practice
but little damage occurred at 7200N,

{iii) Most of the 50 strain gauges incorporated in
the model indicated stresses well below 20,000
psi which was the maximum recorded. The
general impression gained from the model was
that high stressing would not cceur and this
vas borne out in practice except that the
northern abubment of the area gave some
aundible microseismic effects for cne week
after the firing.

(iv) The plammed wedge dimensions seemed more than

adequate in the medel but possibly £ill apching

took place in the model which did not occur in
practice since a £ill breakthrough actually
occurred immediately after firing in the

widest part of the extraction at 6600N. Seven

of the twenty three drawpoints had to be

abandoned prematurely. In the model, fill was
exposed in places but did not rumn.

{(v) An important factor in wedge stability would be
Jjointing but this unfortunately could not be

incorporated in the model.

Overall, the model gave & reasonable assessment
of the situation as found but probably over—estimated
wedge stability by omitting the finer structural
features.

{c) Monitoring of Ground Movements and Stresses

Devices installed to detect strain changes as a
result of slot cutting were as followsi—

(i) Two position extensometer installations to

monitor change in strain across the pillar.
(ii) Four position exrtensometer to monitor changes
in strain down dip in the pillar.

(iii) Twin 'Potts' stressmeter installations between
eagh slot with blades located on strike and at
S0%.

The latter showed little change and the major—
ity were damaged before and during slot cutting. The
extensometers showed movements of %‘in. compressicn
across the pillar due to slot cutting and are thought
to be of little significance and so are not reported
here.

Cf more interest were the levelling and
extensometer measurements taken in R53, K68 and K71
on 9 level (see Figs. 9 and 10).

The results in R63 and K71 crosscuts are shown
in Fig. 9 and give the difference hetween immediately
before the firing and immediately after the firing.
These crosscuts were in the south and north abutments
respectively and appear to indicate different
behavior vertically as R63 hanging wall ares rises
but K71 falls while R63 footwall rises close to the
extraction area while K71 has a pronounced fall.
Horizontal movement trends are similar however with
the larger extraction widfh at K71 possibly causing
the larger order of movement at this location.

K68 crosscut, being approximately on the centre
line of the extraction might allow a comparison with
the movements calculated from the finite element
model. Such a comparison is made in Fig. 10. Some
correlation was achieved in that the same directional
trends of movement were observed on the hanging and
footwalls as were indicated by the model.

{d) Conclusions

The stresses estimated by finite element and
photoelastic models secemed Yo be too high, possibly
because of the three dimensional nature of the
problem involving incorporation of vertical pillars.
The lower deformations than obtained in practice of
the finite element model may be d1e to too high a
modulus being assumed.

The physical model could be deemed a fair
assesment of reality but by not incorporating the
finer structures in the shale the wedge stability was
over—estimated.
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Fig. 1.- Cross-section of model stopes.

(a) Conditions at the End of a Leng, Thin Opening

The crack-tip solutions indicate that the stresses

and displacements at the end of a long, thin opening
have the following characteristics.

{1) The stress comcentration produced at the tip
diminishes with the dlstapce from the tip,
and is proportional to r»~% for a given angle
6 (r, 0 are defined in Fig. 1).
ments are proportional to v for a given
angle 8.

(ii) The stresses and dlsplacements increase with
the applied, initial stress, BB and &B the
longitudinal, initial stress ua hav1ng no
effect.

(iii) For single cracks in uniform or linear,

initial stress fields, stresses and displace-
/pents are proportional to the square root of
e crack length,

(iv) For an isotropic material the stress field is
independent of the elastic modulus while the
displacements are inversely proportional.

{v) Any two-dimensional, initial stress state can
be considered by the superposition of the re-
quired proportions of the compressive or ten-
sile mode (Mode I), and the forward shear
mode (Mode II). For a single, vertical crack
between the depths of 600 ft and 1200 ft the

4000

3000

2000

STAESS [ps1)

1000

1 1 A, 1 1
00 400 202 200 1400 oo 2400

DEPTH {ft}

Fig. 2.- Initial stress field.

The displace-

(i)

stress field produced at its upper tip by the
initlal stress £, (see Fig. 2) is shown in
Fig. 3a; the stress field produced by the
initial stress £, (see Fig. 2) is shown imn
Fig. 3b. For Mode I cracking, for the case
where crack surfaces move directly towards
one another, the stress field is symmetric
about the line of the crack, and no tensile
stresses occur, For Mode II cracking, where
crack surfaces slide relative to one another,
the stress parallel to the crack changes from
a high, compressive value om one side of the
crack to a high, tensile stress on the oppo-
site side.

The displacements on the surface of the crack
for Mode I are perpendicular to the plane of
the crack, while for Mode II the surface dis-
placements are parallel to the plane of the
crack. Hence the ratio of the parallel to
perpendicular components of displacement dep—
ends on the ratic of initial qhear stress mzo
to initial compressive stress #%,. The gen-
eral pattern of stresses given by the crack-
tip analysis is very similar to that obtained
from the finite element analysis. For a sin-
gle stope between the depths of 600 ft and
1200 ft under the action of the initial stress-
es (f%,, #&,, and £%,) shown in Fig. 2, the
crack-tip solution is shown in Fig. 4a, and
the analogous, finite element solution at the
top of a 35 ft (i1 m) wide stope is shown in
Fig. 4b.

SCALE
5000 psi.
o Ten3llo 3tross
(a-) Coapressive stross (b)
~~ KX — [ P -
A XX *

—+ - 4 \
ﬂk-h+~§5+:kt*— - ’ ! * X ’ A
S S e nalA / PR

AN f X
-~ 1 I I \ x
S0y N PR A A T
/ i 1 i \
S R + ]

Fig. 3.- Crack-tip stress fields:
(2) Compressive mode (Mode X);
(b) Forward shear mode (Mode II).
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Fig. 4.- Combined stress fields:
(a) Crack-tip analysis;
(b) Finite element analysis.
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SCALE
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Fig, 11.- Development of two co-linear stopes - stresses and displacements:
stope width = 35 ft, stope dip = 75°E,
E = 107 p.s.i., v = 0.2

(i) For stopes of height greater than 200 ft (61 m), for pillar widths less than 100 ft (30.5 m),
a distinct pattern of stresses emerges in the

regions of stress concentrations. The magni- The conditions in the finite element analysis
tude of the stresses in this pattern changes, were similar to those for the crack-tip analysis, al-
but not their general distribution and inclin- though in the lower stope height was alvways kept at
ation, 50 £t (15 m) less than the upper stope height. Hence
the solution shown in Fig. 11d with an upper stope
(1i) There is a zone near the western side of the height of 600 ft (183 m) and a lower stope height of
stope roof that undergoes significant tensile 550 ft (168 m) forms the final stage of the progres-
stresses from a stope height of 100 ft (30.5 sive mining. Several intermediate stages are shown
m) onwards till complete stope development. in Fig. 11, a, b, ¢. Comparing these plots, little
interaction can be observed between the two stopes
(f) Progressive Mining of Two Stopes when the distance between the two adjacent ends is
greater than 300 ft (%1 m). After that, interaction
Two stopes are developed upwards simultaneously, increases steadily until the final rapid increase
and are commenced at the 1800 ft (540 m) and 1200 ft when the distance between the ends becomes less than
(366 m) levels within the initial stress field shown approximately 100 ft (30.5 m).

in Fig. 2, The stopes dip at 759E. In the crack-tip

analysis, the appropriate interaction factors (Fig. 5) V.- CONCLUSIONS

are applied to the single stope stress intensity fac-

tors (Fig. 8), to obtain the double stope stress inten- The crack-tip analysis provides closed-form solu-
sity factors (Fig. 10). The effect of the interaction tions based on simple geometry and material proper-
factor is to cause a marked increase in pillar stresses ties. These are particularly valuable in establish-
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These three predicted parameters could then be
inserted into equation 6, and predicted or "best fit"
radii values calculated from corresponding observed
angles.

Consequently, by determining the radius residuals,
the correlation coefficient could be calculated. A
program was written in FOCAL language for use on the
PDP-8 computer at the University of Queensland
Experimental Mine to calculate this statistical error
estimate. A typical set of printed output from this
program is illustrated in Fig. 8.

A typical cartesian co-ordinate representation
of the observed elliptical polar co-ordinates of the
first quadrant is illustrated in Fig. 9. The "best
fit" curve is alsc shown iIn this Figure. knowing
the radius residuals and the standard error of the
radius estimate, a correlation coefficient can be
determined for each guadrant considered.

ELLIPTICAL POLAR CO-ORDINATE CORRELATION PROGRAM

TEST WO :£:2::1Q

SEMI-MAJOR AXIS PARAMETER :10.91725

SEMI-MINOR AXIS PARAMETER :3.90364

HEIGHT OF DRAW PARAMETER :21.24187

NUMBER OF CBSERVATIONS 116

OBSERVED OBSERVED BEST FIT RADIUS
ANGLE RADIUS RADIUS RESIDUAL
:0.00 :1.00 1.2687 - 0.2687
113.75 11.65 1.6722 - 0.0223
124,00 12.40 2.1356 0.2644
137.25 :3.30 3.1092 0.1908
145,25 4,20 &,0559 0.1441
151.25 :5.10 5.0621 0.0379
:55.75 16.00 6.0577 ~ 0.0577
161,75 :7.95 7.8305 0.1195
166.75 :9.75 9.8183 - 0.0683
:70.50 111.65 11.6717 ~ 0.0217
173,75 113,45 13.5285 -~ 0.0785
:77.00 115,35 15.5585 - 0,2085
:79.75 117.25 17.3084 - 0.0584
:182.75 119,10 19.0722 0.0278
:87.75 120.95 21.0115 - 0.0615
:90.00 +21.40 21.2419 0.1581

STANDARD ERROR OF THE ESTIMATE = 0.138420
STANDARD DEVIATION OF RADIUS = 6.890910
CORRELATION CQEFFICIENT, R 0.999798

Fig. 8

All of the correlation coefficients determined
were greater than 0.9988. This result indicated
that the *best fit" elliptical curve, was an ex-
tremely close fit. Statistically, the hypothesis
of assuming the draw shape to be elliptical can
therefore be accepted with greater than 99.5 percent
confidence.

These tests prove that the elliptical draw shape
theory of two dimensions is acceptable. However, at
this stage, it can only be postulated that this theory
can be extended tc three dimensions. Although, con-
sidering other investigatecrs assumptions as presented
earlier and the results of the elliptical polar co-
ordinate tests, the authors prediect that the draw
shape of granular material in three dimensions should
accurately be described as ellipsoidal.

(c) Discussion of Test Results

A typical example of the relationship existing
between the eccentricity of the elliptical draw and
height of the draw is illustrated in Fig. 10. As
illustrated, this relationship appears exponential
in form, the eccentricity increasing from zero to an
asymptote near unity, as the height of draw increases.
This asymptote is some value slightly less than unity,
the difference depending upon the properties of the
material being drawn. Although this relationship
appeared exponential, no simple expenential mathe-
matical model could be simulated that would clesely
fit the cbserved eccentricities. The only model that
produced a significant correlation was a logarithmic-
quadratic form:

log, (1 -€e) = a h2 +bh+c
a, b, and ¢ being coefficients.

Typical values of these coefficients are as follows:

a = +0,00548 * 0.00037
b = -0.23805 * 0.00819
¢ = -0.06400 * 0.03529

In general, the correlaticn coefficients obtained
for all of the model tests were in the range 0.970 to
0.995. This indicates a reascnably close fitting
mathematical model. However, it is considered that
correlation coefficients greater than 0.995 should be
achieved if the model is to be completely represen-
tative. The logarithmic-quadratic model selected,
although adequate for computing approximate
eccentricity values, cannot therefore be considered
as an exdct relationship between the eccentricity and
the height of draw.

A second series of tests were designed principally
to ascertain if any definite relaticonship existed
between the eccentricity of an elliptical draw and the
height of the overburden above. Rows of lead sinkers
were used to simulate overburden, one row being equi-
valent to a three inch height of five millimetre glass
beads. The eccentricity appeared to gradually inw
crease linearly as the height of overburden became
greater. The least squares linear regression line is
given by the following relationship:

e = 0.9206 + 0.0003 ho
where h_ = height of overburden (inches)

The correlation coefficient associated with this
regression is 0.834%1. As this statistic is relatively
low, this series of tests exhibits only a trend
rather than a definite model relationship. & quali-
tative observation of the quasi forces involved in the
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The Establishment of Optimized Design Parameters
for a New Gypsum Mine

1. WEIR-JonEs, B.Sc., PH.D.
{Assistant Professor, Department of Mineral Engineering, University of British Columbia)

SUMMARY.- Reliable values for some of the mechanical properties of gypsum are determined and these are used as
a basis for establishing the optimum working dimensions for a new mine.

I.- INTRODUCTION

Many stratified orebodies are mined by means of
partial extraction methods. In this type of mining,
portions of the deposit are left between roadways to
act as pillars providing support both for the immed-
iate roof and for the superincumbent strata. The
provision of support for the immediate roof is part-
icularly important from the point of view of safety -
an unstable roof obviously presents a hazard to
personne] below. The overall support of the super-
incumbent strata has a less immediate bearing upon
the safety of personnel, but there may well be press-
ing reasons for maintaining the stability of the
surface or intervening mineral deposits.

Hence, a company contemplating the initiation of
partial extraction operations is faced with two
mutually contradictery requirements. Firstly, mining
economics require that, within a given area, as much
mineral as possible be extracted during the primary
mining operation, i.e., as littie ore as possible
should be sterilized in the form of pillars. Second-
1y, however, it is essential that safe working cond-
itions be maintained; this means that a stable roof
is most desirable. Furthermore, there is often the
need to provide general support for the superincumb-
ent strata. The corollary of these requirements is
an array of stable piliars, i.e., ones which may
contain a considerable amount of ore.

The engineer seeking to optimize the dimensions
and extent of an array of pillars and roadways must,
therefore, achieve a compromise between the necessity
to maintain safe working conditiens and the require-
ment to extract as much mineral as possible from a
given area. It will be shown that, providing the
material making up the deposit lends itself to reli-
able mechanical testing, and if the prevailing cond-
itions can be defined with reascnable accuracy, then
a close approach may be made to the optimum working
dimensions.

I1.- NOTATION

ot ultimate tensile strength, p.s.i.

og ultimate compressive strength, p.s.i.
T shear strength, p.s.i.

Ep secant modulus of pillar, p.s.i.

Er  secant modulus of roof, p.s.i.

Es Secant modulus of solid, p.s.i.

v Poisson’s ratio
¥ specimen volume, ins?

H specimen or pitlar height, ins.

D specimen or pillar width or diameter, ins.
M moment, lbs. ft.

C pillar constant

k coefficient of permeability, m/sec.

F(z) probabitity coefficient

IIT.~ APPRECIATION OF CONDITIONS AT THE MINING SITE.

The new mine is situated below the extensive post-
glacial plains which cover a large area of northeast-
ern Yorkshire. These plains extend inland from the
coast for a distance of about 15 miles and are an
extremely prosperous farming area. The deposit of
gypsum dates from Permian times and it is considered
to have been associated with the western-most edges
of the ancient Zechstein Sea which was also respons-
ible for the formation of the extensive evaporite
deposits lying north-east of this area. The gypsum,
which is usually 16ft. thick, is extremely pure and
it is found at comparatively shallow depths; at the
mine site area, the overburden is only 120ft. thick.

The shallowness of the deposit, however, tends
to give a somewhat false idea of the magnitude of the
problems associated with its extraction. These prob-
lems are partly natural and partly dependent on the
existence of conflicting interests in the vicinity
of the mine. They do, however, all stem from the
nature of the overlying strata. As has already been
mentioned, the surface deposits are post-glacial,
consisting of an extremely Targe number of thin Jay-
ers of varved clays, fine silts, and sands extending
down from the surface to a depth of approximately 75
ft. From the bottom of the lacustrian deposit to the
seam, a distance of approximately 45ft., the strata
consists of a succession of marls, weak sandstones
and siltstones which, although they are inherently
incompetent materials in the mining sense, are
appreciably stronger than the surface material which,
to all dintents and purposes, may be considered to
have negligible strength.

Despite the fact that the presence of the large
amounts of clay in the surface deposits renders them
almost completely impervious to the vertical move-
ment of water, there are twe continuous beds of fine
sand at 25ft. and G60ft. which readily permit its
lateral movement.
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Fig.1. Relationship between o and specimen volume.

The laboratory testing yielded values for all the
relevant mechanical properties. The data from the
testing, dealing with the 'size effect' for this
gypsum, would appear to indicate that, in this case,
the laboratory results may be used as the basis for
design work. The relevant values are -

Uttimate tensile strength
Shear strength 1230 p.s.i.

Secant modulus 120 - 800 p.s.i. 2.1 x 10°% p.s.i.
Poisson's ratio 0.28 0.27 .-0.36
Ultimate compressive strength 8340 D~ ) i

992 p.s.i. *66 p.s.i.

V.~ THE ESTABLISHMENT OF WORKING DIMENSIDNS.

1t has already been noted that the tensile
strength of the roof material will probably be the
property which 1imits the working dimensions. In
discussions with the mine operators, it had been
decided that the probability of the roof failing
under tension at any intersection should be maintain-
ed at Tess than 1%. As the results obtained during
tensiTe testing displayed normal distribution, the
value for F(&) required to give a confidence coeffic-
ient of 99% could be derived from statistical tables
{6). Thus, the value for the ultimate tensile
strength which, it was suggested, would result in
Tess than 1% of the intersection roofs failing was
836 p.s.i.

{a) The Piilar Dimensions.

Before calculating the permissible span, it was
necessary to establish what the maximum percentage
extraction might be, given the required safety factor
of 8 and the compressive strength of the gypsum from
expression {2). The nomogram - Fig.2 - has been
constructed to permit the dimensions of acceptable
pillars to be estabiished for any given extraction
rate. A series of pitlar and span widths may then be
evaluated for tensile stability by the technique
referred to below. The nomogram may, therefore, be
used to determine one of two things: either whether
the pillar formed at a particular extraction rate
with a specific span width is stable, or to establish
minimum Timits for the span necessary to maintain a
specified extraction with piilars which fulfil the
stability requirements.

g ’:: e
[ 90 T Extraction,
o et --::-" 80 ¢
Pt
- 70 +
ot f
Width of span, eo ¥
o w30 30
25’ 40T
wesmm D¢ 30
e {0’ 20}
Pillar width, D, ins, 101 Pillar ioad, psi.

250 200 1150 100 =0 200 400 660 860 10'00

% _Pillar strength,

kso
[ l i 0.5 \ Crc.psi.
Pillar height, F100
H, 120 ins. 1.01 \
150
1.3+
D 200
/H Pillar width,
J D, ins,
2.0 Lax0

H p.s.i.

Fig.2. Relationship between percentage extraction

and working dimensions.

As an example, the nomogram will be used to
determine whether the pillar necessary to maintain
an 80% extraction rate, with 20ft. wide rooms, will
meet the stability requirements. The 80% extraction
intercept on the 20ft. room width curve gives a
pillar width of 15ft. on the horizontal axis. The
pillar will be 10ft. high, hence the D/H ratio on
the vertical axis is seen to be 1.5. The permissible
load on a 15ft. wide pillar is 756 p.s.i., a value
1ying well to the right of the theoretical load and,
therefore, the pitlar is deemed to be stable.

(b) The Width of the Roadways.

Various procedures exist for calculating the
magnitude of the tensile stresses induced in the
roof. In all of them, certain limiting assumptions
are made in order to reduce the probiem to one of
manageable proportions. The most satisfactory tech-
nique appears to be the one described by Wright,
Ratti and Wang {7}, in which they assume that the
roof behaves as an elastic plate upon elastic supp-
orts. Briefly, the assumptions which are made are
that the roof is elastic, and only subjected to
forces acting normal to its plane. Furthermore, the
roof is assumed to be thin, uniform, and enly slight-
ly deflected. Finally, the entire layout is presumed
to be symmetrical. It is felt that these assumptions
are valid in this situation, where the roof and
pillars form a regular and elastic system. Based
upon these assumptions, the techniques described in
Wright's paper (7) are used to establish values for
the maximum tensile stresses induced in roofs of
various widths, In this way, the maximum roadway
width may be determined using previously established
or specified data.

Wright et. al. introduced the concept of the
Pillar Constant, C, a measure of the rigidity of the













106

Typical tests results showing the reason-
able nature of this assumption are given in
Fig.l.

T T t T 1 TF 1 T 1
~2 8 < Consolidatigr®. 1
v F ot Cos
a Go ~
= M,
NOA_
T w
£+
>
x
5
D 2rgilse)
o
£
-
s
N; 8: 1(\(‘&
5 £ Clay from Selwyn Village,
= i Auckiond (LL=52, PL=25)
.—> .6_
o L ] E I N N T I o
2 A 6 8 10 20 40
Effective Pressure p, in  kips/ft2

Fig.l Typical Oedometer Results on Normally
Consol. Clay

It is found with most normally conscli-
dated clays that the coefficient of consoli-
dation (ey = k/myy, where k is the coefficient
of permeability) varies much less with pg than
either my or k. As the void ratio decreases,
the consequent decrease in the coefficient of
permeability is approximately proportional to
the decrease in the coefficient of volume de-
¢rease. For the purposes of the present
theory it is assumed that ¢y is actually con-
stant. The reasonable nature of this assump-
tion is also illustrated in Fig.l. It there-
fore follows that:

k = cyTy My = CyYyuh/pe (4)

Assuming that the soil is saturated, that
the pore water and soil particles are incom-
pressible relative to the soil skeleton and
that the movement of water obeys Darcy's Law,
the rate of water loss from an elemental
layer may be equated to the rate of volume
decrease:

0 (kou/dz)/ oz =c‘ﬁw(3e/aT)/(l+e) (5)

where u = excess pore pressure,
zD = depth below top of consclidating
stratum of total depth D,
T = cvt/Dz,
and t = time from start of consolidation.
If Ty is the Time Factor as normally defined

in one-dimensional consolidation theory,
Ty = T for one way drainage and Ty = 4T for
two way drainage.

Using egs. (1) and (4) eq.6 becomes:

=0pe/3T = 3*u/32® - (3pg/dz) (3u/52)/pe  (6)

If the stress causing consolidation re-
mains constant during the consclidation pro-
cess, eqg. (6} can be written as:
du/3T = 3%u/32% - (dpg/3z) (Bu/d2z)/pe (7
Without the second term on the right-hand-side,
ed. (7) reduces to the usual equation of
Terzaghi's linear theory of consolidation in
which my and k are both constant. This term
is therefore a modifying term which introduces
the effects of non-linear behaviour of soil
into the theory.

In passing, it can be remarked that, if
(1+e) in eq.(2) is not regarded as constant,
the equation corresponding to eq.(7) is:
Ju/dT = 3%u/82% - (1-B) (3pe/32) (3u/5z)/pg (8)

The only difference between this equation
and eqg. (7) is the factor (l1-a). Although this
factor changes during the consolidatien pro-
cess, for the majority of clays and situations
it is greater than about 0.90 and is always
less than one. In view of the fact that the
second term on the right-hand-side of eq. (7)&
(8) is only a modifying term, it can be seen
that the use of the simpler eq. (7) should not
introduce serious errors.

In order to facilitate comparison between
the linear and non-linear theories, the bound-
ary conditions selected in this analysis cor-
respond to those of the Terzaghi linear theory.

Throughout, it is assumed that the total
stress causing consolidation remains constant
during the consolidation process. The con-
ditions and their code letters are set out in
Table 1.

Thus for conditions A1 and Ajy:

+ YSDZ + g -u (9)

Pe T Peo

and for conditions By and B,

Pg = Pgo * YDz + q(l-2) - u (10)
where yg = the average submerged density of
the soil.

Introducing the dimensionless parameters:

B = pgo/YD (11)

@ = (P, t4)/Pyy (12)
and changing the definition of u so that the
actual excess pore pressure is ug, substitu-
tion of eq.({9) or (10) into the general eq.
(7) gives:

au/aT

= 3%u/3z?% + (3u/dz) (bdu/5z~a)/ (1+az~bu) (13)
where b = {a-1)/a

and a = 1/af for conditions A; and A,

or a = (1+f-aB)/up for condi%ions By and Bj.
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though increasing o while keeping B constant
slowed the rate of settlement, the linear
solution no longer provided the limit as o+,
Fig.9 shows the general effects for all con-
ditions Ajr Ag, By, and By in terms of the
value of Ty, for Ug = 0.5 and for B = 0.1.
For values of B other than 0.1 and for o > 1
it should be possible to obtain for practical
purposes a sufficiently accurate estimate of
the U./T,, relationship from the information
provided by Figs.5,6,8 and 9.
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VI. - DISCUSSION AND CONCLUSIONS
The non-linear theory developed in this
paper shows that the pore pressures, at inter-
mediate stagesof consolidation of a deep bed
of soft clay subject to relatively minor
consolidation pressure, may be considerably
less than those predicted by classical linear
theory. On the other hand, reducing the
thickness of the clay layer and increasing
the consolidation pressure both have the ef-
fect of,in general, increasing the pore pres-
sure at a given Ty and relative depth, so that,
with thin layers and high consolidation pres-
sures, the pore pressures may be considerably
higher than those predicted by classical
theory. Unless these effecgts are taken into

account, the use of piezometers to monitor

the progress of consolidation in reclamation
and similar work may lead to an inaccurate
interpretation of the field measurements. In
this connection it is worth recording that a
reformulation of the non-linear theory for

the axi-symmetric conditions applicable to
sand drains can be readily done and was suc-
cessfully employed in interpreting piezometer
readings for reclamation work with sand drains
in W.Australia. Wwhen drainage is only radial,
it is easily shown that for Limiting Case I,
as with the one-dimensional vertical problem
of this paper, the degree of settlement U
(averaged over the inner to outer radii) is
identical to that calculated from linear theor
but that the pore pressures are higher as
given by eq. (19). u* must now be obtained
from standard sand drain theory, see Barron
(Ref.6) and earlier references.

The non-linear theory developed in this
paper also shows that, although for relatively
thin beds of clay the rate of settlement
should be given sufficiently accurately by
classical linear theory no matter how high
the consolidation pressure, the rate for deep
beds with low consolidation pressures may be
considerably faster than that indicated by
the classical theory.

It will be clear from its formulation
that the theory presented in this paper is a
small strain theory. This may appear to be
an anomaly since the theory attempts to al-
low for relatively large changes in void
ratio. However, the use of the average of
the initial and final thicknesses of the clay
layer in calculating the real time from the
time factor Ty should remove the effects of
the anomaly to a large extent and the experi-
mental evidence from several sources supports
this. For extreme values of the governing
parameters it may be advisable to resort to
finite strain theory, see Gibson et al. (Ref.
7). Further work to obtain guides, such as
that the small strain theory is sufficiently
accurate for practical purposes as long as
the final settlement is no more than 10 or
20% of the total thickness, is desirable,

Although the non-linear theory presented
in this paper is only one-dimensiocnal, it
seems reasonable to use it in approximate
fashion to obtain a correction factor to the
rate of settlement for three dimensional situ-—
ations given by linear theory such as that in
Refs.8 and 9. The solutions for the conditions
By and By in which the consolidation pressure
decreases with depth may be of assistance for
this purpose. These solutions are of course
also directly applicable to one~dimensiocnal
problems in which a steady vertical flow of
water is either the initial or final equili-
brium state.
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a value of Cg appropriate to the stress range in the
field can be derived. It is suggested that this value
should reasonable approximate the recompression
behaviour of the undisturbed soil in-8itu, This assum-~
ption is more likely to be valid where p, + Ap
gignificantly less than p., and truly elastic (recover-
able) behaviour can be expected in the field.

The use of cyclic load oedometer test data can
be illustrated by reference to Figure 1, on which
values of p, and A p are shown. A conventional re-
compression index of 0. 13 would be obtained for this
pressure increment by using the first-loading curve.
It is noted that a similar value would apply if the
swelling index (Cg} were calculated from rebound at
the end of the cedometer test, and used as an approx~
imation to the recompression index. However, by
using the cyclic load curve which is applicable to the
applied stress increment, a recompression index of
0.04 iz obtained.

Settlements estimated conventionally would thus
be over three timea those obtained from using cyclic
load data. As predicted settlements in Perth clays
are reported to exceed those obeerved by factors
of two or more, it appears that the proposed tech-
nique for obtaining a recompression index should
find direct application.

— 20
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Figure 2. Correlations for Recompression Index.

{c) Laboratory Correlations

Recompression/swelling indices for the Perth
clay have been estimated from all cyelic loops (two
shown in Figure 1) or unloading curves obtained
after completing each test {swelling from 32 ton per
8q. ft. shown in Figure 1}.

Points obtained from the latter source predome
inate for the range of samples tested, For complete
cycles, a single index has been computed by averag-
ing the slope of the hysteresis loop.

The test results have been presented in Figure 2.
The recompression or swelling index ia plotted
against the calculated void ratio (e_) at which swell-
ing occurred in the laboratory. At each plotted point,
the value of liquid limit (W; ) for the sample has been
indicated, and approximate lines of constant W1, have
been drawn. Liquid limits range from 28 to 103 and
indicate the wide variability which can be found at
different sites in the City area, and at different
depths in the soil profile.

The data of Figure 2 show that for a soil of given
Wp, in the field, the value of Cg (or Cg) decreases
almost linearly with increasing void ratio. Increas-
ing values of Wy, result in higher recompression
indices. The constant W1, lines shown on Figure 2
are in broad agreement with a similar correlation
indicated in the Navdocks DM-7 Design Manual (1961),
although an exact correspondence of individual lines
is not achieved.

Figure 2 is, of course, strictly applicable only
to the Perth clays under discussion. However the
similarity withU,S,data suggests that the empirical
curves may be of considerable practical value,
particularly in cases where detailed consolidation
testing has not been performed.

V.~ RATES OF SETTLEMENT

(2)

It is well appreciated that laboratory rates of
gettlement are significantly influenced by pressure
increment ratio (Leonards and Altschaeffl 1964). A
ratio of one was used in all cedometer tests reported
below, hence the data presented will not be represent-
ative of all field situations.

General

Rates of settlemnertof the Perth clays have been
considered by separating primary and secondary
consolidation, this being most simply done by referr-
ing to the settlement log~time curve. Primary con-
solidation is usually represented by the standard
reverse S - shaped curve associated with Terzaghi's
consolidation theory. Secondary consolidation is
generally recognized by the linear tail to the curve,
which is formed after pore water pressures have
essentially dissipated. The test data presented be-
low summarize the range in consolidation paramet-
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are dominated by secondary effects in many cases
where small pressure increment ratios are applic-
able, and the determination of ¢_ values are of limit-
ed use. The determination of secondary settlements
can be made by using the creep parameter G,

Congideration has been given to the limited field
data available in Perth, and some support for the
suggested approach is observed. However, further
study of the interaction of primary and secondary
congolidation is probably required before an accept-
able accuracy of prediction is obtained. The need
for more detailed field records is also evident.
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does appear that high temperatures up to 60°C
held constant for the duration of a consoli-
dation test have an insignificant effect on
the P, value estimated from the e - log P
curves,

The implication of the work referred to on
clays, and especially the phenomenon of

Fig. 1, is that a temperature increase cycle
may be equivalent to overconsolidation, i.e.
"there may be a complete analogy between
temperature-induced volume changes and
stress-induced volume changes" (Ref, 9), If
the phenomenon of Fig, 1 is confirmed in
subsequent tests for brown coal, and if it be
postulated that the coal has been subjected
to in situ heating and cooling cycles during
its geological history, the implication may
be taken that laboratory testing may tend to
over-estimate the maximum past pressure to
which the coal has been subjected. The
grounds for this are that part of the
estimated P, may have been due to temperature
effects during deposition, rather than to
pressure from superimposed load. The amount
of such an over-estimate would depend on the
total history of temperature fluctuations,
which is indeterminate, but at present there
are no grounds for considering that this
effect, if it exists, is a large one. If
Plum and Esrig's conclusion (for illite} that
this effect of volume change resulting from
temperature cycling is considerably less
important for overconsolidated soil than for
normally consolidated soil (Ref. 10) holds
good for brown coal, then the effect would be
small for the coal, which is highly over-
consolidated.

V.- COMPRESSIBILITY

(a)

Compression Index

Estimates of ground movements resulting from
mining activities, especially the dewatering
process, have required some quantitative
knowledge of the compressibility of the coal,
particularly in the virgin consolidation
range. Trollope, Rosengren and Brown had
concluded earlier (Ref, 5) that for practical
purposes there was a unique curve of e versus
log P for all the Latrobe Valley coals. This
conclusion was based on the behaviour of a
number of samples taken from several differ-
ent ceal seams, and not only at Morwell,

In recent tests by the State Electricity
Commission of Victoria, the virgin e - log P
curves for M1 coal have been found to be
typically very close to the mean curve
reported by Trollope et al for Morwell coal
(Ref. 5), the compression index, Ce, having a
mean value of about 1.5. For M2 coal,
however, which is not reported in Ref. 5, Ce
values had a mean of about 0.7, though this
figure probably significantly underestimated
the true virgin C¢, due to inadequate defini-
tion of the virgin curve arising from the
limit of 52.5 kg/cm2 used in the loading
cycles being too low. Fig. 2 shows typical
e - log P curves for samples from each of the

(b)

two coal seams.
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Fig. 2
Typical e - log P curves for M1 and M2 coal,

Even allowing for the inadequate definition
of the virgin curve, the mean virgin curve
for M2 coal appears to be somewhat further
to the right of the mean curve reported by
Troliope et al. Nevertheless, this curve
does not lie very far outside the range of
such curves which these authors reported,
and hence their cbservation that virgin e -
log P curves lie in a very narrow band for
all Latrobe Valley brown coals has not been
sensibly altered.

Coefficient of Volume Decrease

For many engineering purposes, the coeffic-
ient of volume decrease, my, has been con-
sidered a more useful index of compressibility
than the compression index, C.. For brown
coal this is especially so, because of the
wide scatter found to ocecur in in situ void
ratios (e.g. from 1.7 to 3.2 at Morwell).
Furthermore, the calculation of void ratio
requires the determination of specific
gravity of the solid particles of coal, and
since this does not appear to vary much from
a figure of 1.5, and since the inferred
degree of saturation is always very close to
unity, moisture content may be considered as
a substitute variable for void ratio. In
this context the coefficient of volume
decrease has been seen to depend not only on
the conselidation pressure but also on the
initial moisture content. The trend of
this relationship for Ml coal is shown in
Fig. 3.
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each of these strata, and about two to two
and a half times as high as for the clean
coal,

It was therefore considered that the one-
dimensional consolidation test provides a
useful means of predicting settlements due
to full scale loads in the field, at least
for loads of about the size likely to be
applied by power station structures and
ancillary works.

VII. - CONCLUSIONS

The behaviour of brown coal from the Morwell

No. 1 and No. 2 seams in one-dimensional comsolidation

tests appears to be insensitive for practical pur-

poses to a number of variations in test procedure.

In particular, neither variation of the duration of

the loads from 3 minutes to 24 hours, nor variation

of the load increment ratio from 0.33 to 1.0 appears

to have any significant effect on the value of the

preconsolidation pressure estimated by Casagrande's

method, nor do variations of this kind appear to have

any significant effect on cempressibility.

Data from a limited number of tests carried out
at high temperature, however, suggested that while
neither the estimated preconsolidation pressure nor
the overall compressibility may be significantly
affected by high temperature as long as that tempera-
ture is constant, both may be more significantly
affected by temperature fluctuations. It is as yet
too early to quantify these conclusions regarding
temperature effects because of the small volume of
test data, but qualitatively they are in line with
conclusions reached by others in tests on clays.

The value of preconsolidation pressure has been
estimated at about 340 psi for M1 coal, which is con-
siderably higher than that reported earlier by other
authors. The estimated value for M2 coal is about
420 psi.

The field settlement behaviour of M1 coal in a
large load test has been found to be qualitatively
and quantitatively consistent with behaviour inferred
from one-dimensional consolidation tests,
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Fig. 2. Depth-Time Loei for the Primary/Secondary Transition for a 'Real’ Soil,
according to Strain Rate.

Curve (a) Typical locus for thin gample subjected to large load ratio.

" (b) " " " thicker stratum and/or smaller load ratic.

(H =1 cm) samples arve subjected to large (generally
»1.5) load ratios.

The high strain rate region in depth - time space
lies within a 'bulb’' such as is shown in Fig. 2.
For thicker strata or smaller load ratios the high
gtrain rate 'bulb' penetrates to a smaller fraction
of the depth of the stratum. Under such conditions
primary solutions for the whole stratum canmot be
applied.

With regard to (b) it has been shown {Ref. 7)
that by modifying primary theory to incerporate a
unigue e~ o' - 28 relationship rather than a
unique e - g relationship, the laboratery
Primary and secondary stages may te united under the
control of a single set of six equations, namely

i Continuity
ii  Darcy's Law
iii  Stress eguilibrium (self weight)
iv  The effective stress equation
v A permeability - voids ratio (kue) relation-~
ship de
vi fMne-¢g?'- v relationship,
This last equation constitutes the volumetric stress-
strain-strain rate relationship for the soil. In
general there will be no explicit solution to these
six equations and the implicit solutions for partic-
ular problems must be calculated numerically.
(Sensitivity and other physico-chemical effects, such
as time-hardening vhich may be of importance over
long times at low strain rates, are not included in

this theory)

The well-known t/H2 similarity rule follows from
the form of equations such as equation 1. In a
derivation of equation 1 it nust be assumed thet

(1) self-weight effects may be ignored
(equation iii), and

(2} there exists some unique e - o'
relationship - independent of de
{equation vi), at

Furthermore if solutions to equation 1 are to be
calculated it must be assumed that

(3) the coefficient c (e, or op) is constant
or a function of wvoids ratio alone.

This last condition is known to be violated in
routine laboratory testing when, at large times after
the application of increments of step loading, settle-
ment is commonly cbserved to continue at sensibly
constant effective stress. Under such conditions ==
da!
tends to —~ o0 and e, (or CF) tends to zero. In
thick field strata all of these_three conditions will
commonly be violated. The t/H similarity rule can
not therefore be expected to hold for thick strata.

There is a need for more experimental investiga-
tion of the form of, and the constants in, both the
e - o'-S3% and the k - e relationships for differ-
ent solls, Only with the aid of such informaticn
and the acceptance (without modification for mathe-
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In Fig. 2a, it will be seen that, follow-
ing the relatively short first increment, the
axial strain in the second rapidly assumes a
straight line when plotted against the logar-
ithm of time, making the resemblance to
'secondary® creep very strong indeed. The
'immediate’ strain occurring at the end of
% min. is once again less than 20 per cent of
the total axial strain at the expiration of
100 min. The effect of delaying application
of the second increment for five days is il-
lustrated in Fig. 2b. Here, very little ax-
ial strain occurs before about 100 min., (the
'immediate' strain is almost zero), after
which there is a transition to a straight
line in Fig. 2a. It is as if the additional
strain cccurring in the previous increment
introduces a delay in the establishment of
the linear pertion of the axial strain-log
time curve.

Time (min.)
1S 1 10! 10 10> 1o
E|
Aus¥3Aq at t=0-45min.
Qjp=073

Axial Strain & (%)
N
]
Pore  Pressure u (psi)

3F g=26'5-37:Bp.s.i <30
® 3init=45-0 psi, 095 1,‘
@Qq=37-8-39'5ps.i. ’ Has
\
l
4 40

Fig. 2(b).- The effect of a long duration un-
drained deviator stress on the pore pressure
and strain versus time behaviour of the
succeeding undrained increment.

It was also found that the size of the
increment affected this delay; the larger
the increment the smaller the delay. This
can be explained on the basis that the previ-
ous strain forms a smaller percentage of the
strain in the current increment as that incre=-
ment becomes larger.

A further point of interest is that the
time for the change in pore pressure to reach
1/3 Aq is about 150 min. This suggests that
there was a tendency for the clay to dilate
when the second increment was applied as a
result of the prolongation of the previous
increment. This is similar to the effect
reported by Richardson and Whitman {(Ref. 5)
where an actual decrease in pore pressure is
recorded when the strain-rate is changed from
a slow to a fast rate.

The second increment in both tests is also
plotted (dashed curve) using a continuation

of the time scale of the first increment.
This curve is seen to descend very rapidly
indeed towards the curve for the second in-
crement with zero time at the beginning of
this increment and would asymptote to the
linear portion if the test were carried on
long encugh. There is a hint in this behavi-
our that either the increasing viscosity to
which the strain hardening might be attribu-
ted is not simply a function of time, or the
application of a further increment in q some-
how causes a reduction in this viscosity.

The latter explanation is difficult to accept
since strain hardening eventually sets in
during the later stages of the second incre-
ment.

To investigate the effect of time on the
progress of undrained creep, an increment of
deviator stress was applied for a period of
130 min. and then reduced to such a value
that further axial strain was zero {about
3/4 of the elevated value) and this was main-
tained for a period of 1300 min. At this
point, the deviator stress was returned to
the elevated value. &s Fig. 3 shows, the
axial creep process continued almost as if

there had been no interruption. Admittedly,
Time {min.}
1 10’ 10° 10° 104 10°
© T T T ¥
Z 05
5 q reduced to 10psi to
1-0 b prevent axial strain;
£ returned to original
° value after 1300 min,
i
v 15k .
_ qr-«11-1—12v8p?‘.i. q/p 2109
;2( 2.0 0’3ln|t:9'5p'5"‘
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Fig. 3.~ The effect of a time delay on the
strain versus time curve.

the deviator stress level during the period
of zero axial strain was lower than that at
the beginning of the test before the final
increment in ¢ was added, although several
increments had been added prior to this over
a period of time. Nevertheless, the result
gives support to the contention that the
apparent increase in viscosity as creep pro-
ceeds is not a function of time. A better
explanation would seen to be that, while the
viscosity and shear stresses remain constant,
the internal resistance to shear inereases
as a function of axial strain. This is
to the second of the alternative models pro-
posed by Walker (Ref. 4). However, the fact
that the pore pressure rises beyond 1/3 Aq
means that the normal effective stress, P
decreases as the axial strain proceeds. This
in turn leads to a reduction in the reésistance
to shear, which must therefore be more than
offset by the gain in resistance resulting
from axial strain, since the net effect is one
of strain hardening.

similar
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Application of Rate Analysis to Settlement Problems
Involving Creep

By

A. K. ParxIN, M.I.E.AusT.

(Lecturer in Civil Engincering, Monash University)

SUMMARY - Although creep in foundation strata is not usually a prime consideration, it can, in some specialized

structures, be of quite considerable significance.

the analysis of field behaviour is often complicated by variable loading, and other error sources.

Creep estimation from laboratory tests is not easy, and

The paper

examines the characteristics of a creeping foundation and shows that rate analysis methods may be applied with

advantage for the estimation of future settlement.

SYMBOLS - a, b coefficients
k Boltzmann's censtant
m, n indices
t time
Q activation energy
T absolute temperature
u degree of primary consolidation at
time t
€ strain
4] stress

I  INTRODUCTION

In general terms, creep describes continuing
deformations that are observed in materials under
constant (effective) stress. Since the studies of
creep in metal wires by Phillips (Reference 14), the
phenomenon has been shown to occur in a wide range of
materials (Murrell and Misra, Reference 12) that
includes so0ils and rocks.

For settlement calculations in clays, methods
based on the classical theory of consolidation are
considered to be not greatly in error (Barden,
Reference 2). The primary component of total
settlement is usually substantial (although a function
of pressure increment ratio, Leonards and Girault,
Reference 10), but, in soft rocks, the situation can
be quite different, primary compression often being
rapid and allowing long term settlement to be dominated
by creep.

The analysis of creep is often vague and ambiguous.
Accommodation for creep can sometimes be provided by
routine servicing, but this is unlikely to be
practicable for major foundations. In the event of a
reasonably accurate settlement estimation being
required, there are certain problems, and significant
departures from familiar consolidation behaviour,
which make nemmal extrapolation dangerous, and which
this paper seeks to evaluate.

ITI THE ORIGIN AND THEORY OF CREEP
The mechanisms causing creep apparently vary, and

some differences in the kinetic characteristics are
possible. Nevertheless, the similarity in creep

behavicur between quite diverse materials is striking
(Cottrell, Reference 5), such that useful inferences
may be made from unrelated materials. With soil
materials, such analogies are valuable, since it is
not easy to determine, with confidence, the analytical
form of the creep-time curve.

In rocks, creep is thought to result from micro-
fissuring and recrystallization {Robertson, Reference
16). In clays, the primary and secondary compressions
have been associated with "diffusion" and "viscous™
processes {Walker, Reference 19; also see Barden and
Poskitt Reference 3). However, for most materials,
an essential feature appears to be the absence of an
equilibrium condition, as for primary consoclidation as
U+ 1, and thus most postulated creep equations have
no strain asymptote for large time (t + =)*, Further,
whereas the rate of consolidation settlement is
uniquely specified by U**, no such relationship is
possible for creep, and direct interpretation of
settlement - time data is unlikely to be possible.

It has been established from the theory of
sbsolute reaction rates (Glasstone, Laidler and Eyring,
Reference 8) that steady state creep rates vary with
temperature and stress according to equation 1.

. Q . a
%‘ « exp EET—J sinh (E;—J (1
[a]
Transient creep, however, (& variable with time) is
normally described by empirical expressions only,
although the logarithmic form (equation 3} can be
derived from exhaustion theory (Wyatt, Reference 21).

In one of the earliest systematic studies of creep,
Andrade (Reference 1) obtain?d the relation

€ = g+ at /3 + bt

{2)

* Notable exceptions are the Glanville equation for
concrete {see Murrell and Misra, Reference 12), and
expressions resulting from the Kelvin-Voigt and
Burgers models (Robertsen, Reference 16).

1

**  For example, when U < 0.5, U« i
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It is not unlikely, therefore, that a foundation
on creep sensitive rock may incur local peripheral
fractures, Whilst there may still be a substantial
factor of safety on general shear failure, local
failures will result in a certain redistribution of
stress, and may have a significant bearing on settle-
ment behaviour.

The secondary features resulting from local
shear failures will evidently be similar to those for
stress changes, except in so far that their influence
extends over a rather greater time. It is probable
that fracture initiation involves a period of
tertiary creep (Figure 1}, which may be reflected in
the overall deformation rate (Figure 6) during the
period of fracture initiation,

VI CONCLUSION

Some aspects of the behaviour of a creeping
foundation have been examined analytically, and, in
particular, those factors which interrupt or obscure
ideal behaviour. In each case, it is shown that a
single interpolated curve on a strain v. time graph
will significantly over-estimate future settlements.
Such complications make the analysis of a creep-time
graph virtually impossible, and any fruitful analysis
should be made by way of creep rates,
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